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Improving Vibrating-Wire Noise Immunity  
Using Spectral Analysis 

Ken Stevens1, Larry Jacobsen2, Tom Weinmann3, Gray Mullins4 

Abstract: Because vibrating-wire gages offer long-term stability, engineers often use them in static structural 

monitoring applications to measure strain and displacement. Vibrating-wire sensors are durable, stable, and 

accurate when making various measurements over extended periods of time. They have been used to measure 

strain, pressure, tilt, displacement, and load, and are found in structural, hydrological, and geotechnical 

applications. Traditional time-domain methods that read vibrating wire sensors suffer from susceptibility to 

external noise, sometimes rendering measurements unusable. This paper describes a new method using spectral 

analysis for vibrating-wire sensors, resulting in improved noise immunity. In a representative noise test, spectral 

analysis produced frequency errors of less than ±0.02 percent of reading compared to errors exceeding 

100 percent of reading using traditional methods. The new spectral analysis also improves measurement precision 

in the absence of external noise, achieving a precision of 0.001 Hz rms. 

Keywords: vibrating wire, spectral analysis, noise immunity, time domain 

Introduction 

Structural and geotechnical engineers often use 

vibrating-wire sensors to measure strain, pressure, tilt, 

displacement, and load. These sensors have a reputation 

for being accurate, stable, and durable—making them 

well-suited for long-term static monitoring. Despite 

their acceptance, vibrating-wire sensors are sometimes 

plagued by a susceptibility to external electromagnetic 

noise. This weakness can produce unusable data, 

requiring data analysts to devote considerable effort to 

qualifying their data. This susceptibility to external 

noise is especially difficult in real-time alarm systems 

where post-collection analysis is not possible. 

This paper discusses a new frequency-domain 

approach that uses spectral analysis to read vibrating-

wire sensors, which improves noise immunity when 

compared to traditional time-domain methods. Fig. 1 

shows this improved noise immunity when a drill motor 

was turned on near a vibrating-wire strain gage. 

Although the actual strain changed by only a few 

tenths of a µstrain during the test, the time-domain 

analysis gave errors of 12,000 µstrain. As shown by 

Fig. 2, the spectral analysis gave errors of typically less 

than ± 0.5 µstrain during the same noise event. 

                                                      

1
 Industrial Group Manager, Campbell Scientific, Inc., 815 W 1800 N, Logan UT, 84321 Email: kstevens@campbellsci.com 

2
 Vice President of Research, Campbell Scientific, Inc., 815 W 1800 N, Logan UT, 84321 Email: ljacobsen@campbellsci.com 

3
 Principal and Group Manager, CTL Group, 5400 Old Orchard Road, Skokie, IL. Email: tweinmann@CTLGroup.com 

4
 Associate Professor, University of South Florida, 4202 E. Fowler Ave., Tampa, FL. Email: gmullins@eng.usf.edu 

Fig. 1. Comparison of noise immunity of time-domain 

analysis with spectral analysis during a noise event 

Fig. 2. Zoomed y-axis with the data in Fig. 1 
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This paper describes the old and new processing 

methods and describes two monitoring applications that 

use the new spectral analysis approach to reading 

vibrating-wire sensors. 

Vibrating-Wire Measurement Principle 

A vibrating-wire sensor couples an external physical 

parameter, for example strain or displacement, to the 

tension of a taut wire within the gage. Because the 

tension in the wire is related to the wire’s fundamental 

resonant frequency (see Equation 1), measuring the 

resonant frequency of the wire measures the external 

physical parameter.  

f = k σ
½

                   (1) 

where f = fundamental resonant frequency 

k = combined wire constants 

σ = wire tension (force/area) 

The taut wire in a vibrating-wire sensor is similar 

to a guitar string. By increasing the tension in the wire 

(or guitar string), the wire’s resonant frequency 

increases. While energy is coupled to a guitar string by 

plucking it, energy is coupled to the wire in a vibrating-

wire sensor with a frequency-swept magnetic field that 

is included in the sensor (see Fig. 3). Once the wire is 

vibrating, data-acquisition equipment determines the 

resonant frequency of the wire and converts this 

resonant frequency into the desired engineering units. 

The following section describes the traditional time-

domain approach used to determine the wire’s resonant 

frequency. 

Reading Vibrating-Wire Sensors: Time-
Domain Analysis 

The traditional method for reading vibrating-wire 

sensors analyzes the response from a sensor as a 

function of time using period averaging. This technique excites the wire and measures the average time between a 

predetermined number of positive-slope zero crossings in the wire’s response to give the wire’s resonant period. 

Fig. 4 demonstrates this process. The resonant frequency is the reciprocal of resonant period. 

In a low-noise environment, this is an effective method of determining the resonant frequency of the wire. It 

has been successfully integrated into many data acquisition products that simplify its application with dedicated 

hardware modules, programming instructions, and software. This approach struggles, however, in noisy 

environments, as shown by the erroneous readings in Fig. 1.  

Fig. 5 shows the problem of measuring zero crossings in the presence of external noise. The external noise 

disrupts the signal, erroneously removing zero crossings. In general, external noise may introduce errors by 

adding zero crossings to, or by removing zero crossings from, the uncorrupted signal. 

Fig. 3. Vibrating-wire measurement principles 

Fig. 4. Vibrating-wire time-domain response function 
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Even with this difficulty, engineers are sometimes 

able to gather useful data in noisy environments. 

However, this requires extra effort to eliminate noise 

sources or schedule measurements around periods of 

increased noise. An alternative approach requires data 

analysts to identify and discard bad data by comparing 

measurement data before and after noise events. 

Given these challenges, instrumentation engineers 

set out to find a method to determine the resonant 

frequency of vibrating-wire sensors with improved 

noise immunity. The following section describes this 

method. 

Reading Vibrating-Wire Sensors: Spectral 
Analysis 

The spectral-analysis approach analyzes the response of 

the wire as a function of frequency. Because we are 

trying to determine the resonant frequency of a 

tensioned wire, then it makes sense to analyze the 

response of that wire as a function of frequency, rather 

than time. The approach applies a Fourier transform to 

the sampled response to move it from the time-domain 

to the frequency domain (see Fig. 6). By identifying the 

frequency of the peak response from the resulting 

spectrum, we have identified the resonant frequency of 

the wire. 

With the data converted to the frequency domain, 

the sensor's resonant frequency can be determined even 

in the presence of external noise. As shown in Fig. 7, 

spectral analysis allows us to distinguish the sensor’s 

response from the noise. 

Spectral analysis also provides improved 

measurement precision in the absence of external noise 

(Fig. 8). Vibrating-wire sensor manufacturers typically 

want to resolve changes in resonant frequency to 

0.1 Hz. Time-domain analysis, in the absence of noise, 

can achieve measurement precision of 0.01 Hz rms. 

Spectral-analysis achieves measurement precision of 

0.001 Hz rms, a significant improvement. 

Transforming the sensor's response from the time 

domain into the frequency domain provides additional advantages—specifically, diagnostics that are not available 

with the time-domain approach. These include (see Fig. 9) signal amplitude, signal-to-noise ratio, and competing 

noise frequencies. These diagnostics are useful for a variety of purposes including validating measurements, 

understanding and identifying noise sources, and determining long-term sensor health. 

In summary, the spectral-analysis approach provides noise immunity, improved measurement resolution, and 

useful diagnostics for reading vibrating-wire sensors—all significant improvements to those who rely on 

vibrating-wire sensors. 
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Implementation of the Spectral Analysis 
Technique 

The usefulness of spectral analysis to read vibrating-

wire sensors depends on its suitability for field use. The 

device must be cost effective, rugged, low power, and 

easily integrated with existing data-acquisition 

equipment.  

Campbell Scientific, a data-acquisition company 

based in Logan, Utah, previously developed time-

domain methods to read vibrating-wire sensors. Armed 

with this experience, instrumentation engineers at 

Campbell Scientific developed a new vibrating-wire 

readout module that incorporates spectral analysis 

(patent pending). This new module, the model AVW200, excites the sensor's wire, samples the response, applies 

the Fourier transform, and returns the measurement result and diagnostics to the datalogger—all within two 

seconds. 

The AVW200 and its wireless counterpart, the AVW206, have been available since early in 2008. Since then, 

they have been successfully used in a number of applications. The following sections describe how the new 

technology benefited two large bridge projects: the widening of the Huey P. Long Bridge in Louisiana, and the 

reconstruction of the I-35 St. Anthony Falls Bridge in Minnesota. 

Case Study 1: Huey P. Long Bridge Widening Project  

The four main spans of the Huey P. Long Bridge 

extend nearly 2400 feet over the Mississippi River in 

New Orleans, Louisiana. (Fig. 10) This cantilevered 

steel through-truss bridge opened to traffic in 1935 and 

is owned and operated by the New Orleans Public Belt 

Railroad. The bridge currently carries dual rail lines 

between the trusses and two lanes of vehicular traffic 

cantilevered to the exterior of each truss. Based on the 

need to improve vehicular traffic flow and constraints 

due to uninterruptible rail traffic, the Louisiana 

Department of Transportation and Development (LA 

DOTD) decided to widen the bridge rather than replace 

it. 

The bridge widening will facilitate an increase in 

roadway width on each side of the bridge from its 

current width of 18 feet to 40 feet. The widening will 

entail the addition of upstream and downstream trusses 

parallel to the existing truss. The bridge piers are being 

modified with additional concrete encasements and 

steel frame to support the two new widening trusses 

(Fig. 11).  

A structural health-monitoring program is included 

in the construction contract as a proactive measure to 

assess whether the anticipated amount of load is being 

transferred from the widening truss members to the 

existing truss members. 

 

Fig. 10. Huey P. Long Bridge 

Figure 11. Rendering of planned renovation 
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CTLGroup was awarded the contract to design and install the truss monitoring system according to the 

specifications for the Huey P. Long Bridge widening project. The truss monitoring specification required the 

following: 

• Determination of initial dead-load stresses in existing eyebar members 

• Installation of strain gages for measurement of construction-related stresses in 433 members 

• Installation of strain gages for measurement of live-load stresses in 31 members 

• Installation of biaxial tilt meters on each of the five existing bridge piers 

• Monitoring system to read the gages, make comparisons with predicted values, and provide daily reports 

throughout the three-year construction process 

• Performing load testing to calibrate the monitoring systems 

A total of 433 existing truss members are monitored with an array of 827 static and dynamic strain gages 

designed to measure axial and bending load effects. In addition, tilt meters monitor the inclination of the piers. 

For the static system, CTLGroup chose vibrating-wire strain gages based on cost, built-in temperature 

compensation, and the ability to run long distances with lead wires. 

The truss-monitoring data-acquisition system is composed of two separate monitoring systems: a static-load 

monitoring system and a live-load monitoring system (Fig. 12). The static system uses 23 track-side-mounted 

Nema enclosures that contain AM16/32 multiplexers to read 777 vibrating-wire sensors on 433 members. In 

addition, five piers were monitored using ten vibrating-wire tilt meters as well as ambient temperature, wind 

speed, and wind direction. Because of the need for wireless communication between multiplexers, dataloggers, 

and central computer, the system was configured using a combination of 24 AVW206 modules and RF401 spread 

spectrum radios. The multiplexers read the sensors, perform the signal processing, and transmit the data 

wirelessly to one of four CR1000 data loggers mounted on the track-side hand rail. These dataloggers then 

transmit the data wirelessly to the MTI office trailer approximately one-fourth mile from the bridge site.  

The purpose of the system is to measure stresses (strains) in identified members and compare with predicted 

response during the bridge-widening construction process. This is accomplished by: 

• Establishing limits for predicted response for staged construction 

• Accounting for baseline fluctuations (traffic/locomotive loads and temperature effects) 

• Comparing measured with predicted response 

• Automated flagging of limits outside of predicted response 

The system runs continuously and collects data approximately once every ten minutes. It posts the data to a 

password-protected website. The website visually flags (by color) data that are outside predetermined limits. 

With hundreds of vibrating-wire sensors involved, this monitoring project provided an appropriate setting to 

apply the new spectral-analysis method. The outcome was very positive. Historically, an application with so many 

vibrating-wire measurements would require extra effort 

to validate measurements and identify noise-

compromised data. Typically, some data would be lost 

due to noise interference. In this case, however, 

spectral analysis eliminated noise issues. No data were 

lost, and no extra effort was needed to identify noise-

compromised data. 

The diagnostics provided by the new method also 

proved to be beneficial, and they were used extensively 

throughout the project. CTLGroup reported that it 

could not have completed the monitoring project 

without the AVW206. Though they have previously 

used time-domain solutions, this experience has put 

them solidly behind the spectral analysis method. 

 

Fig. 12. Placement of gages 
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Case Study 2: St. Anthony Falls Bridge Foundation Monitoring 

On August 1, 2007, the I35W St. Anthony Falls Bridge over the Mississippi River in Minneapolis, Minnesota, 

collapsed in the middle of rush hour. The collapse killed 13 people and opened the eyes of policymakers and 

engineers alike to the serious nature of America’s failing infrastructure. A tremendously cooperative effort to 

quickly and safely replace the bridge resulted. It harnessed today’s technologies and continues to provide insight 

into bridge performance and long-term health. To that end, a program was instituted to show how internal 

instrumentation could be used to increase quality assurance, monitor construction loads, and subsequently show 

traffic- and wind-load effects on the long-term pier performance. 

This was the first part of a larger program involving the entire bridge, and pertained only to one of the three 

elevated piers, specifically the Southbound Pier 2 columns and foundations. Therein, two types of strain gages 

and thermometers were installed to monitor three phases of the bridge and foundation system: (1) internal 

concrete curing temperature of the foundation elements, (2) construction loads, and (3) long-term health.  

Four levels of six strain gages each were installed in two of the eight 100-ft-deep drilled shaft foundation 

elements (48 gages total). Gage levels were designated to identify load-carrying contributions from various soil 

layers. These levels were at the top of shaft (ground surface), top of soft rock, top of competent rock, and bottom 

of shaft. 

Each gage level consisted of four vibrating-wire strain gages positioned at quarter points around the 

circumference of the shaft cross section. Two of the four vibrating-wire gages at each level were coupled with a 

resistive strain gage situated at opposite sides of the shaft. This scheme provided long-term stability with the 

slower vibrating-wire gages along with fast measurements from the resistive gages during dynamic events. 

In addition to the foundation measurements, two levels of four vibrating-wire strain gages were installed in 

 
I-35 St. Anthony Falls Bridge
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the two columns supporting the two southbound concrete box girders (16 total vibrating-wire gages). The first 

level was at the mid-height of the columns; the second was at the base of the column. Mid-level gages were 

duplicated with resistive strain gages for measuring short-duration transient events. 

Two separate data acquisition systems were used to measure the vibrating-wire and resistive strain gages. The 

vibrating-wire gages were read with the AVW200 and recorded with a CR1000 datalogger, including the 

vibrating-wire internal thermistor recordings. The resistive gages were measured with Campbell Scientific’s 

CR9000 high-speed data-acquisition system. Vibrating-wire gages were sampled every two minutes, and the 

sample period was later slowed to a 15-minute interval. Resistive gages were sampled at 100 Hz and the average, 

maximum, and minimum values were recorded every 15 minutes. Both systems were self-powered with solar 

panels and deep-cycle batteries, and each system uploaded data to a remote host server using cellular modems. 

This arrangement allowed the data acquisition systems to operate independently of on-site construction power and 

communications, and they did not interfere with day-to-day construction activities. Key aspects to both data 

acquisition systems were remote data monitoring, remote program downloading, and remote reconfiguration as 

the data acquisition requirements increased and decreased. 

Phase 1 involved internal concrete temperature monitoring. The embedded thermistors internal to the 

vibrating-wire strain gages provided one means of assuring that concrete temperatures stayed within acceptable 

ranges. Fig. 13 shows the internal shaft temperature at each of the gage levels over the course of shaft and footing 

construction.  

Phase 2 monitored increasing loads and how those loads were distributed down the length of the shafts as 

construction progressed. Fig. 14 shows the load on one of the shafts beneath the Pier 2 footing, along with 

construction milestones. This figure shows that almost 800 kips of the 3500-kip total shaft load was resisted in 

end bearing, and that about half the remaining load was carried by the rock layers side shear. Load steps are 

evident between May 29 and July 9, showing the placement of each of the 15 box-girder segments. 

Phase 3 is ongoing.  It uses the calibrations and correlations derived during Phase 2 to monitor the long-term 

health of the bridge. Variations in shaft and column loads can identify aberrant conditions, and alert officials to 

take appropriate actions. 
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This project, as with Case Study 1, was well-suited to demonstrate the benefits of the spectral analysis method 

for reading vibrating wire sensors. Not only did this project involve a large number of vibrating-wire sensors, but 

the setup was located 5 ft from a 1000-KW generator. As before, the outcome was very positive. Even with the 

large generator nearby, no data were lost due to noise, and no extra analyses were needed to determine if 

measurements had been compromised by noise. In fact, the raw data were posted automatically to a publicly-

available website every 15 minutes, without review or qualification. Because of the success of the new method in 

this project, the program manager already has plans to make it a part of two future bridge-monitoring projects. 

Conclusion 

This paper introduced spectral analysis as an improvement over the traditional time-domain approach to read 

vibrating-wire sensors. Spectral analysis improves immunity to external noise, provides better precision, and 

gives useful measurement diagnostics. These benefits have been validated in the field with the AVW200 vibrating 

wire spectrum analyzer. The new approach has been successfully applied in large and small monitoring projects, 

and it was key to the success of the two bridge projects described above—eliminating noise as a factor in 

vibrating wire measurements. As a field-proven technology with clear theoretical support, spectral analysis is a 

major step forward in vibrating-wire measurement technology and should replace the traditional time-domain 

approach. 
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     Interstate Highway I-35, through Minnesota, has a north-south orientation but I-35 W 
serves to tie together the easterly north leg and the westerly south leg as a connector, 
through the city of Minneapolis. This highway connector meets I-35, from the north, just 
north of the Mississippi River at St. Anthony Falls and turns west after crossing the river 
with the new, eight lane, highway bridge. Its predecessor collapsed on August 1, 2007 at the 
peak of the afternoon rush hour traffic. This collapse killed 13 people and opened the eyes 
of policy makers and engineers alike to the serious nature of America’s failing infrastructure. 
     A tremendous cooperative effort ensued to quickly and safely replace the bridge. The 
urgency of this task opened minds and softened attitudes resulting in the harnessing of the 
latest technologies to build and monitor the long term performance of the structure. To that 
end, the goal of the Federal Highway Administration, through their consultants (the 
University of South Florida, Tampa and Foundation & Geotechnical Engineering, Plant 
City) determined how internal instrumentation could be utilized to increase quality 
assurance, monitor construction loading, and subsequently show traffic and wind loading 
effects for the long-term pier performance. 
     This was the first part of a larger program involving the entire bridge structure and 
included only the South Bound (SB) Pier 2 columns and foundations. Therein, two types of 
strain gages and thermocouples were installed to monitor three conditions of the bridge’s 
foundation system: (1) the curing temperatures of the concrete foundation elements, (2) 
construction loading effects on these foundation elements, and (3) long-term monitoring of 
the structural elements as they continue to perform.  
     For the sake of brevity I will only focus on the construction load monitoring, item (2) 
above. Many of the design assumptions used by the engineer are based on probability and 
historical, codified data (Design Codes). However, with the new sensor technology and 
remote accessing it will be possible to view in real-time the structural responses to a wide 
range of loading conditions. With this knowledge one can determine the efficiency of the 
design and may be able to foresee areas that may be working close to their ultimate capacity 
so remedial measures can be put in place before an ultimate condition is encountered. 

I-35W Bridge Replacement, With an Ounce of 
Prevention 

 

http://projects.dot.state.mn.us/35wbridge/ 

     The traditional engineering design uses margins of error (safety factors) 
which will inflate the predicted loads, reduce the estimated capacity of the 
structure or include a combination of the two. The result is that the worst case 
scenarios, that control the design, may never occur and; hence, the structure’s 
design is never fully verified and optimized. One way for the design engineer to 
confirm and safely optimize his design is to accurately determine the loading as 
it is applied and actually view the structures response to these loads. 
     The FHWA goal was to establish a prototypical, monitoring system ( at Pier 
2 South) for the expedited, I-35W  bridge replacement program in order to 
develop a data-base that will more accurately  describe the loading / structural 
response conditions during construction and for both short and long-term 
operational aspects for this type structure. The monitoring for the entire  
Bridge, including the prototypical work by USF/FGE at the SB, Pier 2, will be 
carried on by the Minnesota Department of Transportation in conjunction 
with the University of Minnesota.  
     The structure is founded on steel H sections at the south abutment and on 
drilled shafts at Piers 2, 3, and 4. The superstructure is a combination of cast-
in-place (cip), concrete box-girders built on false-work at the two side spans. 
The main spans are pre-cast, segmental, concrete box-girders built in free 
cantilever. The main span piers are positioned on footings that are supported 
on drilled shafts. Instrumentation for two of the eight drilled shafts at SB, Pier 
2 included four levels of 6 strain gauges in these 100’ deep shafts. Gauge levels 
were designated so as to identify load carrying contributions of the various 
levels of rock formations along the shaft lengths. Gauge levels were at the top 
of shaft (ground level), top of soft rock, top of competent rock and at the 
bottom of the shaft.  
     Each gauge level consisted of 4 vibrating wire (VW) strain gauges 
positioned at quarter points around the circumference of the shaft cross 
section. Two of the four VW gauges at each level were coupled with resistance 
type strain gauges which were situated at opposite sides of the shaft. This 
scheme capitalized upon the long term stability associated with VW strain 
gauges and their capability to take instantaneous readings from dynamic 
loading events. 
     The attached graph (below) clearly charts the evolution of the construction 
loads and their accumulation onto the drilled shafts. Correspondingly, we can 
see how resistance to these loads is distributed: Sh2 Lev 1(top of Drilled shaft) 
= 3200 kips; Sh2 Lev 2 = 1500 kips; Sh2 Lev 3 = 900 kips and Sh2 Lev 4 = 
800 kips.
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Statnamic Damping Coefficient:
Numerical Modeling Approach

Michael Stokes, S.M.ASCE1; Gray Mullins, M.ASCE2; Carl Ealy, M.ASCE3; and Danny Winters4

Abstract: The damping associated with dynamic or statnamic tests has typically been over simplified to provide a “catch-all” factor for
those responses that could not be fully accounted for using present analyses. This factor has historically been considered constant for a
given pile–soil system, but recent investigations as well as previous case studies show the plausibility of another explanation. This study
hypothesizes that damping is more closely associated with the increase in strain and not the total strain. Therein, the change in the
volumetric strain is being scrutinized to investigate its relationship to damping. To validate this assumption, a numerical model is created
which simulates the testing of a full-scale drilled shaft and results analyzed to determine the extent of the zone of influence and volumetric
contribution to damping.
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Introduction

In the area of quality assurance of foundations, numerous factors
play into providing safe, reliable structures. These include, but are
not limited to, preconstruction soil investigations, structural ma-
terial properties, construction methods, inspection methods, and
postconstruction verification load testing. In actuality the latter
provides proof that all the rest were perhaps adequately ad-
dressed. Rapid load testing �such as statnamic� is one such
method that assures a foundation can adequately support the an-
ticipated design loads.

Rapid load tests �ASTM 2006� are categorized as being faster
than static testing �ASTM 1981� while being longer in duration
than dynamic testing �ASTM 2000�. The significance lies in the
analysis of the foundation response to such a loading. The rapid
nature of the test induces foundation acceleration, but the rela-
tively long duration when compared to dynamic tests simplifies
the regression as no wave mechanics analyses are necessary. To
date, single degree of freedom systems have adequately modeled
the foundation response so as to ascertain a predicted ultimate
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static equivalent. Refinements to these methods continue to
evolve that further the understanding of all rapid loading events
as well as similarly modeled dynamic events. One such refine-
ment is presented herein.

Background

The impulsive nature of a statnamic test introduces rate-
dependent components to the static response of a foundation. As-
suming a single degree of freedom, lumped mass system, the
equation of motion describing a statnamic event is

Fstatnamic = kx + ma + cv �1�

where Fstatnamic=applied force; kx=desired equivalent static re-
sponse �theoretical spring force�; m=mass of foundation and soil
contributing to inertial effects; a and v=acceleration and velocity
of the foundation, respectively; and c=damping coefficient. In
almost all geotechnical applications, the damping force �cv� at-
tributed by soil is regarded as viscous in nature. All values re-
quired for solving the equivalent static response are either
recorded or can be easily found save two, the spring constant �k�
and the damping coefficient �c�. As the foundation response is
nonlinear, the kx term �which is the equivalent static response�
remains coupled as a single unknown. This leaves two unknowns
and one equation.

One of the most common methods to solve Eq. �1� from
statnamic test data is the Unloading Point Method, �UPM, Mid-
dendorp et al. 1992� or some variations such as the Modified
Unloading Point, or Segmental Unloading Point �Mullins et al.
2002�. These methods make two critical assumptions regarding kx
and c: the static capacity of the pile or pile segment is constant
while plunging and the damping coefficient is constant through-
out the test. With these two assumptions in place, it is possible to
determine the damping coefficient, and thus the equivalent static
response.

Two points on the statnamic load–displacement curve are of
particular interest when performing these procedures �Fig. 1�: the

point of maximum statnamic force �1� and the point of maximum

EERING © ASCE / SEPTEMBER 2008
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displacement �2�, where the velocity of the foundation and result-
ing damping force �cv� equals zero. This first point corresponds
to a point of yield �or postyield� on a theoretical static curve �1��;
the second corresponds to the point of maximum displacement
�2� � and is referred to as the unloading point. At that instant, the
static capacity can be determined using

Fstatic = kx = Fstatnamic − ma �2�

The value of kx is determined and assumed constant from Points
�1� to �2�. This enables the damping coefficient to be calculated
within this range. Typically, either the average or median value of
c is taken, but reviewing the overall trend may lead to a more
appropriate value �Transportation Research Board 2003� �Fig. 2�.

As the UPM determines the damping coefficient between
Points �1� and �2�, it effectively determines the ultimate capacity.
However, it has been shown that at smaller displacements, in the
more elastically responding regions of the loading, that same
damping coefficient is not appropriate. Therein, the damping co-
efficient may not actually be constant throughout the entire load-
ing event when plastic deformation is achieved. This is likely to
be a by-product of the size of the zone of influence engaged by
the pile at a given degree of loading; this concept forms the basis
of this paper.

Fig. 1. UPM time window for c determination �adapted from Trans-
portation Research Board 2003�

Fig. 2. Variation in c between times �1� and �2� �adapted from Trans-
portation Research Board 2003�
JOURNAL OF GEOTECHNICAL AND GEOEN
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Case Studies

Previous studies have shown that the statnamic damping coeffi-
cient as defined by Eq. �1� is not constant throughout the entire
load test, but decreases from a higher, preyield value. These con-
clusions were based on the rationale that the damping force, cv,
accounts for all differences between the inertia-corrected stat-
namic force and the observed static capacity as shown in the
rearranged configuration of Eq. �1�

cv = �Fstatnamic − ma� − Fstatic �3�

Case 1: Shallow Foundations. The first of these studies �1997�
involved a series of static load tests �SLT� and statnamic �STN�
tests conducted at the Turner-Fairbanks Highway Research Center
�TFHRC� in McClean, Va. �Mullins et al. 2000�. Therein, three
side-by-side footings founded in sand were tested. The first �Test
1� of the three was loaded statnamically with four incrementally
increasing load cycles up to and beyond the bearing capacity �two
cycles under-yield and two beyond-yield�. The second footing
�Test 2� was tested statically to a displacement that fully defined
failure. The third �Test 3� was loaded with a single statnamic load
cycle that again reached bearing capacity.

When comparing the true static capacity measured from Test 2
and the UPM-derived static capacity from Test 3, good agreement
was found for the ultimate capacity but a significant variation was
noted in the response prior to yield �Fig. 3�.

The difference between the inertia-corrected load of Test 3 and
the static capacity of Test 2 was then determined at each displace-
ment and used to backcalculate the damping coefficient that sat-
isfied Eqs. �1� and �3� for the corresponding velocity. Fig. 4
shows the inertia-corrected statnamic load response and the true
static as well as the damping coefficient backcalculated from the
two tests. The reported results indicated that the damping coeffi-
cient decreased in value by more than 50% after shear failure
occurred.

Similarly, the UPM-derived damping coefficients for each of
the four cycles of Test 1 �denoted in Fig. 4 by Test 1-1, Test 1-2,
Test 1-3, and Test 1-4� showed similar values for like displace-
ments or degrees of loading when compared to the backcalcu-
lated. The failure envelope defined by Test 1 was slightly higher
than the static envelope defined by Test 2. This deviation was
attributed to slight densification caused by the four progressive
load cycles.

Case 2: Pile Group Tests. A second case study showing dis-
crepancies in the assumed constant damping coefficient was also

Fig. 3. Static/derived static comparison �adapted from Mullins et al.
2000�
conducted at the TFHRC but by Ealy and Justason in 1996 on a
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small scale driven pile group �Ealy and Justason 2000�. The group
consisted of nine, 75 mm diameter, 3.6 m long piles arranged in a
3�3 configuration. Test procedures included: static quick test,
constant rate of penetration, and statnamic. The purpose of the
study was to show the similarities and/or differences in the load-
settlement response when subjected to a range of loading rates.

With regards to the effects of damping coefficient selection,
coefficients ranging from zero to twice the UPM-derived value
were input to illustrate the variations in the derived static capac-
ity. In general, very little difference could be noted in the elastic
regions of the curves with more pronounced variations at pos-
tyield displacements �Fig. 5�. These findings highlighted the sen-
sitivity of the derived static response to selection of a damping
coefficient when compared to an inertia-corrected statnamic re-
sponse where no damping is subtracted �curve corresponding to
c=0�. When compared to the findings of the static test, a damping
coefficient value of approximately 30 kN s /m was found to match
most closely �Fig. 6�. The authors concluded that even though the
UPM-derived static response was reasonable when compared to
the static, the overall shape of the curves did not follow the static
or the CRP test results exactly. They continued by stating that
perhaps a more sophisticated damping coefficient may be appro-
priate to more closely match the true static response. Fig. 6 shows
similar results to that observed in Case 1 whereby the authors
performed the same type of backcalculation to develop a trend of
actual damping versus displacement.

Fig. 4. Backcalculated damping coefficient from plate load tests
�adapted from Mullins et al. 2000�

Fig. 5. Sensitivity of derived static curve �from statnamic� to values
of damping constant c �adapted from Ealy and Justason 2000�
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Case 3. Small scale drilled shafts. This study involved the
static and statnamic testing of 3 m long, 11.4 cm diameter shafts
cast in the TFHRC test pits in 2004. Therein, 8 shafts were con-
structed using full length temporary casing and duplex drilling
�drilling and casing advancement together� through sand. The use
of full length temporary casing ruled out variations in side shear
from slurry properties and/or their effects. The water table was
maintained below the tip of the shafts during installation and the
concrete was placed by free fall into the cased hole. A single
12 mm reinforcing bar was centrally located, which was instru-
mented with strain gauges for end-bearing delineation. All shafts
were tested statically and statnamically, but in various orders de-
pending on location. Most shafts were tested with three cycles,
either STN/SLT/STN or SLT/STN/SLT. This allowed subtle
changes in the strength envelope to be identified when trying to
compare two consecutive tests that should have been identical.
However, in this loose sandy soil, all tests after the initial load
cycle appeared to fail at the same load and displacement with a
similar response. Fig. 7 shows the comparison of the static and
statnamic testing along with the UPM-derived and backcalculated
values for the damping coefficient.

In all the cases cited, two apparent damping responses appear
to have existed: a preyield or preshearing value and a lesser pos-
tyield value linked by a rapid transitional period. It is at this
transitional point that the radius of the zone of influence is

Fig. 6. Theorized variation in damping versus settlement �adapted
from Ealy and Justason 2000�

Fig. 7. Comparison of true damping and UPM damping
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thought to collapse such that only the soil remaining within close
proximity of the shear interface contributes to damping. Numeri-
cal modeling which is presented later was undertaken to shed
some insight. Full details regarding each case study can be found
in Mullins et al. �2000�, Ealy and Justason �2000�, and Mullins
and Stokes �2007�, respectively.

As damping is caused by energy loss due to soil–particle in-
teraction as well as the rate at which they interact, the size or
volume of the soil affected by the loading event should be directly
related to damping. The energy associated with damping is lost
and not stored, therefore it is dependent on soil undergoing active
strain at a particular instant and not the cumulative amount of
strain experienced throughout the entire loading event. It is hy-
pothesized, herein, that the damping coefficient at a given dis-
placement is closely related to the instantaneous volume change
of the soil surrounding the foundation. Up to the point of shear
failure around a pile, the radius of the affected soil and the strain-
ing volume increases; upon shearing, the more distal soils no
longer continue to strain, and the radius of the zone and the vol-
ume of actively straining soil decreases. The changing volume of
strained soil signifies a change in the energy absorbing potential
of the soil matrix �the damping coefficient, c�.

Impulse Response

A side issue relevant to the idea of a higher preyield value of the
statnamic damping coefficient, but nonrelated to the changing
volume of strained soil, is the investigation into the “impulse
response” of a statnamic test. The term is used to describe the
foundation response due to the applied force over time, or im-
pulse, and is not to be confused with the low-strain, nondestruc-
tive test used in the evaluation of deep foundations. It is
introduced here only as additional support to the hypothesis and
does not intend to offer an alternative analysis procedure but to
merely serve as an indicator of damping variability. The previous
discussion defines damping as an energy-related phenomenon;
however, an indication of the variability of damping becomes
evident when considering the statnamic event in the time domain.

Load tests are typically conceived in terms of work-energy
principles �i.e., load–displacement graphs�. However, accelera-
tions inherent to dynamic events allow for exploration using prin-
ciples of impulse and momentum. If Eq. �1� is rearranged and the
integral taken with respect to time, the impulse imparted by the
inertia-corrected statnamic force can be characterized

� �Fstatnamic − ma�dt =� �kx�dt +� �cv�dt �4�

As the applied statnamic force and foundation acceleration are
measured and the system mass is assumed to remain constant
throughout the event, the inertia-corrected impulse on the left-
hand side of Eq. �4� can be easily calculated, at least in its discrete
or measured form. Taking the derivative of Eq. �4� with respect to
top of shaft displacement lends insight into how the impulse
changes throughout the loading event

d/dx� �Fstatnamic − ma�dt − d/dx� �kx�dt = d/dx� �cv�dt

�5�

In this form, Eq. �5� is particularly difficult to evaluate any fur-

ther. As it is hypothesized that the term c is not constant and
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likely a function of time or displacement, the damping force cv
cannot be legitimately uncoupled. However, the discrete form of
the equation at a given time step proves to be more manageable

�Fstatnamic − ma��t/�x = �kx��t/�x + �cv��t/�x �6�

or

�Fstatnamic − ma�/v = kx/v + c �7�

where c, v, a, Fstatnamic, and Fstatic are all functions of time and m
is assumed constant.

In this form �Eq. �7��, it is apparent that the derivative of the
inertia-corrected impulse �hereafter referred to as the impulse re-
sponse� is composed of two distinct terms, one of which is the
damping coefficient. The other term, �kx� /v, can be thought of as
a “mock” impedance, similar to what is used in pile driving
analysis. Though Eq. �7� could have been quickly reached by
rearranging Eq. �1� and dividing by v, the relevance of the pro-
cess comes from viewing the loading event in terms of an im-
parted impulse or area under the load pulse curve. When plotted,
the usefulness of this method becomes more transparent �Fig. 8�.

Fig. 8 represents the impulse response of the third case study
previously discussed as compared to the true and UPM calculated
damping coefficients. It offers an alternative to viewing the stat-
namic event as a load–displacement curve and represents the
graphical interpretation of Eq. �7� where the difference between
the impulse response and damping curves is attributed to the
equivalent static component, �kx� /v, or impedance. Though the
static component remains unknown, the predominant advantage
of viewing the event in this manner is the ability to clearly indi-
cate the transition between preyield and postyield conditions
without knowledge of the actual static capacity. Noting the simi-
larities between the impulse response and the true damping rein-
forces the hypothesis of a higher preyield damping coefficient.

Numerical Model

In order to test the hypothesized damping variation, a numerically
modeled shaft was generated and subjected to different simulated
loading scenarios. The purpose of the modeling was to isolate the
zone of influence around a loaded pile by determining both the
radial extent and the degree of volumetric change experienced in
these zones. Therein closer soils would experience more strain

Fig. 8. Comparison of true damping and UPM damping to the im-
pulse response of the inertia-corrected statnamic pulse
and more distal soils less. The total cumulation of the volume
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change within each soil element provides an indication of the
strain energy potential. Modeling of the zone of influence and the
soil parameters that affect this zone �e.g., soil type, soil strength,
and relative stiffness between the pile and the soil� were initially
conducted under static conditions in order to shed light on this
phenomenon without compounding the complexity from inertial
or damping forces. Parameters other than those directly related to
the surrounding soil matrix, such as pile diameter and length,
were held constant to eliminate the vast complexity of the system
and focus on a general understanding of the system response.
Though it is intuitive that the pile geometry largely influences the
size of the affected region of soil, it was the objective of the
modeling to merely identify the aforementioned phenomenon and
not to stage the development of correlations. Once a clear under-
standing of the soil/shaft interaction was obtained, complexity
was progressively added to the model.

The computer program chosen to perform the numerical mod-
eling was Fast Lagrangian Analysis Continuum �FLAC�. FLAC is
a two-dimensional explicit finite-difference program that proves
particularly useful in simulating the plastic flow of materials �e.g.,
soil, rock, and concrete� upon yielding. The materials are repre-
sented as elements that form an interlocking mesh. Once material
properties are assigned to each element, various loading condi-
tions can be applied to the matrix and the response of each ele-
ment recorded �Itasca Consulting Group, Inc. 2002�.

During the initial stages of development, several models were
investigated in order to determine the most appropriate model
size, model type, boundary conditions, and constitutive models.
An axisymmetric mesh containing nearly 1,800 elements ulti-
mately defined the 1 m diameter�10 m long shaft and the zone
of influence to a radial distance of 12D �12�shaft diameter� and
depth below the toe of 1

2L �1
2 �shaft length�. The axisymmetric

model proved most appropriate for the modeling of a cylindrical
shaft in a semi-infinite medium. Such an extreme radial boundary
was chosen as to ensure total inclusion of the entire zone of
influence. Though negligible effects were noted at the boundary,
the large model size was retained as a high-speed computer was
available to perform the finite-difference calculations effortlessly.
Velocities in the horizontal direction were fixed at the boundary
�12D�, thereby impeding horizontal displacements, although the
soil was allowed to undertake vertical displacements. This en-
sured that the soil was in no way forced to a preconceived vertical
displacement. The matrix was discretized into small regions
within close proximity to the soil/shaft interface that increased
geometrically in size with increasing radial distance. This refine-
ment ensured the capture of crucial information near the shaft/soil
interface that would otherwise go undetected with large elements.

Preliminary models were fraught with an overly elastic soil
behavior when using a linear-elastic, perfectly plastic material
with Mohr–Coloumb failure criteria. As more information was
required than a simple failure or no-failure scenario, it was nec-
essary to implement a more sophisticated model that could
closely represent the nonlinear behavior of soil. The soil was
eventually modeled as a nonlinear elastoplastic �hyperbolic
Duncan–Chang constitutive model�, homogeneous sand matrix
with properties corresponding to Standard Penetration Test �SPT�
correlations �Gunaratne 2006�.

An interface was defined to delineate the side of the shaft from
the adjacent soil. This interface was assigned stiffness values that
would eventually allow slippage along the boundary. However,
the interface was given properties synonymous with those as-
signed to the soil. Therefore, the strength of the shear interface

was the same as the strength of the surrounding soil �soil/soil
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interface instead of a concrete/soil interface�. This assumption
neglects reduced interface friction that can potentially happen
during wet construction of a drilled shaft when a slurry-cake lines
the insides of a borehole. The values assigned to the interface are
much more representative of a drilled shaft with rough sides con-
structed under dry conditions. It was also assumed that the intro-
duction of the shaft did not significantly alter the ground stresses
from their initial state.

Though all other parameters �soil type, shaft length, shaft di-
ameter� remained constant, successive models entertained SPT N
values of 20, 30, and 40 �Table 1�. This allowed for insight into
the effect of differing soil properties without individually varying
each soil property. It was envisioned that this approach may prove
more useful in identifying trends as there exists a high probability
that any future correlations developed from full-scale load tests
would likely be based on SPT results. Also, varying the in situ
soil conditions based on SPT N values allowed for a more man-
ageable testing matrix.

Statically Loaded Model and Results

Once the in situ soil conditions for the model were established, a
static load test was performed to a displacement in excess of
0.05 m �5% of the shaft diameter� to ensure full mobilization.
Load was applied to the top of the shaft in increasing 20 kN
increments with intermittent convergence criteria set to within
1 N. Fig. 9 shows the load–displacement curves for the three
different SPT N values. In order to ensure that the load–
displacement responses are reasonable, an envelope showing the
output from a drilled shaft design program �Shaft 1-2-3� �Mullins
and Winters 2004� is plotted with and sufficiently bounds the
computer-generated data.

Table 1. Model Soil Properties Corresponding to Standard Penetration
Test N Values

Soil properties

Standard penetration test N values

20 30 40

�a �kg /m3� 1.7 1.8 1.9

Ei
a �MPa� 19.2 28.8 38.3

Gi �MPa� 7.4 11.1 14.7

Ki �MPa� 16.0 24.0 32.0

� �degrees� 30.0 32.0 33.0

� 0.3 0.3 0.3
aFrom Shaft 1-2-3 �Mullins and Winters 2004�.

Fig. 9. Computer-generated static load–displacement curves
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Results from the static model show trends that are congruous
to the hypothesized soil behavior �Fig. 10�. It is apparent by ob-
serving the ground surface displacement profiles that the volume
of strained soil increases radially from the shaft to a point of
maximum volume prior to shear failure. Once shear failure is
reached, only the soil immediately surrounding the shaft signifi-
cantly displaces, thereby decreasing the actively affected zone, or
the zone of influence. For the purposes of this paper, the maxi-
mum significant radial extent of the zone of influence is deter-
mined by an arbitrarily chosen vertical displacement value of
0.0001 m. Displacements less than this limit were considered
insignificant.

Interestingly, the change in the cumulative volume �total vol-
ume lost due to the straining soil mass� throughout the static
loading �Fig. 11� mimics the trend in the load–displacement
curve. Further, by taking the displacement-dependent derivative
of the cumulative volume �derivative of cumulative volume with
respect to top of shaft displacement�, a trend appears which
closely resembles the damping noted by the aforementioned case
studies �Fig. 12�. In agreement with the backcalculated damping
coefficient from previous figures is the decreasing trend in dV /dx
or �V /�x, hereafter referred to as the displacement-dependent
volume change �DDVC�. Near the beginning of the load test,
there is a large change in volume. Shortly into the loading cycle,
the DDVC rapidly decays through a transition until ultimately
diminishing to a near constant value well into shear failure.

Fig. 10. Ground displacement profiles during a static load test �N
=20�

Fig. 11. Cumulative volume change �N=20�
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Though the trends noted in the numerical model are useful in
that the geometric shape of the curve provides insight into the
occurrence of significantly sizable events �point of failure denoted
by sudden stability of the DDVC� throughout the loading, it is
impractical, if not impossible, to capture soil displacement infor-
mation at every location within the zone of influence �especially
at depth�. If the numerical solution is to be useful, the model data
must be recorded in the same fashion as is plausible in the field.
For this reason, it is necessary to investigate alternative methods
of arriving at the displacement-dependent volumetric change.

An alternative method for calculating the DDVC involves re-
cording the ground surface profile �Fig. 13� of the surrounding
soil and determining the incremental loss of soil volume associ-
ated with the depressed surface. With the aid of current data ac-
quisition devices and displacement transducers, this method
becomes an attractive option for verifying this soil behavior dur-
ing shaft loading. Given an initial soil volume where the bound-
aries are located a sufficient distance away from the shafts as not
to experience any effects from the loading event �Fig. 14�, it is
reasonable to conclude that the incremental loss of volume at the
ground surface is the change in volume experienced by the sys-
tem. Indeed, a comparison of the DDVC calculated using both
methods shows the similarities �Fig. 15� and reinforces the valid-
ity and practicality of using soil surface measurements to indicate
total change in soil volume. This approach was then used for all
subsequent models with an understanding of the limitations of the
Duncan–Chang model. Though the model is able to address the
small strain nonlinearity necessary for determining the ground
surface profile, it does not address volumetric changes due to
dilation that may be present in stiffer soils.

Fig. 12. Displacement-dependent volume change �N=20�

Fig. 13. Modeled ground surface profile from a static load test
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Dynamically Loaded Model and Results

Once confidence was obtained in the results of the statically
loaded model, a more complex loading condition was applied to
the in situ conditions already established. Doing so provided a
means of comparing static and statnamic load test results on two
shafts of identical in situ conditions, a luxury not available during
full-scale piles load tests. Dynamic effects were introduced into
the computations by applying a simulated statnamic load pulse,
initially in the form of a sinusoidal function, then later as an
actual statnamic load pulse recorded during a typical load test.
This also required a modest modification to the model. In order to
minimize wave reflections, it was necessary to remove the previ-
ously fixed boundary conditions and apply normal and shear quiet
�viscous� boundary conditions to both the extreme radial and bot-
tom boundaries.

Data from the numerical run were recorded and analyzed using
the UPM �Fig. 16�. Similar to the previously mentioned research
results, the UPM satisfactorily predicted the static capacity near
the unloading point, but significant variation existed throughout
most of the test.

The large zone bounded by the maximum statnamic force and
maximum displacement afforded the opportunity to calculate the
UPM damping coefficient over a large percentage of the test. This
occurrence, coupled with the backcalculated damping coefficient,
allowed for a representative plot of the preyield, transitional, and
postyield statnamic damping coefficient �Fig. 17�. The overlap-
ping region between the true damping and UPM damping curves
shows agreement between the calculations and ultimately offers a

Fig. 14. Method of calculating the change in volume using the
ground surface profile

Fig. 15. Comparison of DDVC calculation methods for a static load
test �N=20�
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reasonable plot of a variable damping coefficient. Equipped with
this plot, it was desirable to determine the cumulative volume
change and its relationship to damping.

As it was predetermined from the static test results that an
idealized zone of influence could be described from the ground
surface profile alone, only nodal locations along the ground sur-
face of the model were monitored and analyzed to compute the
DDVC. As before, the cumulative loss in volume resulting from
the depressed ground surface profile was calculated. When taking
the change in the total volume with respect to top of shaft dis-
placement, the trend displayed notable geometric similarities to
the plot of the damping coefficient �Fig. 18�.

As with the results from the static model, the DDVC from the
dynamic model is large prior to yielding but decreases with the
damping coefficient. Near the end of the test, both the DDVC and
the damping coefficient increase rapidly to a very large value.
Similar calculations were conducted for the other specified soil
conditions �SPT N values corresponding to 30 and 40�. The same
trends were noted in all three in situ conditions �Fig. 19�. When
plotted with the DDVC from the accompanying static tests, it
becomes apparent that the loading rate has an effect on the mag-
nitude of the DDVC. Although the magnitude of the volume
change between the static and dynamic models is quite different,
it is reasonable when considering that inertial resistance intro-
duced by the soil during dynamic loading decreases the magni-
tude of the ground displacement. This rationale begs the validity

Fig. 16. UPM-derived static response for a statnamic load test �N
=20�

Fig. 17. Comparison of true damping and UPM damping using nu-
merically modeled results �N=20�
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of assuming a constant system mass throughout the test. Perhaps
the system mass as well as the damping coefficient is variable.

Also evident in Fig. 19 is the increase in the peak value of the
statnamic DDVC with increasing SPT N values. After shear fail-
ure, denoted by the drastic change in the corresponding static
DDVC curve, the statnamic DDVC for all three tests seemingly
converges asymptotically to a like value, similar to the true damp-
ing as seen in Fig. 20. Considering the relationship noted between
the DDVC and the true and UPM damping coefficients, it is pre-
sumable that the preyield value of the damping coefficient in-
creases in a similar manner with increasing soil strength �SPT N
value�.

Conclusions

The current, most widely accepted method for analyzing stat-
namic data is the Unloading Point Method �UPM�, or some varia-
tion thereof. There are two assumptions upon which the method is
based: the static capacity of the pile is constant while plunging
and the damping coefficient is constant throughout the test. The
damping coefficient is calculated over a region near the end of the
test; therefore, the calculated value of the damping coefficient is
only valid over this region. When a pile exhibits a purely elastic

Fig. 18. Relationship between the DDVC and the true and UPM
damping coefficients �N=20�

Fig. 19. DDVC values for various in situ conditions calculated from
modeled static and statnamic tests
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behavior, the associated damping coefficient is valid over the en-
tire test. However, when a pile surpasses elastic behavior and
begins yielding, the calculated damping coefficient is no longer
valid within the elastic region but only within the yielding region.
Since application of the UPM, previous case studies have noted
that the derived damping coefficient:
• Is valid over much of the load cycle for piles that exhibit

purely elastic behavior;
• Provides a good estimate of the ultimate static capacity when

yielding is observed; but
• Does not serve as a good estimate of the static capacity within

the elastic region of piles which exhibit yielding.
The intent of this study was to entertain the hypothesis that

damping is more closely associated with the actively straining soil
not necessarily constant for a given foundation/soil system.
Though the numerical model was not created to predict specific
numerical values, the computer-generated data reinforce the re-
sults of previous case studies by offering a plot of the statnamic
damping coefficient which was backcalculated from modeled
static and statnamic tests on shafts of identical in situ conditions.
The plot of this “true” statnamic damping coefficient shows val-
ues that are initially higher prior to yielding which then asymp-
totically degrade through a transitional stage, where they coincide
with the UPM-calculated damping coefficient. The similarity in
shape of the UPM-calculated damping coefficient and the
displacement-dependent volume change �herein referred to as the
DDVC� strongly suggest that such a relationship exists. This is
further reinforced by the similarity in shape with the backcalcu-
lated damping coefficient, at least at small strains �prior to and
just after yielding�.

Differences between the magnitude of the static and dynamic
DDVC are suspected to be a result of inertial contributions from
the soil mass. This brings to surface an important question as to
whether the assumption of a constant system mass is just as in-
valid as a constant statnamic damping coefficient. Perhaps the
catch-all statnamic damping coefficient is largely comprised of
variations in the system mass.

Though tempting, the writers strongly discourage the practice
of developing empirical correlations from numerically modeled
results. Therefore, any future correlations will be reserved for
full-scale load tests. These tests could provide an arsenal of data
with which to establish a quantifiable relationship between an
experimentally measured DDVC and the statnamic damping co-

Fig. 20. DDVC values for various in situ conditions compared to
their corresponding true damping curves
efficient. If estimations of the statnamic damping coefficient can

VIRONMENTAL ENGINEERING © ASCE / SEPTEMBER 2008 / 1297

ASCE license or copyright; see http://pubs.asce.org/copyright



                     75

eventually be established using DDVC measurements, then per-
haps an analysis procedure can be adopted that will provide the
reliability of the UPM at ultimate capacity as well as an accurate
prediction of static capacity at small displacements. If it can be
determined that the DDVC measured during a load test is propor-
tional to damping, then one simple procedure could involve signal
matching the measured DDVC curve to the UPM-calculated
damping value. Once matched, this altered DDVC curve could
then be applied as a template for the damping coefficient through-
out the entire test. Alternatively, the ratio of the peak measured
DDVC �at the brink of yielding� to the minimum measured
DDVC value can be calculated and applied to the UPM-
calculated damping value to obtain a peak damping coefficient
prior to yield. The impulse response can aid in delineating
preyield and postyield conditions, and an appropriate transition
applied between the two damping values. As both procedures in-
volve the measurement of DDVC during the load test, they would
prove advantageous in that the measurements would encompass
the specific characteristics of the foundation, thereby including
effects from size, length, soil type, etc.

Researchers at the Univ. of South Florida are currently analyz-
ing experimentally measured DDVC data taken from both model-
scale and full-scale load tests where the backcalculated damping
coefficient is available to verify the legitimacy of the aforemen-
tioned procedures.
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Notation

The following symbols are used in this paper:
a � acceleration;
c � damping coefficient;

D � modeled shaft diameter;
Ei � initial Young’s modulus;

Fstatic � equivalent static force;
Fstatnamic � measured statnamic force;

Fstn � measured statnamic force;
Gi � initial shear modulus;
K � initial bulk modulus;
i
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k � equivalent spring constant;
L � modeled shaft length;
m � mass;
t � time;

V � volume of soil mass;
v � velocity;
x � displacement;
� � change as it pertains to the surrounding soil

mass;
� � Poisson’s ratio;
� � density; and
� � internal friction angle.
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Corrosion Monitoring of FRP Repaired  
Piles in Tidal Waters

by K. Suh, R. Sen, G. Mullins, and D. Winters

Synopsis: This paper provides an overview of three different instrumentation schemes used to 
monitor long term performance of FRP repaired piles in tidal waters. These schemes were evaluated 
in four demonstration projects extending nearly five years. Two of these used linear polarization to 
estimate the corrosion rate while the third focused on the variation in the corrosion current. Problems 
associated with selection, installation and monitoring are described and representative results 
presented from all three systems. The results suggest data from linear polarization is more consistent. 
Findings indicate FRP wrapping lowers the prevailing corrosion rate. 

Keywords: corrosion; FRP; galvanic current; linear polarization; piles; tidal waters
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INTRODUCTION

The high cost of repairing corrosion damage has led highway authorities to explore the possible use of fiber 
reinforced polymers (FRP). In the past decade, several demonstration projects were completed that largely focused 
on repairs to columns and bents damaged by salt water run-off1. More recently, with the availability of resins that 
can cure in water, there has been increased interest in using FRP for repairing piles in tidal waters2-3.

Unlike damage caused by salt-water run-off, corrosion damage in piles in tidal waters is limited to a region close to 
the water surface (“the splash zone”) that is subjected to periodic wetting and drying due to tide change. In the fully 
submerged region, there is little corrosion because of the much lower solubility of oxygen in water. Moreover, 
marine growth on the pile surface (see Fig. 1) also slows down the corrosion rate4.

Independent laboratory studies have conclusively demonstrated that the corrosion rate is lowered when a corroded 
region is FRP wrapped1. However, in all the tests, wrapping was carried out under optimal, dry conditions. Since 
conditions for wrapping partially submerged elements in field repairs are less controlled, laboratory outcomes may 
not necessarily apply. For this reason, it is crucially important to develop instrumentation and measurement 
techniques for monitoring the performance of the FRP wrapped piles in field applications.  

Typically, piles are instrumented when cathodically protected5,6. The instrumentation is primarily intended to 
monitor the protective current that polarizes the steel (makes it more negative than its original potential). The 
measurement of this protective current and the shift in its potential in the depolarized state (when the current is 
temporarily stopped) are used to assess the effectiveness of the cathodic protection system. Such systems are not 
suitable for monitoring the performance of FRP wrapped piles where information on corrosion rates before and after 
wrapping is relevant. Not surprisingly, none of the earlier FRP repaired piles were instrumented2-3.   

This paper provides an overview of systems developed for monitoring the performance of FRP in corrosion repairs 
conducted over the past five years. Linear polarization and galvanic current measurements techniques were used and 
three different instrumentation schemes evaluated. Corrosion measurements were taken regularly until the 
completion of the projects and sporadically subsequently.  

RESEARCH SIGNIFICANCE 

Piles driven in tidal waters are difficult to instrument for corrosion rate monitoring. This paper provides an overview 
of three different instrumentation schemes that were used in four field demonstration projects to repair piles. As 
such, it provides unique information that is of value to researchers and highway agencies alike. 
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BACKGROUND 

Corrosion is an electrochemical process consisting of simultaneous oxidation / reduction reactions on the surface of 
the corroding steel. Oxidation is an anodic process in which electrons are released by the steel resulting in metal 
loss. Reduction is a cathodic process in which electrons are consumed. The anodic and cathodic sites in a corroding 
bar may be adjacent to each other to form a micro-cell or distant from each other (as in different layers of steel) to 
form a macro-cell.  

The passage of electrons along the metal from the anode to the cathode creates a circuit that is completed by ionic 
transport of current within the concrete through the pore solution. The corrosion rate is determined by the 
equilibrium of these opposing anodic and cathodic reactions. If the instantaneous corrosion rate can be measured, it 
can be used to calculate metal loss and estimate remaining life of the structure using Faraday’s law.  

Linear Polarization 

It would seem that measurement of the corrosion current would be a simple matter of attaching an ammeter to the 
corroding metal and taking a reading. Unfortunately, such a connection is equivalent to internal shorting because the 
electrical resistance of the reinforcement is negligible compared to that of the concrete7. For this reason, the 
corrosion current cannot be measured by direct means and alternative indirect means must be used. 

Two indirect methods are widely used to estimate the corrosion current. These are known as linear polarization 
resistance (LPR) and electrochemical impedance spectroscopy (EIS). Both are based on the original empirical 
observation made by Tafel in 1905 relating current density (corrosion current divided by the reacting surface area of 
the bar) to the “over-potential”. The “over-potential” is the result of the application of an external current or 
potential that shifts the potential of the metal away from its equilibrium potential. In case of EIS, this shift is 
investigated over a wide frequency range typically from 0.1 Hz to 100 kHz. In LPR, only a single frequency is used. 
EIS therefore takes a longer time. For this reason, LPR was used in the testing.  

In LPR, because the over-potential is restricted to be very close to the equilibrium potential, the slope E/ I ( E = 
shift in potential, I = resulting current) is linear and is defined as the polarization resistance, Rp. The corrosion 
current, icorr, is inversely related to the polarization resistance through the Stern-Geary constant. Thus, the lower the 
polarization resistance, the greater the corrosion rate and vice versa. 

Several portable devices are available that can be used to make the LPR measurements. The demonstration projects 
reported in this paper use a PR-Monitor Model 4500 manufactured by Cortest International System, Inc. 

Galvanic current 

As stated earlier, corrosion involves ionic transport of current through the wet concrete that serves as the electrolyte. 
In galvanic current measurements, sensors made of the same or different steel are embedded at different depths in 
the concrete close to the reinforcement. The small galvanic or macro-cell currents set up by the corrosion process 
between these sensors are measured typically using a zero resistance ammeter through an external connection.   

The variation in the pre-wrap potential of the steel in piles supporting the Gandy Bridge is shown in Fig. 2. As 
potentials are more negative at a greater depth, they serve as anodic sites. The less negative locations closer to the 
pile cap serve as cathodic sites. Thus, prior to wrap, electrons will travel upward along the rebar from the anodic to 
the cathodic sites. The corresponding ionic current through the wet concrete is in the opposite direction as shown in 
Fig. 3. As the FRP wrap is a barrier, over time it may be expected to slow down access of oxygen and moisture. As a 
result, anodic sites become less anodic resulting in a reduction in the measured current and a possible reversal in its 
direction.  

Galvanic current data can therefore serve as a qualitative indicator of the effectiveness of the FRP in slowing down 
corrosion. An essential requirement is for the embedded probes to be parallel and close to the corroding steel for this 
technique to be effective. Since installation of the probe disturbs the electro-chemistry of the concrete that is 
replaced, meaningful results may not be immediately realizable.  
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PROBLEM STATEMENT 

The issues relating to access, logistics, installation of probes and taking measurements are common to all field 
instrumentation efforts. More recently, consideration must also be given to counteract the potential for damage by 
vandalism particularly in urban areas.  

These issues are compounded when instrumenting piles in tidal waters because of the lack of ready access to support 
services. Environmental conditions can result in unpredictable consequences. Particular attention needs to be paid to 
ensure that electrical connections do not corrode and are protected against the elements. Safety is of paramount 
importance and must be factored in all operations. Meticulous planning and coordination is required to prepare for 
unexpected situations. Brief descriptions of some of the relevant parameters are presented below: 

Probe size 

All probes that can be used have to fit in the 75 mm (3 in) concrete cover in piles. Size is therefore a critical 
consideration. Moreover, the larger the probe, the greater the effort required for installation and the greater the 
disturbed concrete region.   

Patching material 

The ideal patching material should be electro-chemically compatible with the existing concrete, e.g. similar chloride 
content and oxygen diffusivity. As with any concrete repair material, it should be a low shrinkage, high tensile 
strength material with the same coefficient of thermal expansion to minimize cracking.   

Corrosion protection 

Special care must be taken to ensure that materials used are corrosion / weather resistant. Specifically, stainless steel 
rods must be used for making connections to the steel reinforcement. Special weather proof PVC boxes are required 
to house the connections. Junction boxes have to be made inaccessible or unobtrusive so as to avoid unwanted 
attention.  

Environmental  

Low tide, and low winds are ideal but may not always be possible. As the corrosion rate fluctuates with temperature, 
readings should be taken at similar times at the designated intervals. As this too may not always be possible, 
temperature records should also be kept. 

DESCRIPTION OF DEMONSTRATION STUDIES 

Four field demonstration studies were conducted at two contrasting sites. The first, Allen Creek Bridge, located in 
Clearwater Florida, exhibits shallow and relatively calm waters.  The remaining three studies were carried out on 
piles supporting Gandy Boulevard bridges spanning Tampa Bay, Florida’s largest estuary. These bridges – the 
Friendship Trails Bridge and the Gandy Bridge are adjacent to each other. Fig. 4 shows their relative location. In all 
the studies, selected piles were wrapped using fiber reinforced polymers. Details may be found elsewhere8-11.

Whereas the piles for both the Allen Creek and the Gandy Bridge were prestressed concrete, those supporting the 
Friendship Trails Bridge were made of reinforced concrete. However, the procedures for instrumenting and 
monitoring were virtually identical.  

STEEL CONNECTION 

Before any corrosion measurements can be made to assess the pre or post wrap state, an electrical connection has to 
be made to the reinforcing steel or the prestressing strands. This steel serves as the ‘working’ electrode in the 
electro-chemical measurements. The steel connections were deliberately made very close to the pile cap to make 
them inaccessible. More importantly, in case of prestressed strands, stresses are lower because they are located well 
within the transfer length (50 x strand diameter).  

                     79



 Health Monitoring Systems and Sensors for Assessing Concrete 141

In the initial studies, connections were made to reinforcement on all four faces of the pile. This was found to be 
unnecessary and therefore in later studies only a single connection was made. The targeted reinforcement was at the 
center of the pile face that could be easily located without the need for a rebar locator (pachometer).  

To make the connection, a 50 mm (2 in) diameter, 75 mm (3 in) deep hole was drilled into the pile close to the 
underside of the pile cap and a 100 mm (3.9 in) long, 5 mm (0.2 in) diameter stainless rod connected to the 
prestressing strand by brazing.  In case of reinforcement, a hole was drilled in the bar and tapped to allow a stainless 
threaded rod to be screwed to it. In the Allen Creek Bridge where the steel connection was left exposed, 316 grade 
stainless steel was selected because of its superior corrosion resistance compared to the less expensive 304 grade. 
Where the connection was protected, the less expensive stainless steel was used. 

The 75 mm (3 in) deep hole was filled with mortar leaving a 25 mm (1 in) section of the 100 mm (3.9 in) stainless 
rod protruding. Before any pre-wrap readings were taken all marine growth covering the pile surface below the high 
water line was scraped off and removed. Potential readings were taken by connecting a standard copper-copper 
sulfate half cell to the negative terminal of a high impedance voltmeter while attaching the positive terminal to the 
steel strand via the stainless steel rods protruding from each face. A special template with holes punched on a 15 cm 
grid was prepared to ensure readings were consistently taken at the same locations relative to the position of the steel 
connection. In other applications, the grid locations where readings were to be taken were marked off on the pile and 
readings taken accordingly.  

CHLORIDE ANALYSIS 

Several concrete cores were taken to determine the chloride variation in the cover. The total chloride was 
determined every 25 mm (1 in) down to the level of the steel using the Florida Method12. Table 1 summarizes 
typical results obtained for four piles P1 to P4 in the Gandy Bridge. The chloride level varied between 2.6-24.2 
kg/m3 (0.16-1.51 lbs/ft3). As expected, they greatly exceeded the 0.6-1.2 kg/m3 (0.04-0.07 lbs/ft3) chloride 
threshold13. Values were highest in the first 25 mm (1 in) of cover and were lowest for concrete closest to the steel 
as can be expected. The highest chloride content was 310 mm (12.2 in) above the high water level.  

PROBE DETAILS 

Three different types of probes were used to monitor corrosion performance – two for determining the corrosion rate 
using LPR and the other for measuring the galvanic current (Table 2). Of these, one was a commercial probe, one an 
in-house probe and third developed by the Florida Department of Transportation. Photographs of these probes are 
shown in Fig. 5.  

USF  

The USF sensor makes use of the fact that linear polarization is based on perturbation of the corrosion potential 
rather than its absolute value. Therefore, any corrosion resistant metal with a stable potential can be used for 
obtaining the polarization resistance. The USF sensor was developed8 to address possible vandalism concerns for an 
exposed site on the busy US 19 highway where accessible junction boxes could attract unwelcome attention. The 
intent was to use a system that eliminated the need for wiring and junction boxes. 

This sensor consisted of a 1.07 m (3.5 ft) long, 5 mm (0.2 in) diameter Grade 316 stainless rod with a 90o hook at 
one end (Fig. 6). It was embedded in the middle of each of the four pile surfaces, 19 mm (0.75 in) from the concrete 
surface. The 90o hook protruded from the concrete surface at the top so that alligator clips could be used to make the 
necessary electrical connections. 

Measurements were initially made by successively treating each of the four stainless rods as the reference or counter 
electrode, i.e. four sets of readings were taken. An analysis of the results indicated that a single reading was 
adequate and this was subsequently adopted. 
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FDOT 

The Florida Department of Transportation developed reinforcing steel sensors that were used to monitor the 
effectiveness of sprayed-zinc sacrificial anodes14. The sensors are #4 bars cut to 45 mm (1.8 in) length with an 
exposed surface area of 1300 mm2 (2 in2). One end of the sensor has a length of insulated copper wire that is 
connected to the reinforcement in the pile. The sensor is inserted lengthwise, i.e. parallel to the reinforcement and 25 
mm (1 in) away from it in a 50 mm (2 in) diameter hole drilled into the concrete. The hole is filled with mortar 
consisting of approximately 50% fresh water and 50% bay water. 

Commercial   
   
A commercial sensor was used for the linear polarization measurement. It uses a modified graphite reference 
electrode and a titanium ribbon counter electrode which are encased in a mortar block. Its overall dimensions are 60 
mm x 60 mm x 125 mm (2.4 in x 2.4 in x 4.7 in). The sensor has two cables for direct connection to the steel 
working electrode and to the PR monitor used for making the measurements.   

INSTALLATION 

The sensors were embedded inside the concrete cover, so the ease of installation depended on its size. The USF 
sensor was the simplest to install because of its small diameter and shallow embedment depth of 19 mm (0.75 in). 
More importantly, no external wiring was required. A concrete saw with a pre-set depth was used to create slotted 
openings on each of the four faces of the pile and the sensor installed (Fig. 6). 

The relatively small size of the rebar sensor also made it relatively simple to install. However, because the 
embedment depth was greater (50 mm), it was necessary to use a 50 mm (2 in.) diameter core drill to create a 50 mm 
(2 in) deep hole perpendicular to the concrete surface in which the rebar probe was positioned parallel to the main 
steel 25 mm (1 in.) away. Additionally, shallow slots had to be cut to route the wiring to the junction box where it 
was permanently connected to the steel (Fig. 7). 

The commercial probe was the largest and therefore required the greatest effort for installation. To accommodate 
this large sensor, multiple side-by-side cored holes were needed. Additionally, as the leads were thicker, deeper slots 
had to be cut on the pile surface to route to the junction box. 

As mentioned earlier, the openings made to install the sensors have to be filled with mortar. Since the chloride 
content around the reinforcement affects the corrosion condition of the steel being monitored, changes in chloride 
level can affect its corrosion state. For this reason, the mortar was made to match the chloride content of the 
surrounding concrete in the USF and the FDOT probes by using appropriate quantity of salt water. This was 
approximately achieved by making the mortar using about 50% fresh water and 50% bay water. 

Junction Boxes 

Except for the USF sensor, junction boxes were required to protect the wiring from corrosion and also to allow data 
measurements to be performed easily. An electrical connection was first made to the reinforcing or prestressing steel 
used in the pile. The wires coming out from the rebar sensors were connected to a stainless steel rod inside the 
junction box. The two cables from the commercial probe were similarly brought into this box. All exposed wiring 
and cables were inserted in grooves cut on the surface and sealed with hydraulic cement and or epoxy (Fig. 8).   

PROCEDURE FOR MEASUREMENT 

Before any measurements were made, the PR monitor was calibrated against a Gamry Corrosion Measurement 
System. Polarization resistance values obtained from the two systems were almost identical. Similar agreement was 
also obtained for solution resistance readings from the PR monitor and a Nilsson 400 soil resistance meter.   

Since the piles were located in tidal waters, it was necessary to use a boat for access. The PR Monitor was used to 
take the linear polarization measurements for both the commercial and the USF sensors. The latter required 
appropriate connections to the working, reference and counter electrodes using alligator clips.   
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The PR monitor was set up so that the linear polarization test would be initiated when the potential drift between the 
working and reference electrode was within 2 mV. For both systems, results were obtained from five potential scans 
with a 3mV step size and a step duration of around 50 seconds.  

Stabilization took much longer for the USF probe since measurements were made for all the strands in the pile. This 
was compounded by the fact that the water level in Allen Creek rose rapidly as the tide came in because of its 
relatively narrow width. Thus, it was not possible to take readings for all six piles under the same low tide condition.  

The rebar sensors were used to measure the corrosion current. This requires a zero resistance ammeter. As 
mentioned earlier, the sensors were permanently connected to the pile reinforcing steel inside the junction box.  

Three sets of measurements were made; in each case the connection of the sensor to the pile reinforcing steel was 
temporarily disconnected. The first two sets of measurement were made to obtain a measure of the corrosion current 
in the pile. The current measurement required the ammeter to be connected between the reinforcing steel and each of 
the two rebar sensors.  In the third set, the current flow between the two sensors was measured by connecting the 
ammeter between the two probes.  

The measurements were made by connecting the negative terminal of the ammeter to the lower probe and the 
positive terminal to the upper probe. For this set up, negative readings signify that the conventional current flows 
from the bottom to the top. The movement of electrons is in the opposite direction, i.e. from top to bottom signifying 
the lower probe is less anodic than the upper probe.   

RESULTS

Representative results from the demonstration projects are summarized in Tables 3-6. The results from the linear 
polarization tests are given in Tables 3 and 4 while those for galvanic current measurements in Tables 5 and 6. 
Corrosion rates in Tables 3 and 4 are classified as ‘very high’ (VH), ‘high’ (H), ‘intermediate’ (I), ‘moderate’ (M) or 
‘low’ (L) in accordance with the classification described in Ref. 7. The definition of this classification is provided as 
a footnote to these tables.  

Linear Polarization Resistance  

The results obtained using the commercial probe for the GFRP wrapped piles P1, P2, P3 and the (unwrapped) 
control P4 are listed in Table 3. For each wrapped pile, three sets of data corresponding to readings taken in 
November 2004, June 2005 and July 2007 are provided. For the control P4, three sets of data are also provided 
excepting that the last set is from August 2007.  

The corrosion current, Icorr, was obtained from the measured linear polarization resistance Rp taking the Stern-Geary 
constant for the actively corroding steel as 26 mV. The polarized area (6800 mm2) was assumed to be that for a 
single strand with the same length as the probe. The entire circumference was assumed to be polarized as shown in 
Fig. 9. The corresponding corrosion rate ( m/yr) was calculated using Faraday’s law given by Eq. 1 

nF
tWI

M corr                                                                                                                       (1) 

In Eq. 1, M is the mass loss of steel, W the atomic weight of steel (55.85g), Icorr the current in amperes obtained 
from linear polarization, t the time in seconds, n the ionic charge (two for Fe  Fe2+ + 2e-) and F is Faraday’s 
constant (96,500A). 

Of the piles wrapped, pile P1 was the most severely corroded (Fig. 10). The corrosion rate 31 cm below the high 
water line was 194 m/yr in November 2004 but reduced to 10.2 m/yr by July 2007 (Table 3). Similar trends can 
also be discerned in piles P2 (from 84 to 34 m/yr) and P3 (from 103.8 to 47 m/yr). Unfortunately, the control (P4) 
was in much better shape originally (see Fig. 10) and was selected only because it was in the same bent. Its 
corrosion rate fluctuated between 49.6 and 38.5 m/yr at the same location over the same time frame. The 
intermediate reading for both the control and P3 was lower than the final reading. This could be because of the 
higher ambient temperature.   

                     82



144 Suh et al.

The results from the USF probe for six piles including two controls and four FRP wrapped piles using both carbon 
and glass are summarized in Table 4. Two of the piles were wrapped under ideal conditions using a cofferdam (C1 
and D1). Four sets of readings corresponding to June 2003, June 2004, June 2005 and June 2007 are presented. 
Inspection of Table 4 shows that barring the initial readings for control B2, all rates are low (L). 

This was the first attempt by the research team to repair piles using FRP. Although the site was selected by FDOT, 
none of the wrapped piles including the controls had visible signs of corrosion. The corrosion rates were small to 
begin with and fluctuated only slightly over the four year period when measurements were made.  

Given the low corrosion rates, it is not possible to draw definitive conclusions. The corrosion rates for the coffer 
dam wrapped (C1, D1) and the water wrapped piles (F1, E2) have remained low throughout the four year 
monitoring period. The performance of the GFRP (E2) and the CFRP wrapped piles (C1, D1, F1) are comparable. 
Though the rates in the controls show reductions, this could be because of the rapid change in water level due to 
tide; this meant that not all readings were taken under the same low tide conditions.  

Galvanic Current  

Table 5 and 6 summarize the results of the galvanic probe measurements from the Friendship Trails and the Gandy 
Bridges. These show the current flow between probes placed at two levels identified here as ‘top’ and ‘bottom’ 
illustrated in Fig. 3.  

The initial current flow measurements for the Friendship Trails Bridge in Table 5 (Aug 2003) in both controls (99-S, 
99-N) and two of the wrapped piles (100-N, 101-N) were positive, i.e. bottom probe was anodic. For the other 
wrapped pile, 100-S, the reading was negative signifying that the top probe was anodic. Over the next four years, the 
trend in the wrapped piles was to reduce [100-S (-21 to 0.1 A), 101-N (17 to 0.9 A)] or remain about the same 
[100-N (12 to 13.3 A)].  A similar trend was also indicated for the controls, e.g. 99-S changed from 1 to 3.5 A
while 99-N reversed from 4 to -11.4 A.  

No similar trends can be discerned in the results for piles P1 to P4 for the Gandy Bridge summarized in Table 6. For 
the control P4, the current became negative and then assumed a positive value. For all three wrapped piles P1, P2 
and P3, the readings reverted to their initial readings after three years.  

Overall, the data from the galvanic current measurement data is confusing. This may be because of the difficulty in 
accurately measuring very small currents.  

DISCUSSION 

The results obtained highlight some of the inconsistencies and difficulties associated with corrosion monitoring. 
Numerous factors affect corrosion that cannot be isolated. Field installation disturbs the electro-chemistry and this 
can affect measurements particularly for galvanic current measurement. Not surprisingly, results for the galvanic 
current measurements (Table 5 and 6) were found to be inconclusive. 

Linear polarization yielded more consistent results but here again measurements were influenced by tide change. 
This particularly affected readings from the USF probe where reaching a steady state took as long as 30 minutes. 
Taking readings for six piles sometimes took 6 hours during which time the water level changed.  

Aside from tidal effects, uncertainty regarding the polarized area is well documented. In this study, the polarized 
area was calculated on the basis of the entire circumference as shown in Fig. 9. This may be valid where the 
concrete is moist and its conductivity high. In dry concrete resistivity is high and therefore only a portion of the 
circumference facing the electrode is polarized15. For this condition, the polarized area is about half the 
circumference and therefore the calculated corrosion current is doubled. Furthermore, if cracks and voids are present 
in the concrete, the polarizing current cannot be distributed. Therefore, readings will be erroneous. Moreover, rates 
are strongly affected by environmental conditions such as temperature and humidity. Collectively, these factors 
account for the large fluctuations observed.  
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Results were also inconclusive because several instrumented piles had low corrosion rates at the onset of the project. 
This was the case for the piles supporting Allen Creek Bridge (Table 4). Given the uncertainty associated with 
corrosion data, definitive conclusions cannot be drawn for this case. 

The most severely corroding pile wrapped was pile P1 (Fig. 10). For this pile, there was significant reduction in the 
corrosion rate following wrapping: it reduced from 194 to 10.2 m/yr over three years. This result is consistent with 
data obtained from laboratory testing which shows that FRP wrapping slows down but does not stop corrosion1. This 
trend is reflected to a lesser extent in piles P2 and P3 where the original corrosion rates were lower. It may be 
reasonable to conclude from this data that FRP wrapping slows down the corrosion rate in piles.  

CONCLUSIONS 

This paper provides an overview of techniques used to monitor the corrosion performance of wrapped piles. Based 
on the results presented the following conclusions may be drawn: 

1. Data obtained using rebar sensors was inconclusive (Table 5 and 6). Difficulties in measuring small 
currents make them less useful for monitoring the performance of FRP wrapped piles. 

2. Linear polarization results using the commercial probe were more consistent. Measurements over three 
years indicated a significant reduction in the corrosion rate in pile P1 (Fig. 10, Table 3) which was most 
heavily corroded prior to the wrap. Similar reductions were also observed in piles P2, P3. All these piles 
were wrapped using GFRP.  

3. The USF probe (Fig. 6) worked well. It needs to be evaluated at another site where the impact of tide 
change is not as drastic. Results would have been more conclusive using these probes had the prevailing 
corrosion rates in the piles been higher initially. 
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Table 1 -- Result of Chloride Content Analysis in Gandy Bridge 

Pile Name Location* 0 - 25 mm 
(kg/m3)

25 - 50 mm 
(kg/m3)

50 – 75 mm 
(kg/m3)

P4 (Control) 

A: 76 cm 8.9 5.4 2.6 
B: 61 cm 10.6 7.1 4.4 

C: 53 cm 10.9 8.3 4.7 
D: 31 cm 17.6 12.0 7.6 

P1 (GFRP) 

A: 76 cm 7.3 18.6 11.2 

B: 61 cm 10.2 11.2 9.1 
C: 53 cm 13.2 12.9 N/A 
D: 31 cm 14.0 15.1 14.4 

P2 (GFRP) 

A: 76 cm 7.4 5.4 2.7 
B: 61 cm 8.8 5.4 3.5 
C: 53 cm 9.3 7.7 4.5 

D: 31 cm 24.2 16.0 9.9 

P3 (GFRP) 

A: 76 cm 9.1 9.9 8.4 
B: 61 cm 9.9 9.7 7.1 

C: 53 cm 10.6 9.3 6.2 
D: 31 cm 19.6 11.2 7.9 

*Dimensions are above High Water Level 

                     85



 Health Monitoring Systems and Sensors for Assessing Concrete 14�

Table 2 -- Sensors Used in Demonstration Projects8-11

Site Sensor Size System 
Allen Creek Bridge, 
Clearwater (2003) USF 5mm diameter x 1.07m Grade 316 

stainless steel rod LPR

Gandy Bridge, 
Tampa Bay (2004) 

Commercial 60mm x 60mm x 125mm LPR 

FDOT 45mm long # 4 bar with 1300mm2

surface area GC

Friendship Trails Bridge, 
Tampa Bay (2004) FDOT 45mm long # 4 bar with 1300mm2

surface area GC

Friendship Trails Bridge, 
Tampa Bay (2006) FDOT 45mm long # 4 bar with 1300mm2

surface area GC

LPR – Linear Polarization Resistance;  GC – galvanic current 

Table 3 -- Linear Polarization Data – Commercial Probe 

Probe ID # Date Icorr *
( A/cm2)

Rate
( m/yr) Classification Temp  

(oC)

P4 (Control) – 910 mm 
Above HWL 

Nov 2004 0.723 8.39 M 27.4 
Jun 2005 0.584 6.77 M 27.5 
Aug 2007 0.815 9.46 M 31.4 

P4 (Control) – 310 mm 
Below HWL 

Nov 2004 4.276 49.6 I 27.4 
Jun 2005 1.765 20.48 I 27.5 
Aug 2007 3.318 38.48 I 31.4 

P1 (GFRP) – 910 mm 
Above HWL**

Nov 2004 1.597 18.52 I 27.4 
Jun 2005 0.633 7.34 M 27.5 
July 2007 0.496 5.75 M 31.1 

P1 (GFRP) – 310 mm 
Below HWL 

Nov 2004 16.732 194.09 VH 27.4 
Jun 2005 3.346 38.82 I 27.5 
July 2007 0.879 10.19 I 31.1 

P2 (GFRP) – 910 mm 
Above HWL 

Nov 2004 0.726 8.42 M 27.4 
Jun 2005 0.524 6.08 M 27.5 
July 2007 0.274 3.18 L 31.1 

P2 (GFRP) – 310 mm 
Below HWL 

Nov 2004 7.261 84.23 H 27.4 
Jun 2005 4.009 46.50 I 27.5 
July 2007 2.960 34.34 I 31.1 

P3 (GFRP) – 910 mm 
Above HWL 

Nov 2004 1.015 11.78 I 27.4 
Jun 2005 0.588 6.82 M 27.5 
July 2007 0.686 7.96 M 31.1 

P3 (GFRP) – 310 mm 
Below HWL 

Nov 2004 8.95 103.82 VH 27.4 
Jun 2005 2.291 26.57 I 27.5 
July 2007 4.051 46.99 I 31.1 

*Assumed polarized area = 6800 mm2

**HWL = High Water Level  
VH = very high (>100 m/yr); H = high (50-100 m/yr); I = intermediate (10-50 m/yr);  
M = moderate (5-10 m/yr); L = low (2-5 m/yr)7
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Table 4 -- Linear Polarization Data – USF Probe 

Probe ID # Date Icorr* ( A/cm2) Rate
( m/yr) Classification

B2 (Control) 

June 2003 0.837 9.713 M 
June 2004 0.302 3.501 L 
June 2005 0.956 11.08 I

June 2007 0.179 2.079 L

G1 (Control) 

June 2003 0.401 4.655 L 
June 2004 0.229 2.661 L 
June 2005 0.226 2.624 L 
June 2007 0.147 1.706 L

C1 (CFRP) 
Cofferdam Dry Wrap 

June 2003 0.078 0.903 L 
June 2004 0.165 1.911 L 
June 2005 0.084 0.978 L 
June 2007 0.174 2.016 L

D1 (CFRP) 
Cofferdam Dry Wrap 

June 2003 0.095 1.103 L 
June 2004 0.164 1.900 L 
June 2005 0.081 0.937 L 
June 2007 0.191 2.217 L 

F1 (CFRP) 

June 2003 0.116 1.341 L 
June 2004 0.039 0.453 L 
June 2005 0.087 1.008 L 
June 2007 0.122 1.415 L 

E2 (GFRP) 

June 2003 0.302 3.500 L 
June 2004 0.198 2.294 L 
June 2005 0.205 2.376 L 
June 2007 0.319 3.695 L 

*Assumed polarized area = 0.4534 m2

I = intermediate (10-50 m/yr); L = low (2-5 m/yr  ); M = moderate (5-10 m/yr)7
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Table 5 -- Current Data – Rebar Probe Friendship Trails Bridge 

Pile  ID # Date I *
( A) 

Temp 
(oC)

99-S (Control) 

Aug 2003 1.0 30.7 
June 2004 -0.3 28.5 
June 2005 7.4 27.5 

July 2007 3.5 31.1 

99-N (Control) 

Aug 2003 4.0 30.7 
June 2004 -29.1 28.5 
June 2005 -22.7 27.5 
July 2007 -11.4 31.1 

100-S (GFRP) 

Aug 2003 -21.0 30.7 
June 2004 0.6 28.5 
June 2005 0.2 27.5 
July 2007 0.1 31.1 

100-N (CFRP) 

Aug 2003 12.0 30.7 
June 2004 8.0 28.5 
June 2005 6.8 27.5 
July 2007 13.3 31.1 

101-N (GFRP) 

Aug 2003 17.0 30.7 
June 2004 23.1 28.5 
June 2005 10.1 27.5 
July 2007 0.9 31.1 

*Current readings taken between top and bottom probes. 

Table 6 -- Current Data – Rebar Probe Gandy Bridge 

Pile  ID # Date I *
( A) 

Temp 
(oC)

P4 (Control) 
Oct 2004 0.0 28.1 
June 2005 -19.0 27.5 
July 2007 4.4 31.1 

P1 (GFRP) 
Oct 2004 -24.5 28.1 
June 2005 -42.1 27.5 
July 2007 -23.0 31.1 

P2 (GFRP) 
Oct 2004 -21.1 28.1 
June 2005 -97.6 27.5 
July 2007 -21.2 31.1 

P3 (GFRP) 
Oct 2004 27.5 28.1 
June 2005 7.0 27.5 
July 2007 26.3 31.1 

*Current readings taken between top and bottom probes. 
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Figure 1 – Marine Growth. 

Figure 2 -- Pre-wrap corrosion potential measurement (mV). 

  P1    P2    P3    P4  

1.4m -346 -352 -348 -248 -226 -216    

1.5m -369 -371 -371 -234 -230 -237 -269 -271 -269 -263 -257 -282 

1.7m -398 -396 -396 -297 -285 -301 -282 -284 -289 -267 -283 -292 

1.8m -426 -415 -422 -312 -310 -289 -296 -283 -299 -308 -311 -321 

2.0m -436 -436 -448 -341 -353 -346 -328 -308 -318 -321 -337 -345 

2.1m -471 -474 -498 -343 -348 -375 -324 -318 -327 -368 -386 -377 

2.3m -507 -529 -502 -379 -384 -387 -346 -342 -347 -374 -409 -401 

2.4m -517 -534 -553 -414 -429 -431 -379 -360 -376 -425 -414 -414 

2.6m -531 -553 -573 -459 -462 -478 -396 -405 -405 -464 -462 -461 

2.7m -563 -568 -596 -487 -483 -488 -480 -456 -434 -522 -514 -513 

Tidal
Range 
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                     (a)                                           (b)                                         (c) 

Figure 3 -- (a) Current flow in corroded steel;  (b) Current flow between two rebar probes in unwrapped pile; (c) 
Likely current flow between same two probes in wrapped pile.  

Figure 4 – Location of sites for pile repair. 
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A IelectIelect
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US 19 / Allen Creek Bridge 
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Current

Friendship Trails Bridge 

                     90



152 Suh et al.

Figure 5 -- (a) FDOT rebar probe; (b) Commercial probe; and (c) USF probe. 

(a) (b)

(c)
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Figure 6 -- USF sensor installation schematic. 

Low Water Line 

High Water Line 
0.6m Below Pile Cap 

Slot 1.9cm depth x 1.25cm width 
Concrete Saw used to make slots 

Concrete Pile Cap 

1.07m length x 0.5cm diameter 
Grade 316 Stainless Steel 
90o Hook at Top for Electrical Connection 
(4 sides, typical) 

Electrical Connection to 
Prestressing Steel 

Grade 316 SS 

1.1m Tidal 
Range 
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Figure 7.  FDOT probe installation schematic. 

Grounding 
Bar

Probe 

Pile Cap 

FRP Wrapping 
Area 

Grounding 
Bar

Probe 2 

Probe 1 

Low Water Line 

High Water Line 

0.3m 

1.1m  
Tidal Zone 

0.15m  

0.08m 

0.08m 

0.5m 

0.3m  

Note: Locations of probes differ 
in this study from previous in that 
they are located on the same face 
as the grounding bar.  Therefore, 
the probes had to be moved down 
0.08m to accommodate the 
grounding bar and junction box. 
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Figure 8 – Installing junction box and wiring. 

Figure 9 – Calculation of polarized area. 

Ds

ds

120

Ds = diameter of a strand 
ds = diameter of one wire (= Ds/3)
Ps =  perimeter of one strand (= *ds * 6wires * (240/360)) 
Ls = polarized strand length (= the length of the counter electrode) 

Polarized Surface Area of Strand = Ps * Ls
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Figure 10 – Gandy bridge piles. P1 was the most corroded. P4 was the control. 

P1
P1

P2P3P4
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Bond Enhancement for FRP Pile Repair in Tidal Waters
Danny Winters1; Gray Mullins, M.ASCE2; Rajan Sen, F.ASCE3; Andy Schrader, A.M.ASCE4; and

Michael Stokes, S.M.ASCE5

Abstract: Vacuum bagging and pressure bagging are established techniques used by the composites industry for fabricating components.
This paper describes a study that explored the adaptation of these techniques for improving the FRP-concrete bond in the repair of
partially submerged piles. Prototype vacuum bagging and pressure bagging systems were developed and bond improvement assessed from
results of pullout tests on full size piles repaired under simulated tide in the laboratory. Pressure bagging gave better bond and was found
to be simpler because it did not require an airtight seal. A field demonstration project was conducted in which pressure bagging was used
in combination with two different GFRP systems to repair two corroding piles supporting the Friendship Trails Bridge across Tampa Bay.
Inspection of the postcured wrap showed no evidence of air voids. The study demonstrates that techniques developed by the composites
industry may be readily adapted to provide effective and inexpensive means for improving FRP-concrete bond.

DOI: 10.1061/�ASCE�1090-0268�2008�12:3�334�

CE Database subject headings: Fiber reinforced polymers; Field tests; Corrosion; Rehabilitation; Tidal currents; Piles.
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Introduction

Recent advances in resin technology have made it possible to use
FRP for the corrosion repair of partially submerged piles �Bazinet
et al. 2003; Watson 2003; Mullins et al. 2005, 2006, 2007�. In all
the applications, the FRP was directly applied over the corroding
region in the “splash zone” �subjected to diurnal wet/dry cycles�
without removal of the chloride-contaminated concrete.

Several investigators, e.g., Sheikh et al. �1997�, Bonacci
�2000�, Debaiky et al. �2002�, Wheat �2002�, Wootton et al.
�2003�, and Suh et al. �2007� have independently demonstrated
that while FRP cannot stop corrosion, it can significantly reduce
the corrosion rate. However, the extent of the reduction depends
on the integrity of the FRP-concrete bond. Thus, Michigan State
University researchers Baiyasi and Harichandran �2001� reported
that metal loss was lower where FRP was bonded compared to its
unbonded counterpart. Similarly, a study sponsored by Texas
DOT found that in locations where the FRP had debonded, there
was increased localized corrosion under simulated tidal cycles
�Berver et al. 2001�. Thus, good FRP-concrete bond over the
entire wrapped region is essential for successful performance.

The authors recently conducted on-site pullout tests on FRP
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repaired piles at both above and below high water locations �Sen
and Mullins 2007�. Fig. 1 shows a plot of the residual bond stress
obtained for two different systems, a prepreg and a wet layup.
Inspection of Fig. 1 shows considerable variability in the bond. It
ranges from 0.7 to 1 MPa in the dry region of the pile and from
0.4 to 1.8 MPa in the critical wet/dry region. In another demon-
stration project, the FRP was found to have completely debonded
from the concrete �Suh et al. 2005�. Research suggests that if the
on-site FRP bond were improved by making it less variable, ser-
vice life of the FRP repair would be extended, making it more
cost effective.

Why Bond Is Variable

FRP pile repair typically uses hand layup techniques to impreg-
nate the fibers. In this case, the weight of the wet FRP material
acting downwards has a tendency to make it slide down the pile
surface. Moreover, as the vertical surface is seldom absolutely
true, the FRP is not necessarily in continuous contact with the
concrete over the entire length as the resin cures.

To counteract these tendencies, a plastic sheet called shrink
wrap is tightly wound around the wet FRP over its entire length.
Unfortunately, because of buoyancy effects and difficulty in
wrapping tightly above shoulder height, the applied pressure is
not uniform.

Uniform pressure is widely used to improve adhesion in
bonded connections. For example, in segmental construction, a
minimum compressive pressure of 276 kPa �40 psi� is applied to
join epoxied match-cast units �AASHTO 1999�. If uniform �gage�
pressure can be maintained on the FRP wrap while the resin
cured, the FRP concrete bond may be similarly expected to
improve.

Techniques for Applying Uniform Pressure

Uniform pressure, through vacuum or pressure bagging, has long

been used by the aerospace and automotive industry for fabricat-

UNE 2008
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ing FRP components. Vacuum bagging has occasionally been
used in infrastructure applications, e.g., Stallings et al. �2000� and
Nazier et al. �2005�. However, no similar reference relating to the
application of pressure bagging was found in the literature.

Objectives

The overall goal of the research project was to explore the feasi-
bility of adapting vacuum bagging or pressure bagging for im-
proving FRP-concrete bond in the field repair of corroding piles
in tidal waters. In order to meet this objective, it was necessary to:
1. Develop prototype vacuum bagging and pressure bagging

techniques appropriate for FRP repair of partially submerged
piles.

2. Evaluate improvement in bond through pullout testing.
3. Implement the system developed through a field

demonstration.

Background

Vacuum Bagging

Vacuum bagging applies pressure by creating a vacuum �limited
to a maximum of 1 atm—760 mm of Hg�. The essential com-
ponents of a vacuum bagging system are �1� a vacuum bag; and
�2� a vacuum pump capable of creating a significant vacuum.
Stallings et al. �2000� used a vacuum pressure of 0.034 MPa
during a 6 h curing period for repairing a bridge girder. Nazier
et al. �2005� did not state the vacuum pressure used, but their
pump had the facility to achieve 25 �m of vacuum �1 atm
=760,000 �m Hg�.

Since vacuum is only sustained with an airtight seal around the
perimeter of the wrapped region, surface smoothness at the pe-
rimeter is a critical consideration. Additionally, there needs to be
a method for soaking up expelled resin and its subsequent re-
moval after the FRP has cured, so that its external appearance is
not marred.

Fig. 2 shows a schematic of the vacuum bagging system used
in the study. In this figure, a porous, thin, nonstick film is referred
to as the “release” and a thicker layer of absorbent material,

Fig. 1. Residual bond stress from field study
called a “breather”.
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The release is a nonstick plastic stretch wrap material. The
breather material was a thick burlap cloth that allows air to be
extracted from inside the bag. The bag is sealed at its ends so that
there are no leaks.

Pressure Bagging

Pressure bagging makes use of a pressure bladder that surrounds
a pile �or a column in above water applications� similar to a blood
pressure cuff. In essence, it incorporates an air-tight bladder in-
side an outer restraining structure that can be rigid or flexible.
Flexible restraints are more suitable as they can be fitted and
adapted as necessary to accommodate different pile sizes.

Fig. 3 shows a schematic of the pressure bag system devel-
oped. It secures to itself using a set of 21 toggles. The air bladder
is inside this bag and is connected to a source of compressed air.
The material of the bladder needs to be able to withstand tensile
stresses that develop as it is inflated. Fig. 4 shows the components
of the prototype used in the laboratory testing.

Experimental Program

The intent of the laboratory testing was to develop and evaluate a
prototype system that could be used in a field demonstration
study. Since the literature was dismissive regarding the suitability
of pressure bagging, e.g., Nazier et al. �2005�, only vacuum
bagging was considered initially. However, because of problems
encountered in establishing a vacuum, pressure bagging was in-
cluded and the original test program modified. In the text, tests
relating to vacuum bagging are referred to as the “first series”
while those for pressure bagging as the “second series”.

Material Properties

The FRP systems selected for the laboratory study were identical
to that used in previous demonstration studies �Mullins et al.
2005, 2006, 2007�. These were a prepreg system developed by
Air Logistics Corporation �2002� and a wet layup system devel-
oped by Fyfe �2002�. Since the goal of the study was to improve
bond, only the lower cost fiberglass was tested.

Prepreg System
The prepreg system uses a unique water-activated urethane resin
in conjunction with a custom woven fabric. Because it is water

Fig. 2. Vacuum bagging schematic
activated, the FRP material is preimpregnated with resin and sent
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to the site in hermetically sealed foil pouches. The pouches are
opened just prior to application to prevent premature curing from
moisture present in the atmosphere. The properties of the unidi-
rectional fibers as provided by the manufacturer are summarized
in Table 1.

Wet Layup System
Fyfe’s Tyfo �San Diego, CA� SEH-51A was the wet layup system
used. It is a custom weave, unidirectional glass fabric that is
usually used with Tyfo-S epoxy. However, for underwater appli-
cation, Tyfo SW-1 underwater epoxy is used instead. The FRP
fabric must be impregnated on site just prior to use. Properties of
the materials as provided by the manufacturer are summarized in
Table 2.

Specimen Details

A total of eight, 1.52 m �5 ft� long�0.305 m �12 in.� wide
square prestressed piles were used in the study. These were
obtained by cutting two 6.1 m �20 ft� length piles donated by a
local precaster. The piles were prestressed by eight 12.7 mm
�0.5 in.� diam Grade 270 �1,861 MPa� strands. The average com-
pressive strength was estimated to be 27.6 MPa �4,000 psi� using
a Schmidt hammer.

Fig. 3. Pressur

Fig. 4. Pressure
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The eight specimens were originally labeled A1 to A4 or F1 to
F4 depending on whether the prepreg or the wet layup systems
was used. However, because of changes made to incorporate pres-
sure bagging, one of the originally designated wet layup speci-
mens F4, was used with the prepreg system �relabeled A5�. Thus,
five prepreg specimens �A1–A5� and three wet layup specimens
�F1–F3� were tested.

Underwater Setup

Wrapping was conducted inside a 3.05�1.83�1.22 m deep tank
filled with fresh water to a depth of 0.914 m �3 ft� to simulate
field repair conditions �Fig. 5�. This ensured that exactly half the
wrapped length �0.457 m� was under water and half above. To
encourage marine type growth on the pile surface, specimens
were left in standing water for 3 months prior to wrapping.

Surface Preparation

The corners of the piles were rounded to a 12.7 mm �1 /2 in.�
radius and all surface irregularities in the region to be wrapped
were patched and filled with hydraulic cement. Water pressure
was used to clean the pile surface. In the first test series, a
20.7 MPa �3 ksi� water pressure was used �vacuum bagging�. A

ing schematic

ng components
e bagg
baggi
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higher pressure, 68.9 MPa �10 ksi� was used in the second series
�pressure bagging� for which equipment had to be rented. This is
the pressure recommended by the ACI Guide for Underwater Re-
pair �ACI 546.2R-98� �ACI 1998�. Fig. 6 shows pressure washing
of the test piles at 68.9 MPa �10 ksi�.

Test Program

As mentioned earlier, four piles were originally designated for
testing using vacuum bagging for each of the two FRP systems. In
each set, there was one control, i.e., external pressure applied
using a shrink wrap, and three other piles in which the pressure
was kept at −14.5 kPa �−2.1 psi�, −34.5 kPa �−5 psi�, and
−68.9 kPa �−10 psi�. These pressures were selected because they
could be readily provided by ordinary vacuum pumps.

Vacuum bagging posed problems not only because of the dif-
ficulty in maintaining an airtight seal along the perimeter of the
wrap, but more importantly air could infiltrate through cracks in
the concrete outside the wrapped region. For this reason, vacuum
bagging was abandoned after initial tests and pressure bagging
evaluated with the remaining specimens. In all, two piles, A3 and
A4 �both prepreg� were tested under vacuum pressure of
−68.9 kPa �−10 psi�. Three others, F1, F2 �both wet layup�, and
A5 �prepreg originally labeled F4� were tested using pressure
bagging. These were tested under three different pressures of
14.5 kPa �2.1 psi�, 34.5 kPa �5 psi�, and 68.9 kPa �10 psi�. One
specimen, A2 could not be tested because an experimental surface
coating peeled off. Table 3 summarizes the revised test matrix.

The FRP wrapped region extending 0.457 m �18 in.� above
and 0.457 m �18 in.� below the water line is shown in Fig. 7. As
stated earlier, the pressure provided by the hand-applied stretch
film �deemed as zero applied pressure� was taken as the control.
The prepreg piles were tested using both the vacuum bag and
pressure bag systems, while the wet layup piles were only tested
with the pressure bag system.

FRP Wrapping

The wrapping scheme used by both systems consisted of three
glass layers—one unidirectional layer in the longitudinal direction
and two unidirectional layers in the transverse direction. The

Table 2. Dry Fiber Properties of Tyfo �San Diego, CA� SEH-51A �Fyfe
2002�

Properties Quantities

Tensile strength 3.24 GPa

Tensile modulus 72.4 GPa

Ultimate elongation 4.5%

Weight 915 g /m2

Table 1. Properties of Aquawrap Glass Fabrics �Azusa, Calif.�a

Fibers

Tensile
strength
�MPa�

Tensile
modulus
�GPa�

Load per ply
�kN/m�

Type G-05
bidirectional fabric

6.8 22 5.7

Type G-06
unidirectional fabric

12.0 35 10.0

aData derived from coupons prepared and tested in accordance with
ASTM D3039.
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prepreg system had an additional veil layer. This was consistent
with layouts used in earlier demonstration studies.

The longitudinal layer consisted of four 0.914�0.305 m wide
individual pieces. The dimensions of the transverse pieces dif-
fered for the two systems: For the prepreg, it was a single
0.203�15.85 m long piece, whereas for the wet layup, it con-
sisted of two 0.305�1.27 m pieces.

Vacuum Bagging
In the prepreg system, a base resin coating is applied to the
concrete surface prior to wrapping to improve the FRP-concrete
bond. The opportunity was taken to evaluate two different resins:
�1� Aquawrap Base Primer No. 4; and �2� Bio-Dur 563, a
heavy-duty epoxy. These were each applied to two of the four pile
surfaces.

Test piles A1 and A4 were wrapped on the first day with A1 as
the control pile and A4 with vacuum pressure �−68.9 kPa�. Test
pile A4 encountered problems with the sealing of the vacuum
bag to the concrete surface above and below the FRP area.
Extensive cracking above the FRP repair area allowed air to
breach the vacuum bag, not allowing formation of an airtight seal.
The air leaks were contained by filling in the cracks with epoxy,
and a vacuum seal was obtained 45 min after the FRP was applied
�Fig. 8�.

Test piles A2 and A3 were repaired next with the base resin
applied to the entire pile beyond the repair areas so as to seal the

Fig. 5. View of partially submerged full-size test piles

Fig. 6. Pressure washing test piles with 68.9 MPa water pressure
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cracked concrete surface. As before, two surfaces used Aquawrap
Base Primer No. 4 resin and the other two used Bio-Dur 563
epoxy.

The FRP material was immediately installed on pile A3
following the application of the base resin. Again, the vacuum
bag had difficulties sealing despite the coating of the uncured
resin on the pile. Once an airtight seal was obtained, a −68.9 kPa
�−10 psi� vacuum pressure was readily achieved.

The base resin applied to pile A2 was allowed to cure 24 h
prior to the application of the FRP material. After 24 h, the resin
precoat was inspected and it was found that no significant bond
was achieved below the water line between the resin base layer
and the concrete substrate. As a result, no FRP was subsequently
applied to the pile.

Table 3. Test Matrix

Test
pile Wrapping system

Confinement
system

Applied
pressure

�kPa�

A1 Air Logistics
One longitudinal layer, four
pieces—0.914 m�0.305 m
Two transverse layers, one
piece—0.203 m�15.8 m

Control
�stretch wrap�

0

A2a N/A N/A

A3 Vacuum bag 68.9

A4 Vacuum bag 68.9

A5 Pressure bag 68.9

F1 Tyfo SEH-51A
One longitudinal layer, four
pieces—0.914 m�0.305 m
Two transverse layers, two
pieces—0.914 m�1.27 m

Pressure bag 34.5

F2 Pressure bag 14.5

F3 Control
�stretch wrap�

0

aPile A2 was abandoned and not used for pressure bag tests.

Fig. 7. Test pile repair schematic
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The researchers concluded that vacuum bagging was only
effective for undamaged piles where an air-tight seal could be
obtained. There was no similar need for air-tight seals if only an
external pressure had to be maintained. As piles in need of repair
were likely to be cracked, vacuum bagging was likely to be prob-
lematic in field repairs.

Pressure Bagging
Unlike vacuum bagging where a vacuum pump was needed, pres-
sure bagging only needed compressed air. However, a suitable
pressure bag had to be designed and fabricated for the testing.
Consideration had to be given to the material used for the bladder
so that it could withstand tensile hoop stresses that developed
from pressurization.

The two components of the pressure bag are the inner bladder
and the restraining bag �Fig. 4�. The inner bladder was con-
structed of PVC shower liner material and the restraining bag
made out of nylon rip-stop material. The nylon rip-stop material
was selected to withstand the tensile hoop stresses.

Prepreg System. The pressure bag was designed to resist
the maximum 68.9 kPa �10 psi� pressure applied to the FRP re-
pair area during curing. Pile A5 was repaired using the pressure
bag system. Fig. 9 shows the inflated pressure bag around the test
pile. No major difficulties were encountered. However, gas
bubbles generated during the curing phase of the urethane resin
were seen escaping from between the pile and bag below the
water line.

Wet Layup System. The wet layup system was only tested
using the pressure bag system on piles F1 and F2 with F3 serving
as a control pile. The applied pressure was 34.5 kPa �5 psi� and

Fig. 8. Vacuum bag applied to prepreg system
14.5 kPa �2.1 psi� on test piles F1 and F2, respectively.
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Results

The FRP-concrete bond was evaluated both nondestructively via
acoustic and thermal imaging tests and destructively from pullout
tests. Only the results of the destructive testing are reported here.
Results of the nondestructive testing may be found elsewhere
�Mullins et al. 2007; Schrader 2007�.

The bond between FRP and concrete was determined from
pullout tests carried out in accordance with ASTM D 4541
�ASTM 2002� using an Elcometer 106 Adhesion Tester. The tester
used 3.6 cm �1.456 in.� diam aluminum dollies. A 0.1�0.1 m
grid was drawn on all four wrapped surfaces and destructive tests
conducted at selected intersections in all the test specimens.
A total of 151 pullout tests were conducted. Of these, 83 were
conducted above the water line and 68 below the water line.
Fewer tests were conducted below the original water line because
regions where the bond was poor were not smooth �Schrader
2007�.

A summary of relevant results is shown in Fig. 10. The “above
water” and “below water” results are shown separately. These
compare the average bond for both the prepreg and the wet layup
systems.

Inspection of Fig. 10 shows that vacuum bagging �used only
with the prepreg system� did not lead to any improvement in
bond. Pressure bagging, on the other hand, led to significant im-
provement in bond both above �from 0.94 to 1.57 MPa� and
below the water line �from 0.26 to 1.17 MPa�. In contrast, the
results for the wet layup system were mixed. It reduced margin-
ally from 2.01 to 1.95 MPa above water but increased from 1.65
to 1.77 MPa below water.

FRP pile repair is part bond critical, part contact critical since
the wrap must withstand expansive forces due to corrosion. For
bond-critical applications, ACI 440 �ACI 2002� guidelines specify
1.38 MPa �200 psi� as a minimum pull-off strength if FRP is to be
used. This limit was used as a filter to distinguish between satis-
factory and unsatisfactory bond.

lts for two systems
Fig. 9. Pressure bag applied to prepreg system
Fig. 10. Pullout test resu
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Fig. 11 plots the percentage of pullout results that exceeded the
ACI 1.38 MPa threshold from all the tests. Inspection of this fig-
ure shows that pressure bagging benefited both the wet layup and
the prepreg systems. In case of wet layup, the increase in satis-
factory bond ranged from around 83 to 89% above water and
from around 63 to over 72% below water. For the prepreg system,
the corresponding increase was from 19 to about 67% �above
water� and from 0.5 to over 30% below water. The percentage
improvement was more noticeable for the prepreg system due to
low initial baseline values �see Fig. 1�.

Field Study

A demonstration project was conducted to implement the pressure
bag system developed. The site for the repair was the Tampa side
of the Friendship Trails Bridge that is under the jurisdiction of
Hillsborough County.

The Friendship Trails Bridge no longer carries vehicular traf-
fic, but is now the world’s longest over-the-water recreation trail.
The 4.18 km �2.6 mile� bridge is supported on 254 piers and 22
columns numbered 1–276 extending east from St. Petersburg to
Tampa. Seventy-seven percent of the 254 piers have needed to be
repaired, indicating that the environment is very aggressive.

In a previous study �Mullins et al. 2006�, Piers 99–101 on the
Tampa side of the Friendship Trails Bridge were considered to be
the most suitable because all the piles were in a similar state of
disrepair. For this reason, two remaining unwrapped reinforced
concrete piles in Pier 101 were selected for the field demonstra-
tion in this study. The 0.508�0.508 m �20�20 in.� piles were
reinforced by eight No. 8 �25.4 mm diam� bars.

Details of the two piles selected are summarized in Table 4.
The table also includes information on the two instrumented con-
trols in pier 99 from the previous study. The relative positions of
the test piles in the pier are shown in Fig. 12. Instrumentation
consisting of rebar probes developed by the Florida Department
of Transportation was the same as used in the earlier study. As

Fig. 11. Percentage of satisfactory
before, they were installed at two different depths along a pile to
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allow measurement of the corrosion current between the probes
after the system had stabilized.

Pressure Bag

The prototype built for the laboratory testing was scaled up to
match the dimensions of the larger field piles. However, some
changes were made to the original design, namely �1� a cinch
strap was introduced to tie the bag at the top to prevent upward
movement �due to buoyancy effects� after the bladder had been
inflated; �2� the toggle connections of the two ends �Fig. 4� were
replaced by snap-on hooks. In addition, a burlap breather layer
was added to the prepreg system to allow gases generated during
curing to exit. It was believed bond had been adversely affected
for the prepreg system by the outward pressures exerted by es-
caping gases that formed during curing.

Surface Preparation

Previous procedures were followed except for a change in the
water pressure used for the final cleaning. A scraper was used to
remove all marine growth from the region to be wrapped. Project-
ing parts of the concrete surface were chipped using a hammer

ut results using 1.38 MPa cut off

Table 4. Test Pile Details

Pier
no.

Repair
system

Specimen
type

Pile
name Instrumentation

Pier 99 N/A Control 99-N Yes

N/A Control 99-S Yes

Pier 101 Prepreg Glass
1+1 layersa

101-I.N. Yes

Wet layup Glass
1+1 layersa

101-I.S. Yes

aSignifies number of layers in the longitudinal and transverse direction,
pullo
respectively.
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Fig. 12. Pier 101 layout
Fig. 13. �a� Scraping large deposits off the surface of the piles; �b� grinding the surface and corners; �c� pressure washing with 68.9 MPa water
pressure; and �d� pressure washing with 20.7 MPa water pressure
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and chisel. All four corners were chamfered and were ground to a
19 mm �3 /4 in.� radius using a grinder. Finally, all surfaces were
ground and pressure washed using fresh water to remove all dust,
debris, and remaining marine growth just prior to wrapping.

Fig. 13 shows the test piles prior to FRP application. Pressure
washing was attempted with the same 68.9 MPa �10 ksi�
unit used in the laboratory study. However, because of the
large water supply demand and lack of ready availability of fresh-
water at the site, the 20.7 MPa �3 ksi� pressure washer was used
instead.

Wrapping

Prepreg
The prepreg system was used to wrap the interior north pile in
Pier 101. It was wrapped using one unidirectional glass fiber layer
in both the longitudinal and transverse directions. Wrapping com-
menced from the pile top 0.3048 m �12 in.� below the underside
of the pile cap to accommodate the presence of the junction box
used for corrosion measurements. The procedure for applying the
glass fiber used earlier was followed �Mullins et al. 2006�. How-
ever, a new device �resembling a miniature bed of nails� was used
to puncture the entire surface of the stretch wrap with tiny holes
to allow curing gases to escape.

A burlap breathing layer was now placed over the punctured
stretch wrap. This ensured that gases generated during curing
of the urethane resin could escape without compromising
bond. Next, the pressure bag was carefully positioned so that the
two ends were joined over the middle of the pile. The cinch
straps were tightened at the top and bottom to prevent the bag
from moving upwards once the bladder inside the bag had been
inflated. A constant pressure of 14.5 kPa �2.1 psi� was applied
to the wrap during curing for a period of 3 h �initial set�. The
pressure bag was then removed. The wrap was subsequently al-
lowed to cure for one week. After removing the plastic stretch
film, the pile was painted with the same base primer for UV
protection.

Wet Layup System

The interior south pile in Pier 101 was wrapped using the wet
layup system. The fibers were impregnated with resin on site by
hand using a roller to distribute the epoxy evenly over the fabric.

Fig. 14. Pressure bag applied to the wet layup pile at 14.5 kPa
The usual procedure for wrapping was followed �Mullins et al.
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2006�. Since no gases are given off during curing, the burlap
breathing layer was not required. The pressure bag was directly
placed over the plastic stretch film that covered the entire
wrapped region. As before, the ends of the pressure bag were
positioned over the middle face of the pile and cinch straps at the
top and bottom tightened to prevent the bag from moving when it
was inflated. A constant pressure of 14.5 kPa �2.1 psi� was ap-
plied to the wrap during curing for a period of 16 h. This was
significantly longer than the time used for the prepreg system
because the initial set time was longer. Fig. 14 shows the pressure
bag applied to the wet layup pile. Fig. 15 shows the FRP repaired
piles with the UV protection applied.

Discussion

This study described the adaptation of techniques widely used
by the composite industry to improve FRP-concrete bond.
Both vacuum bagging and pressure bagging were successfully
implemented.

The advantage of the vacuum bag system is that there are no
strength requirements, since pressure is applied by evacuating air.
However, it requires air tight seals around the perimeter that may
be difficult to achieve, especially if the pile is cracked. The pres-
sure bag system does not require air tight seals, but the material of
the air bladder must be strong enough to withstand tensile hoop
stresses that develop.

In the study, vacuum bagging was only tested for the pre-
preg system where it was found to be ineffective, possibly be-
cause of the short setting time of the urethane resin. The
time taken to resolve leaks in the seal coupled with gases gener-
ated during curing may have been responsible for this unantici-
pated result. However, as the chemistry for epoxy resin is
different, it would be unwise to extrapolate the findings for the
urethane resin. Unfortunately, tight deadlines did not permit fur-
ther investigation.

Destructive pullout tests showed that pressure bagging led to
improved bond. This is most probably because uniform pressure
ensured the FRP was in continuous contact with the concrete
surface as it cured. This automatically enhanced the chemical
adhesion between concrete surface and FRP. Additionally, bond

Fig. 15. Piles after FRP repair with UV coating
was enhanced by forcing resin into the concrete pore structure.
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Pressure also made the FRP denser by squeezing out excess resin,
thereby improving the mechanical and corrosion resistant proper-
ties of the system.

Conclusions

This study was undertaken to improve the integrity of the FRP-
concrete bonding that was achievable under water. Previous tests
had found this to be variable �Fig. 1�. It was believed that if
constant pressure were maintained as the resin cured, bond would
be improved because of increased frictional resistance.

Two disparate approaches were tested in the laboratory—
vacuum bagging and pressure bagging. Both systems were made
to work. However, inherent sealing problems associated with
vacuum bagging made it a less attractive solution, particularly for
repairs of damaged piles. Pressure bagging had no similar re-
quirement and was found to be more effective, particularly for the
wet layup system.

The pressure bagging system developed was implemented
without incident in the repair of two piles on pier 101 of the
Friendship Trails Bridge. Visual and tactile inspection indicated
that the FRP-concrete bond obtained was better than in earlier
projects.

The study is indicative of the relative ease with which tech-
nologies developed by the composites industry can be used in
infrastructure applications. While the application focused on pile
repair, the systems developed are versatile and can also be used
for repairs of columns and bents under dry conditions.
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The authors have presented a very interesting paper on post-
grouted drilled shafts �PGDS�, a deep foundation system that is
relatively new to North American geotechnical practice. A clear
strength of the paper is the documentation of full-scale field test
data for five test sites, particularly given the scarcity of these
types of data on deep foundation systems. In the opinion of the
discussers, however, the paper does not provide important infor-
mation regarding procedures and data reduction of the field tests
conducted. This lacking information is important so that readers
can have a complete story. However, the discussers believe this
paper is a very useful contribution toward establishing a reliable
design rationale and methodology for PGDS in different types of
soils.

Review of the references cited in the paper shows that the case
histories involved load tests carried out using the Statnamic de-
vice, which typically involves test durations of less than a second.
This is important information that should be mentioned explicitly
in the paper. Although Statnamic testing has been used for quite
some time and its usefulness is not questioned, it is important that
this aspect be mentioned in the paper and any associated assump-
tions involved in the field data reduction should be stated and
discussed. Furthermore, some important details on the full-scale
load tests were not found in the references cited for each case
history, and it would be helpful to the geotechnical community’s
understanding of the use of postgrouted drill shafts if some addi-
tional information is provided by the authors.

This is particularly important in North America, where this
deep foundation system is relatively new. Specifically, the follow-
ing design issues should be specified for each case history pre-
sented: �1� whether grout pressure was locked in or not; �2� how
end bearing load versus tip displacement was measured or back-
calculated during each Statnamic test; and �3� whether the end
bearing versus tip displacement results presented were corrected
for possible damping and load rate effects that can be associated
to the Statnamic testing procedure.

In closing, the authors have provided a very valuable paper
that illustrates the promise of this new deep foundation system
and improves our knowledge of the design issues involved with
postgrouted drilled shafts. As our knowledge and understanding
of some of the pending technical and design issues related to the

use of postgrouted drilled shafts increase, we will likely find that
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this foundation system becomes more mainstream in North
America.
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The authors appreciate the discussers’ interest in this topic and the
time taken to submit a discussion. Therein, the use of rapid load
testing and the various analysis methods were of interest to the
discussers, along with the pressure state of grout while it cured.
Although some of these points can be gleaned from the paper,
procedures and “how-to” knowledge could not be adequately ad-
dressed without detracting from the intended design emphasis.

Rapid load tests were used on all shafts in the original studies
whereby both inertia and damping corrections were applied,
which became standard ca. 1995 �Middendorp 1995�. This in-
cluded both the grouted and ungrouted shafts. Methods for estab-
lishing the shear stress and displacement distribution throughout
the shaft are commonly applied using the segmental unloading
point method �Lewis 1999; Mullins et al. 2002�. Thereby, toe
displacements are computed from the measured strain distribution
and the top of shaft movement for each measured time interval. In
most of the test shafts used in the presented study, toe accelerom-
eters were also used to corroborate the computed values.

No appreciable effect on load-carrying capacity has been noted
by using either a “locked-in” or “unlocked” grout pressure state in
shafts tipped in cohesionless soils. In brittle bearing strata, how-
ever, that may not be the case. Locking in the applied grout pres-
sure forces the side shear to react with a downward force to
balance the upward grout pressure. Upon subsequent structural
loading, all loads are transferred directly to the tip until sufficient
displacement is experienced to reverse the side shear force direc-
tion. If the end bearing strata cannot tolerate additional load or
brittle fracture occurs beneath the tip, all load will be quickly
transferred to the side shear whereby it will be forced to solely
support the structural load. Under these conditions, relying on
additional strain tolerance could be catastrophic and may cause

the two capacity components �side shear and end bearing� to act
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independently instead of in concert. For the case studies cited,
five shafts were locked in and three unlocked.
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We, the discussers, note that the authors’ paper contains some
interesting and contentious results. Most notable is the very large
acceleration of solute transport �a �95% reduction in break-
through time� indicated in Case II, since this case approximates
the situation encountered in many modern engineered geocom-
posite contaminant barriers. Results from our own modeling
�based on a large deformation formulation� for a large variety
of similar analyses encompassing small deformation situations
�less than �15% settlement� have indicated that although an ac-
celeration of transport does arise from barrier consolidation,
breakthrough time reductions are typically less than 30%. To un-
derstand the reason for the discrepancy in these findings, we have
carefully scrutinized the authors’ paper and have found what ap-
pear to be significant errors in the analysis.

Results of calculations presented in Table 1 are based on the
parameter values employed in the Case II analysis. These indicate
that the settlements of soil layers of porosity in the range 0.25 to
0.75 will be very small �less than �5%�. This reinforces the suit-
ability of the assumption of small deformations implicit in the
model formulation, but it also suggests that the reported very
large reduction in breakthrough time is implausible. This moti-
vated us to reanalyze the problem based on the governing equa-
tions and boundary/initial conditions provided and attempt to
reproduce the breakthrough curve results presented for Case II
�B=5�.

The breakthrough curves obtained from our reanalysis are pre-
sented in Fig. 1 and appear to indicate the nature of the error in
the original analysis. It may be seen that the quoted parameter
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Downloaded 15 Sep 2009 to 131.247.9.208. Redistribution subject to
value of Pc=0.0143 corresponds to a negligible acceleration of
solute transport across the layer. However, a value of Pc=1.43
yields a breakthrough curve very similar to that attributed in the
paper to Pc=0.0143. Furthermore, a value of Pc=1.43 combined
with any combination of the other parameter values indicated in
Table 1 may be seen to correspond to the attainment of a negative
final soil porosity and so represents an unrealistic scenario.

A further remark should also be made regarding the model
equations. A discrepancy exists between the governing equations
employed in the model and those presented previously �Peters and
Smith 2002�. Detailed consideration of this issue is provided
below.
Comparison of Small Deformation Model
Formulations

The governing equations employed in the small deformation, spa-
tial coordinate models previously presented by Peters and Smith
�2002� and the authors of the original paper are presented here for
the purpose of comparison with those that may be deduced from
the more general large deformation model. The notation is largely
consistent with that used by Peters and Smith. For consistency,
the equations used in the original paper, presented in terms of
excess head, have been transformed and presented here in terms
of excess pore pressure. The two variables are simply related by

he =
p

� fg
�1�

where he�excess head; p�excess pore pressure; � f�mass den-
sity of the fluid phase; and g�acceleration due to gravity.

Consolidation Equations

The governing equation for 1D, large deformation consolidation
in spatial �Eulerian� coordinates—displacement, x, and time, t,
neglecting any hydraulic gradient, in terms of excess pore pres-
sure, p—is shown in Eq. �9� in Peters and Smith �2002�

Dp

Dt
=

1 + e

av

�

�x
� k

� fg

�p

�x
� +

D�

Dt
�2�

where e�void ratio; av�coefficient of compressibility;
k�hydraulic conductivity; ��total stress; and D /Dt represents
the material �or substantial� derivative �relative to the solid
phase�, i.e., D /Dt=� /�t+vs� /�x, where vs�solid phase velocity.

Subject to assumptions of negligible self-weight ����a, e0

constant�, small deformations �D /Dt�� /�t, e�e0� and constant
material properties �k and av constant� in Eq. �2� reduces to the
linear �cv constant� consolidation Eq. �62� employed in Peters and
Smith �2002�

�p

�t
= cv

�2p

�x2 +
d�a

dt
�3�

where ���applied stress. This is also effectively equivalent to the
consolidation equation employed in Eq. �1� in the original paper
since a step loading was assumed implying �a=constant, and thus
d�a /dt=0.

Transport Equations

The governing equation for 1D solute transport in a porous me-
dium undergoing large deformation in terms of spatial coordi-
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ABSTRACT

As the concrete in drilled shafts cures, extremely high internal temperatures can
be generated (even when relatively small in diameter) giving rise to mass concrete
conditions. When the concrete temperature exceeds safe limits, the concrete may
not cure correctly and can ultimately degrade via delayed ettringite formation.
Minimizing the peak temperature (and the associated defects) can be undertaken by
casting the shafts without concrete in the core thereby removing a large amount of
the energy producing material in a region that is least likely to benefit the structural
capacity and that is less able to dissipate the associated core temperatures due to the
presence of the more peripheral concrete. This paper presents the field temperature
results of shafts cast under normal conditions and the surprisingly alarming
findings. A numerical model was subsequently calibrated and used to show the
tremendous potential for voiding shafts. Finally, construction issues that are likely
to be encountered are summarized with possible solutions.

INTRODUCTION

Drilled shafts are large-diameter cast-in-place concrete structures that can develop
enormous axial and lateral capacity and consequently, are the foundation of choice for
many large bridges subject to extreme event loads such as vessel collisions. In some
cases these foundation elements have been constructed without considering mass
concrete effects and the possible long-term implications of the concrete integrity.
Such considerations address the extremely high internal temperatures that can be
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generated during the concrete hydration/curing phase. This can be detrimental to the
shaft durability and/or integrity in two ways: (1) short-term differential temperature-
induced stresses that crack the concrete and (2) long-term degradation via prolonged
excessively high temperatures while curing.

Mass concrete is generally considered to be any concrete element that develops
differential temperatures between the innermost core and the outer surface that in turn
can develop tension cracks. Some state DOTs have defined geometric guidelines that
identify potential mass concrete conditions as well as limits on the differential
temperature experienced. For instance, the Florida DOT designated any concrete
element with minimum dimension exceeding 0.91m (3 ft) and a volume to surface
area ratio greater than 0.3m3/m2 will require precautionary measures to control
temperature-induced cracking (FDOT, 2006). The same specifications set the
maximum differential temperature to be 20C (35F) to control the potential for
cracking. For drilled shafts, however, any element with diameter greater than 1.83m
(6 ft) is considered a mass concrete element despite the relatively high volume to area
ratio.

The latter of the two integrity issues, i.e., excess high temperature, is presently
under investigation at a number of institutions. When concrete temperature exceeds
safe limits on the order of 65C (150F), the concrete may not cure correctly and can
ultimately degrade via latent expansive reactions termed delayed ettringite formation
(DEF). This reaction may lay dormant for several years before occurring; or the 
expansion may not occur as it depends on numerous variables involving the concrete
constituent properties and environment. Concrete mixes with low pozzolans have
lower threshold temperatures whereas higher pozzolan content concretes may not
exhibit adverse effects up to 85C (185F). At present, a definitive upper temperature
limit is not available (Whitfield, 2006). What is known is that staying below 65C
appears to prevent temperature-related long-term detrimental effects.

CASE STUDIES

Numerous case studies have documented the effects of hydrating cement in mass
concrete structures. The most famous of which is perhaps the Hoover Dam project
constructed during the depression from 1932 to 1935 where over 4 million cubic
meters of concrete were used. At that time it was understood that staged construction
and a cooling system would be required to help control elevated temperatures. The
primary concern was concrete cracking from differential temperature. Without these
considerations, temperature dissipation was estimated to take over 100 years and
temperature-induced cracking would have severely compromised its structural
integrity and its ability to prevent fluid ingress (DOI, 2004). Preventing
microcracking and fluid ingress are important to warding off DEF (Collepardi, 2003)
and sulfate attack generally (Stark and Bollman, 1998).

Ringling Causeway Bridge. A relatively recent structure which started to shed light
on drilled shafts as mass concrete was the Ringling Causeway Bridge spanning across
Sarasota Bay, Florida. This segmental, post-tensioned concrete box girder bridge is
supported by single column piers founded on two 2.75m (9 ft) diameter drilled shafts.
The concrete mix was a type I/II with 20% cement replacement with fly ash (probably

GSP 158 Contemporary Issues in Deep Foundations
                     109



3

class F). In spite of relatively cool weather (for Florida) and that it was bathed in cool
bay water, the core temperature of the shafts reached 69C (157F). Figure 1 shows
temperature traces over a 9 day period for the shaft center and edge as well as in the
surrounding water and air. The bay water temperature averaged 17C (63F) while the
air temperature dipped as low as 3C (37F). A maximum differential temperature of
37C (67F) was recorded shortly after the coldest spell.

These results were used to calibrate a 3-D numerical model whereby other size
shafts could be evaluated under similar pour conditions with a similar concrete mix
(same energy production per cubic volume of cement). The finite difference model
incorporated a temperature time series as a boundary condition, and specified initial
conditions for concrete, water (or soil) and atmosphere. A water diffusion rind of
0.37m (1.2ft) was placed between the concrete shaft and the imposed boundary.

Figures 2 and 3 show the peak and differential temperatures, respectively, for four
modeled shaft diameters; the 2.75m shaft closely matched that observed (model
calibration). Under these relatively cool conditions, the differential temperature
predictions show shafts as small as 1m can exceed the recommended limit; the
generated peak temperatures in general did not.

Clearwater Test Site. The large diameter shafts used in the Ringling project were
predicted to behave as mass concrete. However, more commonly used shaft sizes like
1.22m shafts have been installed without concern for years. A recent study in
Clearwater, Florida was conducted whereby a 7.6m deep, 1.22m diameter shaft was
cast in saturated sandy to silty sandy soil complete with thermocouple and strain gage
instrumentation. The full scope of the study involved anomaly detection, shaft
integrity test method evaluations, and temperature development in a commonly used
shaft size. Only the peak and differential temperature results are presented herein.
Full details of the entire study will be available upon completion of the project
(FDOT).

Figure 1. Temperature traces from the Ringling Causeway Bridge.
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Using the measured temperature response, the same numerical model was applied to
this site’s conditions which were significantly different from the Ringling site.
Specifically, the ambient temperature was much higher, the surrounding heat
diffusing materials were non-convective with no flowing water, and the mix design
contained little to no pozzolans. Figure 4 shows the measured and modeled results
superimposed with no recognizable differences aside from the diurnal temperature
fluctuations on one thermocouple channel. A peak temperature of 84C (183F) was
observed with a maximum differential temperature of 32C (57F).
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Figure 2. Modeled peak temperature traces for various shaft sizes, based on
“Ringling” shaft mix design and conditions.
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Figure 3. Modeled differential temperatures for “Ringling” shaft mix.
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Using the same Clearwater conditions, the numerical model was extended to
simulated smaller shaft sizes (Figure 5). The results showed that even the smallest of
constructible shafts (0.6m) would exhibit mass concrete under these highly adverse
conditions.
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Figure 5. Modeled temperature generation versus shaft diameter.
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Minimizing the peak and differential temperature (and the associated defects) can
be undertaken by casting shafts with a full length centroidal void. This removes a
large amount of the energy producing material in a region that is least likely to benefit
the structural capacity and that is less able to dissipate the associated core
temperatures due to the presence of the more peripheral concrete. An overview of
this concept forms the basis of this article.

VOIDED SHAFTS

Large prestressed piles (0.6 – 0.9m) are often cast with a cylindrical void aligned
with the longitudinal axis of the pile to minimize construction weight while also
reducing concrete cost. Larger diameter post-tensioned cylinder piles (0.9 – 1.8m)
develop enormous axial and bending capacity with only a 15 to 20cm thick annular
ring of concrete (concrete pipe pile). An even larger version is plausible in the form
of a voided drilled shaft. Aside from obvious constructability issues, benefits include
reducing concrete volume and pouring time which in turn would relax concrete
supplier issues as well as reducing hydration heat generation.

Construction Considerations. Construction of drilled shafts, simply stated, involves
excavating a hole deep in the ground with rotary type augers (hence the name drilled),
inserting reinforcing steel into the excavation in the form of a cylindrical cage, and
filling the hole with wet/liquid concrete which occupies the space from which the soil
was excavated. To construct a shaft with a central void would involve normal
excavation of the shaft’s outer diameter followed by the insertion of a centralized
steel casing (or similar) that can adequately maintain its position during the
concreting of the annular volume. This may require that additional excavation of the
smaller diameter to allow the inner casing to adequately seal below the bottom of the
outer shaft diameter (Figure 6).

Shaft Concrete

Steel Casing

Soil

Soil

Void

Structural Loads

Shaft Concrete

Steel Casing

Soil

Soil

Void

Structural Loads

Figure 6. Conceptual schematic of a voided drilled shaft, in profile view (left)
and plan view (right).
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Concrete placement can be carried out with any method (full length pump truck
hose or tremie) provided it can be easily moved during concreting to unify the
concrete flow levels around the inner casing. Use of new high performance shaft
concrete would certainly be advantageous.

Inner casing installation, alignment, and overcoming potential buoyancy forces are
perhaps the most significant obstacles to constructing voided shafts. The physics of
buoyancy forces only provide a problem if the concrete can form a pressure face
beneath the casing causing an upward force (Figure 7). Lateral concrete pressure will
not induce buoyancy but rather will require sufficient casing stiffness such that it will
not collapse. As there is little surface area on which upward pressure could act (open
ended casing), the real issue is assuring concrete will not flow underneath and fill the
inner casing. Therefore, the casing must form a seal with the bottom of the
excavation in spite the upward drag force that accompanies concreting.

One method of sealing the casing is socketing it beneath the toe of the voided shaft.
This socket is not required to develop significant side shear with the inner casing but
must provide a reasonable seal. Advancing the inner casing into the underlying strata
could be performed by duplex drilling (drilling beneath the casing while advancing),
vibratory, or oscillatory installation. When slurry stabilization is to be used, duplex
drilling would likely be preferred as vibratory installation could disrupt the integrity
of the excavation walls. In most cases, cuttings would not need to be removed (or at
least not completely) from the inner casing during its installation, nor would it be
necessary to perform clean-out processes within the inner casing. When full length
temporary casing is employed to stabilize the hole, duplex, vibratory, oscillatory, or a
combination installation method would suffice to install the inner casing.

An alternate method of providing a seal between the inner casing and the excavation
bottom might include a flange at the base of the casing (rigid, flexible, or combination
thereof) that would both center the casing at the toe and provide a flat surface on
which the self weight of the shaft concrete would secure the seal (Figure 8). A
combination of flange and socketing may be found most suitable in certain
circumstances.

Figure 7. Net hydrostatic pressure distribution during construction.
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Centering the inner casing as well as the reinforcement cage is also important and
can be achieved by attaching a simple frame work to the inner casing. If a flange
assembly is used, the frame work is extended from and/or incorporated into the
flange. Struts attached to this frame to provide the necessary stiffness serve dual
purpose by providing cage centering via properly dimensioning their connection
locations (Figure 9). This provides better assurance of the cage placement than the
presently used plastic spacers which often are found floating to the top during
concreting.

Figure 8. Rigid and flexible combination sealing flange is attached to the void
casing, and engaged by the slurry and concrete load.

Casing-attached flange

Rigid flange Flexible flange

Casing-attached flange

Rigid flange Flexible flange

Steel struts welded to casing and
centralizing/sealing flange

assembly

Steel struts welded to casing and
centralizing/sealing flange

assembly

Reinforcement
cage centralized

by struts

Steel struts welded to
casing and a centralizing

framework

Optional socketing
depth d

Excavation
depth H

Steel struts welded to casing and
centralizing/sealing flange

assembly

Reinforcement
cage centralized

by struts

Steel struts welded to
casing and a centralizing

framework

Optional socketing
depth d

Excavation
depth H

Steel struts welded to casing and
centralizing/sealing flange

assembly

Reinforcement
cage centralized

by struts

Steel struts welded to
casing and a centralizing

framework

Optional socketing
depth d

Excavation
depth H

Reinforcement
cage centralized

by struts

Steel struts welded to
casing and a centralizing

framework

Optional socketing
depth d

Excavation
depth H

Steel struts welded to casing and
centralizing/sealing flange

assembly

Steel struts welded to casing and
centralizing/sealing flange

assembly

Reinforcement
cage centralized

by struts

Steel struts welded to
casing and a centralizing

framework

Optional socketing
depth d

Excavation
depth H

Steel struts welded to casing and
centralizing/sealing flange

assembly

Reinforcement
cage centralized

by struts

Steel struts welded to
casing and a centralizing

framework

Optional socketing
depth d

Excavation
depth H

Steel struts welded to casing and
centralizing/sealing flange

assembly

Reinforcement
cage centralized

by struts

Steel struts welded to
casing and a centralizing

framework

Optional socketing
depth d

Excavation
depth H

Reinforcement
cage centralized

by struts

Steel struts welded to
casing and a centralizing

framework

Optional socketing
depth d

Excavation
depth H

Figure 9. Void (inner) casing and reinforcement cage piloting
framework.
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Strength Considerations. Strength reduction caused by the reduced cross-sectional
area has little effect on the structural performance of the foundation element in that
the soil resistance is typically the limiting parameter. Therein, the geotechnical
capacity is only affected by the reduction in end bearing area which is not typically
considered a significant capacity contributor in large diameter shafts. However, if the
inner casing was initially plugged or plated this capacity could be regained.

Structurally, a centrally voided shaft would exhibit a reduction in axial capacity
roughly proportional to the loss in cross-sectional area. In general, load cases
involving lateral loads and overturning moments produce far more severe stresses but
would only be mildly affected by the presence of the void. For example, a 2.75m (9
ft) diameter shaft with a 1.22m (4ft) diameter void, 1% 410MPa (60ksi) steel, and f’c
of 34MPa (5ksi) would result in a axial capacity reduction in the range of 17%
whereas the bending capacity would be reduced less than 1%. This is due to the
minimal contribution to the moment of inertia and the associated bending strength
provided by the more centrally located concrete material. Further, the 1% reduction
does not consider the gain in bending capacity associated with the inner steel casing if
permanent. If the axial capacity must be maintained slightly increasing f’c to 41MPa
(6ksi) would suffice. Figure 10 shows the interaction diagram for the above example
shafts as well as the 41MPa voided option.

Curing Temperature Maintenance. The numerically modeled temperature
responses of a 2.75m (9ft) diameter shaft with and without a 1.22m (4 ft) diameter
void are shown in Figure 11. The model parameters simulated summer ambient
conditions (changing winter to summer) but used concrete heat parameters similar to
the Ringling Causeway Bridge. Note that under those conditions the peak
temperature increase in the un-voided shaft (Figure 2 and 11) is related to the
difference in ambient temperature and the lack of thermal convection in saturated soil.

Figure 10. Interaction diagram of 2.75m diameter voided and un-voided shafts.

-5000

0

5000

10000

15000

20000

25000

30000

0 5000 10000 15000 20000 25000 30000 35000 40000

NMn (kip-ft)

N
P

n
(k

ip
s)

-22

-2

18

38

58

78

98

118

0 10 20 30 40 50

NMn (MN-m)

N
P

n
(M

N
)

Non-voided 9 ft diameter
(34MPa or 5 ksi)

9 ft diameter with 4 ft void
(34 Mpa or 5 ksi)

9 ft diameter with 4ft void
(41 Mpa or 6 ksi)

GSP 158 Contemporary Issues in Deep Foundations
                     116



10

The voided shaft was modeled with the void (center of casing) filled with slurry
which in turn attained the same peak temperature. This was well less than the
recommended safe temperature, and temperature differentials momentarily approach
but do not exceed 20C. Recent unpublished results, using published cement heat
parameters, also indicate that supplanting 50% cement with ground granulated blast
furnace slag does not diminish either peak or differential temperatures in large
diameter shafts, but increases the centroidal peak time lag.

Although the accuracy of the model has been verified with field data that supports
the un-voided shaft temperature response, a voided shaft has not been constructed and
therefore has not been verified at this time. The FDOT is presently planning the
construction of a demonstration voided shaft completely instrumented to verify
temperature consideration while also addressing the constructability issues.

Cost Effectiveness. Preliminary cost comparisons between the permanent steel
casing required to maintain the void during concreting and the central concrete that
would be displaced (not required) showed the concept to be cost effective even
without the savings associated with the now un-necessary cooling system. Figure 12
shows that for void diameters greater than about 1.3m (4.3ft) the cost savings from
concrete not used offsets the cost of the steel casing. This assumes that the casing is
permanent and no innovative method of inner form-work extraction has been devised.

For 2.75m shafts, voids larger than 1.2 to 1.5m are not likely to be considered as an
annular thickness of 0.75m is envisioned to be the practical lower limit for
construction. This leaves approximately 0.6m between the inner casing and the
reinforcement cage for a pump truck hose or tremie to negotiate the concrete
placement process. As a result, the Figure 13 results show a break even cost for 1.3m
voids which would be reasonable for 2.75m shafts. For larger diameter voids (larger

77

89

101

113

125

137

149

161

173

185

0 24 48 72 96 120 144
Tim e (h)

T
em

p
er
at
u
re

(
F
)

25

35

45

55

65

75

85

T
em

p
er
at
u
re

(
C
)

Voided Shaft Maxima

Voided Shaft Edge

Non-voided Shaft Edge

--M axim um Safe Tem perature=65C --

Non-voided Shaft Center (Maxima)

77

89

101

113

125

137

149

161

173

185

0 24 48 72 96 120 144
Tim e (h)

T
em

p
er
at
u
re

(
F
)

25

35

45

55

65

75

85

T
em

p
er
at
u
re

(
C
)

Voided Shaft Maxima

Voided Shaft Edge

Non-voided Shaft Edge

--M axim um Safe Tem perature=65C --

Non-voided Shaft Center (Maxima)

Figure 11. Calculated temperatures for 2.75m voided and non-voided drilled shafts
in saturated sands, with summer installation (“Clearwater” type).
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shafts) cost savings can be realized with additional savings from no required cooling
system. Further benefits accompany voiding shafts in the assurance of long-term
durability.

SUMMARY

It has long been understood that heat generation from curing concrete leading to
differential temperatures can induce cracking stresses that may render the final
structure unsound. To combat the potential problem, limiting temperature differentials
have been implemented with successful results. In the last several years, however, an
awareness concerning the effects of elevated temperatures on concrete durability has
arisen as it pertains to the developed peak temperature as well as differential. This is
of particular interest in the wake of higher and higher strength concrete mixes with
more energy producing constituents. Upper temperature limits are now being
investigated to prevent the latent expansive reactions that result (years later) from
severely elevated temperatures while curing. Further, as the use of larger diameter
drilled shafts has heightened to accommodate extreme event limit states for longer
span bridges, drilled shafts are now being viewed as mass concrete elements that
require special attention.

Case studies were presented where mass concrete effects were encountered in both
large and small diameter shafts. Although it was predicted in the larger (2.75m)
shafts, the occurrence in the smaller 1.22m shaft was somewhat surprising. The
second case admittedly involved severe conditions with poor dissipation to
surroundings and high ambient temperature. However, had the first case with 2.75m
shafts been constructed in the conditions of the latter, a far more detrimental scenario
would have arisen. It is this potentially harmful condition that gives merit to the
casting drilled shafts with a full-length central void.

Figure 12. Cost savings per ft from unused concrete, including the inner casing,
which is assumed permanent.
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Model predictions of temperature generations were introduced that clearly show
that internal peak temperatures can be minimized by cast shafts with voids.
Construction and strength considerations were discussed which further outlined the
feasibility. Finally, cost savings were discussed; although no present values can be
assigned to the increase in contractor duties, the values used to estimate savings were
based on state pay item material costs that typically include contractor efforts.

In closing, the Florida Department of Transportation is seriously considering a
demonstration project in the near future to flesh out the feasibility and potential
benefits.
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Abstract 
The development of resins that can cure in water has led to interest in the possible application 
of fiber reinforced polymers (FRP) for the underwater repair of corrosion-damaged piles. 
Over the past four years, USF have completed four demonstration projects in which FRP was 
used to repair corroding piles. The FRP material was directly applied to the submerged, 
partially wet or dry concrete surface. Fiberglass and carbon were both used in conjunction 
with two types of resin - a water-activated urethane resin and an epoxy resin. In all the 
projects, selected piles were instrumented to allow evaluation of the post-wrap FRP corrosion 
mitigation performance. No particular problems were encountered in wrapping the partially 
submerged piles. Linear polarization measurements indicated lower corrosion rates in the FRP 
wrapped specimens in comparison to their unwrapped counterpart. This paper provides an 
overview of the studies and highlights some of the important lessons that were learned.   
 
 
Introduction 
Corrosion of reinforced or prestressed piles in tidal waters in sub-tropical environments is a 
world-wide problem. The combination of wet/dry cycles in a marine environment and high 
temperature/high humidity can be lethal since it allows chloride ions to readily penetrate the 
concrete cover and destroy the passive layer that normally protects steel in concrete’s alkaline 
environment. Subsequent electrochemical reactions can cause steel to corrode rapidly, 
sometimes within eighteen months of service.  
 
Traditionally, corroded piles are repaired using methods such as ‘chip and patch’, shotcreting, 
epoxy injection and pile jacketing (Fig. 1). Typically, chloride-free concrete is placed directly 
adjacent to chloride contaminated concrete. This sets up new corrosion cells that lead to more 
corrosion. The wisdom of following procedures that result in costly re-repair is increasingly 
under question.  
 
Over the past decade, several highway authorities in Canada and US have explored the 
possibility of using FRP for corrosion repair1. In most applications no attempt was made to 
remove the chloride contaminated concrete and the wrapping was conducted under dry 
conditions. The availability of new resins that cure under wet conditions has spurred interest 
in extending FRP repair to partially submerged piles. Some full-scale FRP pile repairs were 
recently reported2, 3. However, as the piles were not instrumented the performance of the FRP 
in reducing corrosion cannot be quantitatively assessed from these studies. 
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The University of South Florida (USF) have completed four demonstration projects in which 
corroding reinforced and prestressed piles were repaired using FRP. These projects were the 
culmination of several research studies that investigated the role of FRP in corrosion 
mitigation applications4-6. Several of the wrapped and unwrapped piles were instrumented to 
allow assessment of long term performance (these results are, however, not included in this 
paper). Moreover, as the sites for the repairs differed, alternative instrumentation approaches 
had to be explored. This paper provides a brief overview of the projects. Complete 
descriptions may be found elsewhere7-9.  
 
 
Background  
The external bonding of FRP in underwater applications is more involved than similar repairs 
carried out under dry conditions. Changing tides, winds, wave action create unfavorable 
conditions that need careful attention. For this reason, existing application methods developed 
for repair under dry conditions have to be modified and new techniques developed to 
minimize the impact of the potentially adverse conditions. 
 
As repair involves restoration of strength, bond is an important consideration. As with any 
bonded application, surface preparation is critical; good bond requires the substrate to have an 
open pore structure to ensure capillary suction of the epoxy10. In underwater application, 
however, pores will be saturated with water or small marine organisms or algae that are likely 
to adversely impact bond. New surface preparation techniques and new measures, e.g. 
bonding agents, may be required to ensure satisfactory performance. 
 
FRP will only be used for repair if it leads to lower initial costs and better performance in 
comparison to traditional repairs. Thus, pile repairs need to be properly engineered so that 
FRP use is optimized. This requires reliable information not only on the capacity that must be 
restored but also on the relationship between corrosion and expansion. Available experimental 
data obtained from accelerated corrosion tests may not be applicable. Whereas laboratory 
studies result in symmetrical cracking, the combined action of wind and waves result in 
uneven chloride penetration and asymmetric cracking in piles. More importantly, the 
solubility of corrosion products from accelerated testing may differ from that under field 
conditions. Lack of information on expansion introduces uncertainty in design.   
 
Finally, constructability and safety are of prime importance. The most careful attention has to 
be paid to all details so that the wrap is carried out safely and expeditiously.  

Figure 1.  Jacketed pile repair (left) and view with jacket removed (right) 
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Designing FRP Repairs 
The design of the FRP wrap requires the same information needed for conventional repair, 
namely, an estimate of the capacity loss that has to be recovered. Additionally, information is 
required on corrosion expansion that has to be accommodated by the FRP; several researchers 
have independently demonstrated1 that corrosion continues as long as the ingredients required 
for the electro-chemical reactions remain inside the wrap. Thus, the FRP material simply 
serves as a barrier element reducing future ingress of deleterious materials such as chlorides 
and moisture.   
 
The role of FRP in pile repair is therefore twofold: first to restore lost flexural capacity due to 
corrosion of steel; second to provide resistance to withstand expansive forces caused by 
corrosion products. The former requires fibers to be oriented parallel to the direction of the 
reinforcing or prestressing steel, i.e. along the length, while the latter requires fibers in the 
transverse or hoop direction, i.e. perpendicular to the steel. This can be met either by using 
two different sets of uni-directional fibers - one for each direction or preferably, by using bi-
directional FRP material.  
 
Research has shown that there is no simple relationship between metal loss and strength. This 
uncertainty stems from its dependence on other factors such as the bond between steel and 
concrete, the confinement provided by the ties and ductility reduction in steel due to 
corrosion. Given this uncertainty, it may be prudent to assume a safe, conservative value. This 
was the case in the demonstration projects where capacity loss was taken as 20%.   
 
As noted already, at the present time there is a lack of reliable information on transverse 
expansion caused by corrosion. In view of this, a simplified procedure8,11 was developed. For 
design, the expansion strain was assumed as 0.1% (approximately 3 times the ultimate 
concrete tensile strain assumed to be 10% of the ultimate concrete failure strain).  
 
A simplified two step design procedure was developed in which the requirements for strength 
and corrosion expansion were uncoupled. The strength requirements were first met by strain 
compatibility analysis in which the contribution of the FRP to the tensile (but not 
compressive) capacity were determined through interaction diagrams for the assumed 
shortfall in strength. The confining lateral strain provided by this strengthening was then 
checked to ensure that it satisfied the maximum assumed expansion of 0.1%.  
 
Results obtained were found to be reasonable when compared to solutions from competing 
methods developed for seismic retrofit8,11. For bi-directional carbon fiber, only two FRP 
layers were required. Twice as many layers were required for fiberglass because of its lower 
strength and stiffness.  
 
 
FRP Materials 
Two types of materials were used. One was a pre-preg, the other a wet lay up. The pre-preg 
system was from Air Logistics in which all the FRP material was cut to size, resin-saturated in 
the factory and sent to the site in hermetically sealed pouches. The wet lay up system required 
on-site impregnation and was from Fyfe excepting for the Allen Creek Bridge where an 
alternative system was used. As this repair was carried out under dry conditions inside a 
coffer dam8 it is not included here. Both carbon and fiberglass were used. Details of the 
properties of the fiber and the resin as provided by the suppliers are summarized in Tables 1-
212-13. 
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Table 1.  Properties of Pre-Preg System 12 

 

Fibers 
Tensile 

Strength 
(MPa) 

Tensile 
Modulus 

(GPa) 

Load per Ply 
(kN/m) 

Uni-directional (GFRP) 590 36 420 
Bi-directional (GFRP) 320 21 210 
Uni-directional (CFRP) 830 76 596 
Bi-directional (CFRP) 590 22 420 

 
 
Table 2.  Properties of Wet Layup System13 
 

Properties Quantities 
Tensile Strength 3.24 GPa  
Tensile Modulus 72.4 GPa 

Ultimate Elongation 4.5 % 
Laminate Thickness 0.127 cm 

Dry fiber weight per sq. yd. 915 g/m2  
Dry fiber thickness 0.038 cm 

 
 
Field Demonstration 
Four field demonstration studies were conducted at two contrasting sites. The first site, Allen 
Creek Bridge, Clearwater, FL is located in shallow, relatively calm waters; the subsequent 
repairs were carried out on piles supporting the Friendship Trails Bridge and the Gandy 
Bridge that span Tampa Bay, Florida’s largest estuary that flows into the Gulf of Mexico. The 
procedure for wrapping under water was identical to that above water. Usually, wrapping was 
scheduled for low tide when the submerged region could be readily accessed. On rare 
occasions when the water level was higher, diving masks were used.    
 
 
Allen Creek Bridge 
Allen Creek Bridge is located on the busy US 19 highway connecting Clearwater and St. 
Petersburg, FL. The original bridge built in 1950 was supported on reinforced concrete piles 
driven into Allen Creek. In 1982, the bridge was widened and the widened section was 
supported on 35 cm square prestressed piles.  
 
The waters from Allen Creek flow east into Old Tampa Bay that in turn joins the Gulf of 
Mexico to the south. The environment is very aggressive; all the reinforced concrete piles 
from the original construction had been rehabilitated several times. At low tide, the water 
level in the deepest portion of the creek is about 0.8m. At maximum high tide it is about 1.9m. 
This shallow depth meant that the underwater wrap did not require divers and could be carried 
out on a ladder.  
 
Instrumentation was installed to allow linear polarization and corrosion potential 
measurements to be made4 without junction boxes and wiring. Cores were taken from various 
locations to determine the chloride content at the level of the prestressing strands. Results 
indicated that the strands were corroding though there were no visible signs of corrosion.  
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Surface Preparation 
Pile surfaces were covered with marine growth that had to be scraped off. Additionally, two 
of the four corners that were not rounded but chamfered had to be ground using an air-
powered grinder. This was a difficult operation particularly for sections that were below the 
water line. Quick-setting hydraulic cement was used to fill any depression, discontinuities and 
to provide a smooth surface. The entire surface was pressure washed using freshwater to 
remove all dust, marine algae just prior to wrapping.  
 

 
 
 
FRP Wrap 
Two different schemes using two different materials were evaluated. In each scheme four 
piles were wrapped with two other instrumented piles serving as controls. In the first scheme, 
cofferdam construction was used and the piles wrapped using a bi-directional FRP in wet 
layup under dry conditions. Complete details may be found in Ref. 8. As this was wrapped 
under ‘perfect’ conditions, its performance provided a means for evaluating piles that were 
directly wrapped in water using the water activated urethane resin.  
 
Post-wrap corrosion measurements showed that the corrosion rate was smaller for the 
wrapped piles compared to the unwrapped controls4,8. However, rates are still small.  
 
 
Tampa Bay Bridges 
The Friendship Trails Bridge and the Gandy Bridge are two of four bridges that cross Tampa 
Bay. When it was first opened to traffic in the 1920’s it was the longest bridge in the United 
States reducing the distance between Tampa and St. Petersburg by 72 km. The environment is 
very corrosive and the majority of the piles supporting these bridges have sustained severe 
corrosion damage and needed to be repaired. Three demonstration studies were carried out on 
these piles over the period 2004-06. 
 
All piles repaired were 50 cm x 50 cm either reinforced or prestressed concrete piles. They 
were all located in waters that are approximately 4.9 m deep. This meant that ladders could no 
longer be used in this situation. An innovative scaffolding system (Fig. 2) was designed and 
fabricated for the study. It was lightweight, modular yet sufficiently rigid when assembled to 
support 4-6 people. The scaffolding was suspended from the pile cap and extended 2.74 m 
below the pile cap. Its mesh flooring provided a secure platform around the pile that allowed 
the wrap to be carried out unimpeded in knee deep waters without the need for diving gear.  

  Figure 2.   Patching damage (left) and grinding surface (right).  
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Two different FRP systems were used. One was the water-activated, pre-preg urethane resin 
system used in the Allen Creek Bridge. The other system used a special epoxy that could cure 
in water. The first system was used to wrap four piles – two using carbon and two using glass. 
In the second system, the FRP material had to be pre-impregnated on site prior to the wrap. 
Two piles were wrapped with fiberglass using this system. Of the two, one was an 
experimental FRP system that combined wrapping with a sacrificial cathodic protection 
system. Two other unwrapped piles in a similar initial state of disrepair were used as controls 
to evaluate the performance of the wrapped piles.  
 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

 
 
As for the piles in the Allen Creek Bridge, several piles were instrumented but using a special 
rebar probe developed by the Florida Department of Transportation7. This allowed 
measurement of the corrosion current between the locations where they were located. 
Reductions in current compared to the controls were expected to provide a measure of the 
efficacy of the FRP wrap. Unlike, Allen Creek Bridge, junction boxes and wiring were 
required to allow readings to be taken. Preliminary corrosion measurements were however 
inconclusive because the system had not yet stabilized following the installation of the probes.  
 
The FRP material for the first system was identical to that used in Allen Creek Bridge, i.e. 
unidirectional longitudinal layer followed by transverse bi-directional material. For the second 
system, all material was uni-directional. The scaffolding system enabled the wrapping to be 
carried out with relative ease.  
 
On average, it took between 30 minutes and 45 minutes to wrap a pile depending on the 
number of FRP layers. For the wet-lay-up system, it took additional time to impregnate the 
FRP material and transport it to the pile site. The total time taken averaged about 90 minutes 
in this case.  
 
Fig. 3 shows the installation of the longitudinal layer at the corners followed by the transverse 
layer that was applied spirally with no overlap. Fig. 4 shows a view of the wrapped piles and a 
close-up view more than two years later showing marine deposition on the wrap. 
 

Figure 3.   Installation vertical (left) transverse layer (right) typically at low tide 
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Figure 4.    View of FRP wrapped piles when new (left) and after 2 years (right) 
 
 
New Developments 
The results from the initial repairs carried out on the piles supporting Allen Creek Bridge and 
the Tampa Bay bridges showed that it was feasible to wrap corroding piles under typical field 
conditions. Corrosion rate measurements also indicated that the FRP wrapping led to a 
reduction in the corrosion rate. However, the FRP-concrete bond was found to be poorer 
when compared to the bond that was obtained under laboratory conditions8,14.  
 
Laboratory studies were undertaken over the past year to evaluate alternative strategies used 
by the aerospace industry to improve the underwater FRP-concrete bond. Two candidate 
techniques widely used in aerospace (1) vacuum bagging and (2) pressure bagging were 
evaluated. Prototype systems were developed and the bond evaluated both non-destructively 
and destructively9. Both techniques worked but in the subsequent field demonstration, 
pressure bagging was used. Qualitatively, the bond appeared to be much improved though no 
on-site destructive bonds have yet been conducted. Such tests are planned in the future.  
 
The USF research team has just received funding for implementing a pilot sacrificial cathodic 
protection system. This is expected to be implemented over the next several months at the 
same Friendship Trails Bridge site. 
 
 
Conclusions 
This paper provides a brief overview of demonstration projects in which instrumented 
reinforced and prestressed piles were wrapped using different FRP systems. Initially, 
wrapping was carried out directly under water using ladders. Subsequently, a lightweight 
scaffolding system was developed that could be suspended from the pile cap. With all-around 
access, FRP wrapping was conducted with ease.  
 
Based on our experience, it is clear that it is feasible to use FRP for underwater corrosion 
repair. The performance of the FRP in slowing down the corrosion rate appears to be 
comparable to that determined from laboratory testing. Visual inspection suggests that the 
repairs have held up well with the longest over four years old at this time. More detailed 
examination may be possible in the future when the Allen Bridge is replaced. However, on-
site pull-out tests on several piles repaired in the initial phase have shown that the FRP-
concrete bond was poorer than that obtained under dry laboratory conditions.  
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A pressure bagging technique was developed and successfully implemented last year to 
address this variability in bond. While no on-site pullout tests have yet been conducted, visual 
examination suggests that the bond was better. Efforts are currently underway to incorporate a 
sacrifical cathodic protection (CP) system within the wrap that can stop corrosion. With all 
the development work carried out, the prospects of FRP emerging as an alternative cost 
effective pile repair system appear bright.  
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ABSTRACT   
 
This paper provides an overview of a multi-year laboratory study to 
evaluate the role of fiber reinforced polymers (FRP) in reducing the 
corrosion rate in a marine environment. Twenty two, one-third scale 
prestressed piles were cast with built-in chloride. Titanium reference 
electrodes and thermocouples were placed inside the specimens at the 
time of casting. Sixteen of the specimens were wrapped after 28 days 
using CFRP or GFRP. The remaining six unwrapped specimens served 
as controls. The specimens were exposed to simulated tidal cycles 
under outdoor ambient conditions for nearly three years. Linear 
polarization measurements were taken throughout the exposure period 
to monitor the corrosion rate of the steel. At the end of the exposure 
period, gravimetric tests were conducted to measure the metal loss in 
both wrapped and unwrapped specimens. The trends predicted by the 
linear polarization measurements were confirmed by gravimetric 
results. Corrosion rates in wrapped specimens were significantly lower 
than that in identically exposed controls. 
 
KEY WORDS:  corrosion; underwater; FRP; prestress; repair  
 
INTRODUCTION 
 
Over the past decade a number of field demonstration projects have 
been completed in which FRP was used for repair and strengthening 
corroded structures. The majority of these applications related to above 
ground elements such as bridge columns or bents. More recently, the 
availability of resins that can cure in water has led to similar 
demonstration projects for repairing corroded substructure concrete 
piles in tidal waters.  
 
Unlike cathodic protection that can stop the electrochemical reactions 
responsible for corrosion, FRP only serves as a barrier element that 
slows down the ingress of deleterious elements responsible for 
corrosion. In the circumstance, information on corrosion rates in FRP 
wrapped elements is of great interest to highway authorities since it can 
be used to assess the life of the repair and provide a realistic estimate of 
its cost.  
 
A number of studies have been conducted in which the performance of 

FRP wrapped concrete members was experimentally determined. 
Details may be found in a recent state-of-the-art review paper, Sen 
2003.  
 
The majority of these studies were for reinforced concrete elements; 
information on prestressed elements is more limited (Mullins et al. 
2001). This paper provides an overview of an experimental study in 
which instrumented FRP wrapped and unwrapped corroding 
prestressed specimens were exposed to simulated tidal cycles under 
ambient outdoor conditions. Their performance was evaluated both 
non-destructively and by destructive gravimetric testing. The study was 
part of an overall research effort to assess the feasibility of using FRP 
for corrosion repair of prestressed piles in Florida’s tidal waters. 
Complete details of this study may be found elsewhere (Suh et al. 2005, 
Suh et al. 2007). 
 
BACKGROUND 
 
Concrete’s alkaline environment normally protects steel by forming a 
passive layer that limits access of oxygen, moisture and other 
aggressive species. This protective layer can be destroyed if the pH 
drops below 11.5 or at high alkalinities if chloride ions penetrate the 
concrete. In Florida’s tidal waters, the high concentration of chloride 
ions combined with high humidity and temperature allow chloride ions 
to reach the level of the reinforcement even for high quality concrete.  
  
The chloride profile in piles varies depending on its location relative to 
the mean sea level. It is highest closest to the surface in the “splash 
zone” (0.6-1.8m of the mean sea level) because of the cumulative effect 
of evaporation of salt water from the pile surface. However, these high 
chloride levels are localized near the surface. In contrast, in the 
submerged region, chloride concentrations are lower but penetrate 
deeper. 
 
Corrosion is generally assumed to be initiated when the chloride ion 
concentration reaches a critical threshold value of 1.2 kg Cl-/m3 
(Mindess et. al. 2003). This threshold depends on many factors, the 
principal being the oxygen supply at the surface of the reinforcing steel. 
Since oxygen’s solubility in water is very small, if the concrete pores 
are saturated with water (as is the case for piles in tidal waters), the 
chloride threshold for corrosion initiation can be one order of 
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magnitude greater than that exposed to the atmosphere (Bertolini et. al. 
2004). Because concrete cover in marine applications is larger, chloride 
ions take longer to reach the steel surface than under atmospheric 
exposure. Given that the concrete pores in the splash zone and in the 
submerged region of the pile are saturated with moisture, the chloride 
threshold for corrosion is higher. Collectively this means that high 
levels of chloride are present over larger areas making pitting corrosion 
less likely. Pitting corrosion is likely in piles that cracked while they 
were being driven into the ground. 
 
EXPERIMENTAL PROGRAM 
 
Surveys of corrosion-damaged piles conducted by the research team 
identified corrosion damage to be most prevalent in 45 cm square 
prestressed piles. For this reason, a 1/3rd scale model of these piles was 
selected for the laboratory investigation.  
 
The test specimens were 15 cm. x 15 cm with a 25 mm cover. 
Prestressing was provided using four 7.9 mm, 1860 MPa strands. A 
fifth unstressed strand was provided to accelerate corrosion using a 
constant current system in another study.  
 
When stressed to code specified limits, the effective prestress in the 
specimens exactly matched that of the 45 cm prototype. The specimen 
length was set as 1.52 m. This ensured that their weight (under 900 N) 
was such that it could be moved without requiring lifting equipment.  
 
To initiate the corrosion process, chloride was mixed with the concrete 
during fabrication. The chloride was confined to a symmetric 55 cm 
region that corresponded to 1.65 m splash zone in the prototype. The 
chloride ion content was kept at 3% by weight of the cementitious 
material that corresponded to a 15.1 kg/m3. This is an order of 
magnitude higher than the threshold for initiating corrosion under 
atmospheric exposure. 
 
To ensure all specimens were identical they were cast simultaneously in 
a specially adapted prestressing bed at a commercial prestressing 
facility. To facilitate wrapping, wood inserts with the appropriate radii 
were placed at the corners of the form. Similarly, special trowels were 
used to finish the top surface so that they were also curved. These 
simple measures greatly simplified the preparation work needed for 
subsequent wrapping. Activated titanium reference electrodes and 
thermocouples were installed prior to casting of concrete to allow the 
post-wrap performance to be non-destructively monitored (Fig. 1). 
  

 
 
Fig. 1   View of titanium reference electrode and thermocouple 

Wrapping 
 
Of the 22 specimens used in the study, 16 were wrapped using 
commercially available CFRP and GFRP material. Wrapping was 
carried after the concrete had reached its 28 day strength. The number 
of layers was varied from 1 to 4 to allow its effect on the corrosion rate 
to be assessed.  
 
The wrap was applied over a 90 cm length symmetric with respect to 
the specimen. This meant that it extended 17.5 cm. symmetrically 
beyond the 55 cm chloride contaminated region. Since the specimen 
was 1.5 m in length, 30 cm concrete sections were not wrapped at the 
top and bottom. Details of the material properties of the FRP material 
and their manner of installation may be found in the final report, Suh et 
al 2005. 
 
Exposure 
 
Of the 22 specimens, 20 specimens were placed upright in a 1.82m 
wide x 3.05m long x 1.22m deep containing 3.5% saltwater to allow 
tidal cycles to be simulated. Two other controls were placed upright in 
a similar environment, but indoors. 
 
The water level at high tide was 80 cm from the bottom and 35 cm at 
low tide. The change in the water level reflected tide changes in the 
Tampa Bay area.  The water level was automatically changed every six 
hours (see Fig. 2) so that two exposure cycles were completed every 
day. It may be noted that at low tide the water level was 35 cm or 5 cm 
above lowest point wrap. Thus, the exposure ensured that a portion of 
the wrap was always submerged; a part was subjected to wetting and 
drying conditions while the part at the top was always dry. The two 
other unwrapped controls kept indoors were similarly exposed to twice 
daily tidal cycles. 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Fig. 2    Schematic of exposure cycle 
 
 
Non Destructive Monitoring 
 
Throughout the exposure period, a data logger was used to record the 
temperature inside each of the specimens. Additionally, half-cell and 
linear polarization measurements were taken at periodic intervals using 
a PR monitor. These measurements were carried out both before and 
after wrapping. All measurements for all specimens were carried out at 
low tide. 
 
Typical results from the non-destructive monitoring are shown in Figs. 
3 and 4 that compare the variation in the half-cell potential (with 
respect to a copper-copper sulfate reference electrode) and the 

Reference Electrodes Thermocouple 
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corrosion rate for unwrapped (controls) and wrapped specimens. Only 
results for the 2 layer CFRP and GFRP specimen are presented. 
However, the readings were similar for other layers. 
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Fig. 3    Potential variation for control and GFRP wrap 
 
The half-cell potential readings at mid-height in Fig. 3 show that 
readings for the controls and the wrapped specimens were comparable 
for the about the first 350 days. This coincided with the appearance of 
visible cracks in the splash zone in the controls (Fig. 5). Following this 
period, the readings for the wrapped specimen became less negative 
while that for the unwrapped specimens became more negative. 
However, all readings were more negative than -350mV signifying that 
the probability of corrosion in all the specimens exceeded 90%. 
 
The results for the corrosion rate measurements obtained from linear 
polarization are shown in Fig. 4. These readings correspond to the 
reference electrode located at the middle of the specimen. 
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Fig. 4    Corrosion rate variation for control and CFRP wrap 
 
 
The trend in the corrosion rate mirrors that of the half-cell potential 
readings shown in Fig. 3. After an initial period of about 350 days 
when there is little difference in the corrosion rates in the wrapped and 
unwrapped specimens, the rates for unwrapped controls increase while 
those of the wrapped specimens decrease.  
 
Only results for the CFRP wrap with two layers is shown for clarity. 
However, averaged results for all the layers showed similar trends. 

More plots may be found in the final report, Suh et al. 2005  
 
At the end of the exposure period of nearly 3 years, the average 
corrosion rate in the controls was 0.018 mm/year but only 0.0055 
mm/year, or nearly a third in the wrapped specimens. These rates are 
commensurate with corrosion where visible damage can be expected 
within 2 to 10 years. This contrasts with the controls where visible 
corrosion was observed within 1 year. 
  
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Fig. 5   Cracked control (L) vs uncracked FRP wrapped specimen (R) 
 
Following the completion of the exposure period, the actual metal loss 
was determined from destructive gravimetric testing. In the tests, the 
strands were carefully retrieved from the specimens, cleaned and 
carefully weighed to measure the actual metal loss. Results are 
summarized in Table 1. It may be seen from Table 1 that the metal loss 
in strands for the controls (6.6%) was about twice (3.3-3.4%) that in the 
wrapped specimens. The performance of CFRP and GFRP were also 
comparable. There was no improvement in performance for specimens 
wrapped with more than two FRP layers. 
 
Table 1    Averaged Metal Loss (%) 
 

Strand Tie Type 
Average Range Average Range 

Controls 6.6 3.7-12.6 9.5 7.9-11.7 
GFRP 3.4 2.7-3.9 6.3 5.4-6.9 
CFRP 3.3 2.6-4.3 6.6 5.2-7.7 

 
DISCUSSION 
 
The goal of the study was to determine the extent to which FRP 
material slowed down the corrosion rate in specimens in which the 
threshold for corrosion had been exceeded.  
 
The results from both non destructive corrosion monitoring and the 
gravimetric testing clearly indicated that the FRP material was effective 
in slowing down but not stopping corrosion. Total metal loss in the 
strands in the wrapped specimens was about half that in the unwrapped 
controls. Additionally, control specimens developed cracks along the 
strand line after about 1 year of exposure.  
 
Aside from the total metal loss, it was found that there were 30 wire 
breaks in the six control specimens. In contrast there was similar 
breakage in only 1 of the 16 wrapped specimens. This breakage of 
wires was most likely the result of pitting corrosion facilitated by 

Wrap 

Wet/dry cycles 

Wrap 

Wet/dry cycles 
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cracking. Thus FRP wrapping led to significantly improved 
performance. 
 
A concern among DOT officials is the possible upward movement of 
the corrosion cells from the wrapped region as has been observed in 
jacketed piles. However, no similar movement could be discerned in 
the gravimetric testing.  This could be because the wrap extended 17.5 
cm above the chloride contaminated region. Also, there was no 
localized corrosion in the always submerged region as had been 
observed in a study supported by Texas DOT (Berver et al. 2001). 
 
CONCLUSIONS 
 
This paper presents a brief overview of a multi-year study to evaluate 
the role of FRP in corrosion mitigation application. The specimens 
tested were cast with high built in chlorides comparable to that 
observed in field studies (Mullins et al. 2005). Exposure was limited to 
two daily wet/dry cycles under outdoor ambient conditions. Other than 
the chloride cast at the time of fabrication to initiate corrosion, the 
study therefore accurately modeled field conditions for piles in a 
marine environment. The results presented provide a realistic measure 
of the likely performance of FRP in mitigating corrosion in a marine 
environment after chloride ingress had led to a destruction of the 
protective passive layer. 
 
The results from the test (Figs. 3-5 and Table 1) conclusively show that 
if the wrap is properly applied corrosion performance is significantly 
improved not only in terms of overall metal loss but by the absence of 
wire breaks. The wire breaks in the controls were likely the result of 
pitting corrosion. Given the uniform cast-in-chloride, the anodic region 
was large and corrosion should have been uniform. However, cracking 
of the controls (Fig. 5) provided increased oxygen supply and changes 
in chloride level at selected locations along the length of the pile. Such 
changes facilitated the formation of micro-cells and pitting corrosion 
leading to breakages in 30 wires in the controls. In contrast, there was  
similar breakage in only one wrapped specimen. Thus, wrapping 
protects the pile by greatly diminishing the extent of pitting corrosion 
in the most vulnerable region of the splash zone. 
 
A surprising finding was that two FRP layers provided optimal 
protection. The precise reason for this is not known. However, it could 
be because the additional layers were not sufficiently saturated with 
resin. Alternatively, it could also signify that the role of the FRP as a 
barrier element was not improved when additional layers were 
provided. Oxygen and moisture already present in the specimens 
allowed the electrochemical reactions to continue regardless. 
  
In the study, the specimens were wrapped after chloride contamination. 
Had piles been wrapped immediately after installation, the ingress of 
chlorides would be stopped and the performance would be even better. 
In any event since the FRP material also provides strengthening, it can 
help restore lost capacity. 
 
 
 
 
 
 
 
 
 
 

It should be noted that the FRP wrapping was carried out under dry 
conditions where the FRP-concrete bond was excellent. Tests on field 
repairs have shown that the FRP-concrete bond can be variable 
depending on the resin system used.  Thus, the results presented in the 
paper are valid for situations where bond is good over the entire length 
of the wrap. However, recent advances by the USF research team 
suggest that it is possible to ensure excellent bond even in field 
situations (Mullins et al 2007). 
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Abstract

The lightweight, high strength and corrosion resistance of fiber reinforced polymers (FRP) make them ideally suited for quick and
effective structural repairs. As a result, they have been favoured for conducting emergency bridge repairs where speed is of essence.
The availability of resins that can cure under water has made it possible to similarly extend its application to substructure elements such
as partially submerged damaged piles. Such repairs can be carried out using the same strategies that were successfully used in recent
demonstration projects in which FRP was used to repair and rehabilitate corrosion-damaged piles. In the projects two disparate FRP
systems – a pre-preg and a wet layup – were used and both carbon and glass evaluated. Access to the piles in the deep waters was pro-
vided by a custom-designed, lightweight modular scaffolding system that was assembled around the piles. An overview of the project is
provided with particular emphasis on changes that would allow its adoption for emergency repairs.
� 2006 Elsevier Ltd. All rights reserved.

Keywords: A. Carbon fibre; A. Glass fibres; A. Prepreg; B. Strength
1. Introduction

Fiber reinforced polymers (FRP) have long been used
for the repair and retrofit of concrete structural elements.
Their lightweight, high strength and resistance to chemicals
offer obvious benefits. In fabric form, they provide unpa-
ralled flexibility. Moreover, as fibers can be oriented in
any direction, their use can be optimized. This makes
FRP particularly suited for emergency repairs (Fig. 1)
where damage can be multi-directional and speed of
strength restoration critically important.

The emergence of new adhesives [1] that allow FRP to
be bonded to wet concrete surfaces makes it possible to
economically conduct emergency repairs on sub-structure
elements. Fig. 2 shows impact damage that led to both
cross-section loss and breakage of the spiral ties. Conven-
tional repairs will require the cross-section to be enlarged
to accommodate new ties. If instead, FRP were used it
1359-8368/$ - see front matter � 2006 Elsevier Ltd. All rights reserved.

doi:10.1016/j.compositesb.2006.07.011
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would only be necessary to re-form the cross-section and
apply bi-directional layers that could restore lost tensile
capacity while providing equivalent lateral support to the
longitudinal steel. Moreover, the application of a protec-
tive UV (ultra-violet) coating on the wrap of the right color
will render the repaired pile indistinguishable from other
undamaged piles. The aesthetics of FRP repair is one of
its unheralded benefits.

The techniques developed recently for underwater FRP
corrosion repair of piles [2–4] are equally applicable for
repairing other types of damage. This paper distils relevant
information from recently completed demonstration pro-
jects [5,6] in which two disparate FRP systems were used
for repairing corroding reinforced concrete piles. In the pro-
jects both carbon and glass were used and the piles instru-
mented to monitor performance. Additionally, bond tests
were carried out after two years to evaluate the residual
bond. An overview of the studies is presented with particu-
lar emphasis on changes that will be needed for emergency
repairs. Recommendations are also made regarding strate-
gies that were found to be the most effective.

mailto:sen@eng.usf.edu


Fig. 2. Damage to pile requiring emergency repair (Courtesy FDOT).

Fig. 1. Damage to prestressed girder due to vehicular collision (Courtesy

A. Alvi).
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2. Problem statement

The application of FRP wrap for underwater repair and
rehabilitation of piles is problematic for the following
reasons:

1. Surface preparation suitable for dry conditions cannot
be directly used for wrapping partially submerged ele-
ments. New methods and equipment may be required.

2. All round access to the pile in deep waters poses many
logistic problems. Meticulous planning is required and
safety issues must be carefully addressed.

Moreover, even if the application is perfect, there may
be unexpected bond problems. For example, since the
FRP material is a barrier element it can trap moisture that
is already inside the pile. Evaporation of this water by heat
generated during curing may trigger localized debonding.
While bond is not as critical for applications where the
FRP material is wrapped completely around the pile, it
can accelerate corrosion in the debonded region.

It is however unrealistic to expect satisfactory resolution
of all potential problems given the limited number of field
studies that have been completed to date. Some of the solu-
tions that have evolved are described with particular refer-
ence to a recently completed field study [5].

3. Field demonstration project

The friendship trails bridge, formerly the ‘‘old’’ Gandy
Bridge, is one of four bridges spanning Tampa Bay, the
most famous being the Sunshine Skyway Bridge. Originally
built in 1956, it was scheduled for demolition in 1997 fol-
lowing the construction of the new Gandy Bridge. Instead,
it was rehabilitated and converted into a recreational trail
that is closed to vehicular traffic.

The 4.2 km (2.6 mile) bridge is supported by 254 piers
and 22 columns numbered 1–276 extending east from St.
Petersburg in Pinellas County to Tampa in Hillsborough
County. Seventy seven percent of the 254 piers have needed
to be repaired indicative of a very aggressive environment.
As a result, the site provides a rich history of the various
attempts made over the years to repair piles.

The piles selected for this study were identified following
a detailed survey of the site. Its aim was to locate piles on
the Hillsborough side of Tampa Bay (Hillsborough County
funded the study) that were in the same general state of dis-
repair. Piers 99, 100, and 101 were found suitable for this
purpose. Pier 99 was a six pile bent while piers 100 and
101 were both four pile bents.

Details of the eight piles selected for the study are sum-
marized in Table 1. Piles are identified by the Pier Number
followed by the letter N or S signifying ‘north’ or ‘south’.
Six of the eight piles were instrumented. Instrumentation
consisted of special rebar probes developed by the Florida
Department of Transportation that were installed at two
locations along a pile length to provide a measure of the
corrosion current. Details on the performance of these
probes and results obtained may be found elsewhere [5].

The four piles in Pier 100 were wrapped using a pre-preg
system developed by Air Logistics referred to subsequently
as System A [7]. Two were wrapped with carbon and two
others with glass. The glass wrap required a greater of
number of layers to compensate for its lower strength.
The two piles in Pier 101 were wrapped with a wet layup
system developed by Fyfe referred to subsequently as Sys-
tem B [8]. Both piles were wrapped using glass. One of the
piles used an experimental zinc mesh sacrificial cathodic
protection system. The other was a regular glass wrap.

The wrap length extended to the underside of the pile
cap excepting for instrumented piles that were 15 cm
(6 in.) shorter to accommodate junction boxes needed for
measuring the corrosion current. It extended 45 cm
(18 in.) above the high water line and 15 cm (6 in.) below
the low water line. The wrap length in non-instrumented



Table 1
Test pile details

Pier number Repair system Specimen type Pile name Instrumentation

Pier 99 None Control 99-N Yes
None Control 99-S Yes

Pier 100 Aquawrap� Carbon 1 + 2 layersa 100-N Yes
Carbon 1 + 2 layers 100-N* No
Glass 2 + 4 layers 100-S* No
Glass 2 + 4 layers 100-S Yes

Pier 101 Tyfo� SEH-51A Glass 2 + 4 layers 101-N Yes
Tyfo Zinc Cathodic Protection Glass 2 + 4 layers 101-S Yes

a Signifies number of layers in the longitudinal and transverse directions respectively.

Table 3
Properties of Tyfo� SEH-51 composite [8]

Properties Quantities

Tensile strength 3.3 k/in.
Tensile modulus 3030 ksi

1 ksi = 6.895 MPa; 1 lb/in. = 1.75 N/cm.
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piles was 1.83 m (6 ft) long. It was 1.68 m (5 ft 6 in.) in
instrumented piles.

4. Material properties

System A: The Aquawrap� Repair system [7] uses a
unique water-activated urethane resin in con-
junction with custom woven FRP fabric that
can be wrapped around the pile. Because it is
water-activated, the FRP material must be
pre-impregnated with the resin and sent to the
site in hermetically sealed foil pouches. The
pouches are opened just prior to application
to prevent premature curing by atmospheric
moisture. Properties of the uni-directional and
bi-directional fibers used as reported by the
manufacturer are summarized in Table 2. Note
the higher capacity of carbon compared to
glass.

System B: System B used Tyfo� SEH-51A [8] and was
used to wrap two piles in Pier 101. Tyfo�

SEH-51A is a custom weave, uni-directional
glass fabric that is normally used with Tyfo-S
Epoxy. However, for the underwater applica-
tion, Tyfo� SW-1 underwater epoxy was used.
The epoxy was mixed at the site and the FRP
fabric impregnated just prior to use. Properties
of materials as provided by the manufacturer
are summarized in Table 3.
Table 2
Properties of Aquawrap� fabrics [7]

Fibers Tensile
strength (ksi)

Tensile
modulus (ksi)

Load per ply
(lb/in.)

Uni-directional
glass fiber

85 5200 2400

Bi-directional glass
fiber

47 3000 1200

Uni-directional
carbon fiber

120 11,000 3400

Bi-directional
carbon fiber

85 3200 2400

1 ksi = 6.895 MPa; 1 lb/in. = 1.75 N/cm.
5. Composite jacket design

The FRP wrap must restore the lost axial, bending and
shear capacity due to damage, e.g. corrosion, impact, fire
etc. Available ACI [9] and ISIS [10] guidelines provide
design equations and worked out numerical examples.
Design manuals for specific systems are also available,
e.g. Fyfe Co., [11]. The provisions in all the guides are com-
parable though equations are more simplified for the pro-
prietary systems. However, axial, flexural and shear
strengthening are considered independently; their interac-
tion, necessary for designing pile wraps, is not considered.

The low strain capacity of the FRP makes the maximum
permissible strain, the critical parameter in design. For
strengthening applications, ACI 440 guidelines [9] specifies
strain limits for both ‘‘contact-critical’’ (FRP in intimate
contact with the substrate with no specific adhesion
requirement) and ‘‘bond-critical’’ (minimum adhesion
required since load transfer is by bond) applications. For
piles, the limit for contact-critical application applies as
the FRP material is wrapped completely around the cir-
cumference. This is set as the lower of 0.4% or 75% of
the FRP design rupture strain. The latter limit was estab-
lished from tests to avoid loss of aggregate interlock that
can occur at strains below the ultimate fiber strain.

As piles corrode, they expand in the lateral direction
since the volume of the corrosion products can be as much
600% of the original steel [12]. To accommodate such a
large potentially uniform increase, a lower maximum strain
limit may be appropriate. This can be based on experimen-
tal data [13] or from other considerations.

A strain limit of 0.1% – approximately three times the
maximum tensile strain leading to cracking – was selected
for designing the FRP to withstand corrosion expansion
[5,6]. This value was used since reported experimental
strains, calculated from the total circumferential increase,
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tend to be on the high side because it includes unrestrained
movement of the crack.

Interaction diagrams can be developed for FRP
strengthening, as for reinforced concrete columns, by using
strain compatibility analysis [14]. The only difference is that
the equations incorporate the contribution of the FRP.
Since FRP wrapping can provide increased tensile but lim-
ited compressive strength increase, only the tensile contri-
bution was incorporated in the analysis. Also, as the
confinement effect of concrete leads to modest increases
in the ultimate axial capacity in non-circular sections, it
was ignored. As with most strengthening applications, the
role of the FRP is passive. That is, the FRP is unstressed
except for additional load applied to the structure after it
has been retrofitted.

Fig. 3 shows a typical interaction diagram for the design
of the wrap used for underwater corrosion repair. In the
applications, capacity loss was estimated to be 20%. It
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Fig. 3. Interaction diagram for corrosion repair of piles.

Fig. 4. Underwater repair using a boat
was found that this could be restored by using two trans-
verse and one longitudinal carbon layer for the material
properties outlined in Table 2. For the weaker glass, two
longitudinal and four transverse layers were required to
restore full capacity [6].
6. Access to piles

All around access to the pile is needed to allow the FRP
material to be wrapped around the circumference expedi-
tiously. In shallow waters, access is not a problem and lad-
ders can be used. For deeper waters, a boat may be used to
wrap the pile above water while divers can wrap the sub-
merged region (Fig. 4). This solution can be economical
where repairs are to be carried out on a single isolated pile.

In the field demonstration study however, several piles
in the same bent were wrapped. For this case, a scaffolding
system was more suitable since it allowed ready access to
all the piles. The scaffold was built using 19 mm (3/4 in.)
#9 expanded steel mesh on a 5 cm · 5 cm · 0.6 cm
(2 in. · 2 in. · 1/4 in.) steel angle framework. The stiff but
lightweight mesh helped minimize the forces from wave
action while providing a secure working surface. Its modu-
lar design meant it could be placed around one or more
piles depending on the application. Each framework con-
sisted of two half-sections with cut-outs sized for the spe-
cific pile.

The four-part platform was 10 m (33 ft) long and 2.13 m
(7 ft) wide when fully assembled. Advantage was taken of
the overhead pile cap to suspend the scaffold at an appro-
priate elevation. In this case it was 2.74 m (9 ft) from the
pile cap to allow piles to be wrapped over a 1.83 m (6 ft)
length starting from the underside of the cap. Wood railing
and divers (Courtesy: Air Logistics).



Fig. 5. Scaffolding system suspended from pile cap.
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was bolted to the steel angles to delineate the extent of the
underwater platform (Fig. 5).

7. Surface preparation

Surface preparation for contact-critical applications is
defined as providing ‘‘continuous, intimate contact’’ [9]
between the concrete substrate and the FRP material. In
a marine environment this implies removal of all marine
growth. As for dry conditions, depressions and voids on
the concrete surface have to be patched using suitable
material that is compatible with the concrete substrate. If
there are corners, they need to be ground to a minimum
of 19 mm (3/4 in.) [9] radius to avoid stress concentration
in the wrapping material.

In case of emergency repairs, it may be necessary to re-
form the concrete section. Advantage should be taken to
insert appropriate cut-outs with the required radius inside
the form so that the corners of the formed surface are auto-
matically rounded. Otherwise, the sharp corners would
have to be ground to the required 19 mm (3/4 in.) radius.
This approach was successfully used in a recently com-
pleted study [6] that investigated the effectiveness of FRP
in corrosion mitigation application for new specimens.
Fig. 6 shows one of the wood trim cut-outs placed inside
the form of the prestressing bed prior to concreting.
Fig. 6. Curved wood trim inserts at corners.
In the demonstration project, there was significant mar-
ine growth at the water line that was removed with a scra-
per prior to wrapping. Projecting parts of the concrete
surface were chipped using a hammer and chisel. All four
corners were chamfered and ground to a 19 mm (3/4 in.)
radius using an underwater pneumatic grinder. To provide
a smooth surface, quick setting hydraulic cement was used
to fill surface voids. Finally, all surfaces were pressure
washed using fresh water to remove all dust, debris, and
remaining marine growth just prior to wrapping.
8. Pre-preg system

The pre-preg system was used for wrapping four piles in
Pier 100. The two piles at the north end were wrapped
using one layer of unidirectional carbon fiber and two lay-
ers of bi-directional carbon fibers. The two piles in the
south end of the same pier were wrapped using two layers
of unidirectional glass fibers and four layers of bi-direc-
tional glass fibers. As this was a pre-preg, all FRP material
was pre-saturated in a factory and sent to the site in hermi-
tically sealed pouches. The FRP material was removed
from the packet just prior to the wrap, unrolled and was
ready to be applied to the prepared surface.

Wrapping commenced from the pile top or 15 cm (6 in.)
below the underside of the pile cap for the instrumented
piles located in the north and south ends because of the
presence of the junction box. The longitudinal layer was
placed vertically followed by two transverse layers that
were spirally wrapped around the pile without overlap
(Fig. 7). In case of glass, this sequence was repeated since
two longitudinal layers and four transverse layers were
needed to provide the same strength.

A 25 cm (10 in.) wide glass fiber veil with a 5 cm (2 in.)
overlap was used to consolidate the wrap and provide a
better finish. This was covered by plastic stretch film to
keep the wrap in place as it cured. On an average it took
less than one hour to wrap a pile.

The FRP was allowed to cure for one day. After
removal of the stretch film, all wrapped piles were painted
Fig. 7. Applying second transverse CFRP layer.
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over the veil using the same base primer to provide protec-
tion against UV radiation.

9. Wet layup system

The Tyfo�SEH-51A composite system was used to wrap
piles 101N and 101S. The original plan was to use two dif-
ferent epoxies one for the submerged region and the other
for the dry region in the pile. This scheme was tried on pile
101N. However, because of wave action, the dry region was
not dry and resulted in observable poor bond between the
FRP and the pile. This wrap was later removed. As a result,
the same underwater epoxy Tyfo� SW-1 was used for both
piles along with Tyfo� SEH-51A fiberglass fabric.

Unlike System A that was a ‘pre-preg’, in System B the
fibers had to be impregnated with resin on-site. This gave
greater flexibility since wrap lengths could be adjusted
but posed greater logistic problems since impregnation
had to be done on-site in a timely manner. This required
careful planning and system redundancies to avoid unex-
pected problems arising from equipment malfunction.

The FRP fabric for pile 101S was impregnated by hand.
For pile 101N re-wrapped three months later, a resin
impregnator was used (Fig. 8). Following the saturation
of the FRP, the wrapping procedure was identical to that
for System A. Complete details may be found in the final
report [5].
Fig. 8. On-site saturation of fiberglass fabric.
10. Bond tests

For contact-critical applications there is a requirement
for intimate contact but no specific requirement for adhe-
sion of the FRP to the concrete substrate [9]. Nonetheless,
on-site pullout tests were conducted to evaluate the FRP-
concrete bond two years after the wrapping had been com-
pleted. An Elcometer106 adhesion tester and a 3.7 cm
(1.456 in.) diameter dolly was used to evaluate the FRP/
concrete bond. Two System A wrapped piles 100-N* (car-
bon) and 100-S* (glass), and one System B wrapped pile
101-N were selected. The tests were conducted on two faces
per pile at two different levels – in the dry and the tidal
region.

FRP witness panels created during the wrap on the east
and west faces of the piles were used in the testing. Bond
tests were carried out in accordance with established proce-
dure. The FRP surface was scored using a 4.4 cm (1 3

4
in:)

diameter diamond core drill. The surfaces of the scored
FRP were cleaned using coarse sand paper and dust
removed. Fast curing epoxy (Power-Fast+) manufactured
by Powers Fasteners, Inc. was used for bonding the dollies
to the FRP. This took 15 min to dry and cured in 24 h. It
can provide maximum bond strength of 20 MPa
(3000 psi.).

Table 4 and Fig. 9 summarize the results of the pullout
tests. The bond of FRP to the concrete substrate was found
to be poor. Most of the wet layup wrapped piles showed
epoxy failures where the dolly separated from the concrete
at its interface (Fig. 10). All tests conducted on the pre-preg
system were inter-layer failures (Fig. 11) indicating that the
bond between the FRP layers was poorer than its bond to
concrete.

Inspection of Table 4 shows that the bond from System
B performed better in the wet region while System A was
better for the dry region. Similar differences were not
observed on laboratory specimens tested [6]. Therefore,
the problem with bond can be attributed to the field tech-
niques used for wrapping. On-going research is developing
a new protocol to prevent such inconsistency.
Table 4
Summary of bond test result (unit: psi)

Name Type Face Top Bottom

#100-N* Carbon
AirLogistics

East 145.0 (layer) 58.0 (layer)
West 116.0 (layer) 0.0 (layer)
Average 130.5 29.0

#100-S* Glass AirLogistics East 0.0 (layer) 0.0 (layer)
West 0.0 (layer) 0.0 (layer)
Average 0.0 0.0

#101-N Glass Fyfe East 101.5
(epoxy)

58.0 (epoxy)

West 29.0 (epoxy) 260.9
(concrete)

Average 65.2 159.5

1 MPa = 145 psi.
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Fig. 9. Maximum residual bond strength after 2 years.
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11. Discussion

This paper provides an overview of a demonstration
project that explored the feasibility of using FRP to repair
corroded reinforced piles in the tidal waters of Tampa Bay.
In the study, two contrasting FRP systems were used and
two different materials evaluated. Additionally, long term
bond was also evaluated from on-site bond tests that were
conducted two years after the wrap had been applied.

Of the two systems, the pre-preg was unquestionably the
easier to use. The alternative wet layup system offered
greater flexibility but required on-site saturation of the
resin that requires much greater preparation. Though bond
Fig. 10. Failure mode in w

Fig. 11. Failure mode in p
is not a requirement for contact-critical applications, the
results from the bond tests showed that the wet layup sys-
tem performed better particularly in the partially wet and
submerged regions. The water-activated pre-preg system
performed better in the dry regions.

While the demonstration project was for corrosion
repair, the FRP system can be readily adapted for emer-
gency repair. A combination of a boat and divers would
allow the wrap to be easily conducted in both the dry
and the submerged regions. However, a customized scaf-
folding system may be better since it can eliminate uncer-
tainty associated with underwater currents and changing
weather conditions that can complicate the wrapping oper-
ation. The light weight modular scaffolding systems used in
the demonstration project can be readily and inexpensively
fabricated. They were assembled around the pile and con-
veniently suspended from the pile cap. Its height was
adjusted so that the walk way was below the lowest wrap-
ping depth. In a second demonstration study, steel chains
rather than angles were used to support the scaffold from
the pile cap since it was deemed to be more convenient
for the application [6].

The wrapping operation for the corrosion repairs was
carried out at low tide. In case of emergency repairs, an
adjustable scaffolding system can be designed to accommo-
date changing tides. Should repairs be carried out much
below the water line, divers would also be needed. The eco-
nomics of wrapping will require contractors to devise
et lay up wrap system.

re-preg wrap system.
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appropriate re-usable, modular, systems that can be used in
a number of alternative applications.

The damage to the section needs to be repaired using
low shrinkage materials compatible with concrete. Should
the section be reformed, appropriate inserts should be used
at the corners (Fig. 6). This will greatly reduce the surface
preparation work needed to round the edges since sharp
corners introduce stress concentrations that cannot be
taken by thin FRP material.

Estimate of material cost for wrapping the piles was pro-
vided for both systems. This did not include the cost of
mobilization or installing the system. Costs expressed per
linear m (ft) of the 50 cm (20 in.) square piles ranged from
$670/m ($204/ft) for glass to $885/m ($270/ft) for carbon.
These costs compare favourably with alternative repair sys-
tems [5,6].

12. Conclusions

The use of FRP for repairing partially submerged con-
crete elements is relatively new. All applications reported
to date relate to corrosion repair. However, given the light-
weight, high strength and corrosion resistance of the FRP
it is just as suitable for conducting cost-effective emergency
repairs. The procedures described in this paper that were
used for corrosion repair can be readily adapted for repair
of piles damaged otherwise.

Based on the experience gained from the demonstration
studies, the following recommendations are made:

1. Speed is of essence in emergency repairs. All around
access to piles needed for the wrapping operation is best
provided by using scaffolding systems that can be sus-
pended from the pile cap. Should repairs be required sig-
nificantly below the water line, divers may be needed for
wrapping below the water line. If possible, operations
should be scheduled for low tide.

2. The FRP wrap should be engineered to provide the
required strength. Interaction diagrams need to be
developed to allow the combined effect of axial and
bending capacity to be considered. The design should
seek to keep the number of FRP layers to a minimum.
For this reason, bi-directional material should be pre-
ferred over uni-directional material and carbon over
glass.

3. Both pre-pregs and on-site saturated FRP systems can
be used. However, if repairs have to be carried out at
very short notice, on-site saturation systems may be
the more suitable.

4. If the section is to be re-formed, styrofoam or wood
inserts with a curved profile should be placed in the cor-
ners so that surface preparation work is minimized and
overall costs reduced.
The methods described in the paper were refined and
improved with each new application. This will undoubtedly
be the case for emergency repairs were similar improve-
ments may be expected. The possibility of using FRP
may provide highway authorities with a cost-effective alter-
native to conventional repair of damaged piles.
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Abstract 

 
Over the past five years, the University of South Florida 
(USF) has completed several field demonstration 
projects in which corroding piles in tidal waters were 
repaired using FRP without cofferdam construction. The 
goal of the research has been to develop an alternative 
cost effective FRP pile repair system. This paper 
provides a brief overview of the advances made in this 
direction with particular reference to four completed 
projects and an on-going study.  
 
Introduction 
 

    Fiber reinforced polymers (FRP) have been used 
for the repair and rehabilitation of highway structures as 
far back as 19771. In a majority of the applications, the 
FRP material was applied to dry surfaces under dry 
conditions. However, recent advances in resin 
technology have made it possible to use FRP for 
underwater repair. This has led to demonstration studies 
in which FRP was used to repair partially submerged 
piles in tidal waters2.  
 

The lightweight, high strength and corrosion 
resistance of FRP offer obvious advantages for 
infrastructure repair. These advantages also apply to 
underwater repair where FRP may be expected to be 
equally effective in the future. But this will require 
development of new techniques and equipment to 
simplify construction and expedite the repair process.  
 

USF has been exploring the application of FRP for 
corrosion repair for several years. Initially, laboratory 
studies were conducted to evaluate the role of FRP in 
corrosion repair3,4 of piles in tidal waters. Subsequently, 
field demonstration projects were conducted at 
contrasting sites5-7. These locations were specially 
selected by the Florida Department of Transportation 
because of the aggressiveness of the environment. This 
was subsequently confirmed by chloride analysis of 

concrete cores taken from several repaired piles. In 
general, the chloride content at the level of the 
reinforcement exceeded the threshold required for 
corrosion initiation.  
 

The field demonstration projects undertaken may 
be conveniently classified as belonging to three distinct 
phases. In the first phase, completed in 2005, the focus 
was primarily on the feasibility of repairing partially 
submerged piles with FRP. The second phase, completed 
the following year, focused on improving the FRP-
concrete bond by adapting vacuum bagging and pressure 
bagging techniques widely used by the composites 
industry. The third phase is on-going and is intended to 
develop an economical sacrificial cathodic protection 
system that can be integrated within the wrap. If the 
proposed system is proven to be effective, highway 
authorities will have access to a cost competitive 
alternative to available jacketing repair methods.  
 
Materials 
 

Two types of materials were used in all the repairs. 
One was a pre-preg, the other a wet lay up. The former 
uses a special, water-activated urethane resin. For this 
reason, the FRP material is cut to size, resin-saturated in 
the factory and shipped to the site in hermetically sealed 
pouches where it is opened just prior to the application. 
The wet lay up system is epoxy based and requires on-
site impregnation. An additional wet lay up system was 
also used but this repair was carried out under dry 
conditions inside a cofferdam. For this reason, it is not 
discussed in here. Both carbon and fiberglass were used 
which resulted in similar corrosion rate reductions. 
Material properties of the fiber and resin as provided by 
the suppliers are summarized in Tables 1-28,9. 
 
 Phase I - Technology Transfer 
 

The first phase commenced in late 2002 when 
preparations were made to conduct the first pile repair. 
The site for this demonstration was Allen Creek Bridge, 
Clearwater, FL (Fig. 1). Located on the busy US 19, it 
was selected primarily because it is in shallow, relatively 
calm waters. The remaining two studies conducted in this 
phase were on piles supporting Gandy Boulevard bridges 
spanning Tampa Bay, the largest estuary in Florida. The 
first of these two bridges is the Friendship Trails Bridge, 
now a recreational trail for pedestrians and cyclists. The 
second is the Gandy Bridge that is adjacent to the 
Friendship Trails Bridge.  These bridges vary in age 
from 20 to 50 years old and consequently have different 
levels of distress. The oldest has over 90% of the 275 
piers with either repairs or need of repairs.  The newer, 
has less than 10% incidence of distressed piers. The 
waters of Tampa Bay in that area are deeper and more 
turbulent than those of Allen Creek Bridge and the site is 
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more representative of conditions where pile repairs are 
carried out in practice.    
 

No particular difficulties were associated with any 
of the repairs. In all cases, selected piles were 
instrumented to allow long term performance of the FRP 
wrap to be monitored. Detailed descriptions of these 
repairs are given elsewhere5-7. The field application 
clearly demonstrated the feasibility of conducting repairs 
on corroding piles without the use of cofferdam 
construction.  
 

The main contributions from this phase were in 
three areas (1) instrumentation (2) design and (3) access 
systems. These are briefly described below:  
 
Instrumentation 

 
        A new linear polarization based instrumentation 
system was developed which eliminated the need for 
wiring and junction boxes. The system used stainless 
steel rods that were embedded close to the pile surface 
on each face (Fig. 2). These rods served successively as 
the reference and counter electrodes in the linear 
polarization measurements. Because the rods had 90 
degree protruding hooks at one end, there was no need 
for wiring. Alligator clips could be used to make the 
necessary connections to the steel bars (reference and 
counter electrodes) and also to the working electrodes 
(steel reinforcement in concrete) as shown in Fig. 3. This 
system is inexpensive and can be used with available 
systems to monitor long term performance. Field 
measurements confirmed laboratory findings and showed 
that corrosion rates were lower in wrapped piles 
compared to unwrapped controls that were in a similar 
state of disrepair originally. Performance of carbon and 
glass were comparable. 
 
Design 
 

For an FRP system to be cost effective, it must be 
engineered so that factors of safety are consistent with 
those used in traditional engineering practice. Design 
determines the fiber architecture in the longitudinal (for 
strength) and transverse (for confinement) directions and 
the number of layers needed.  
 

A simple design method was developed in which 
the disparate requirements for strength and expansion 
were uncoupled. In essence, FRP was designed for 
strength from strain compatibility considerations using 
interaction diagrams (as in column design). The lateral 
expansion capacity of the strengthening provided was 
then checked to ensure that it could accommodate a 
lateral expansion set at 0.1%. Comparison with 
alternative design procedures showed that the proposed 

method was more economical and resulted in fewer FRP 
layers10.   
 
Access  
 

All-around access to piles is crucial during 
wrapping. In the first demonstration project in shallow 
waters, ladders were sufficient. But in all subsequent 
repairs conducted in the middle of Tampa Bay, access 
was provided by scaffolding. A lightweight, modular 
scaffolding system was designed that was assembled 
around the pile and suspended from the pile cap using 
angles or chains. The lightweight permitted the 
scaffolding to be readily moved between piles within a 
group (Fig. 4). 
 
 
Phase II – Improving FRP-Concrete Bond 
 

Laboratory studies have shown that the success of 
FRP in slowing down corrosion rates is contingent on the 
integrity of the FRP-concrete bond11-12. Where bond was 
intact, good performance is assured. Where bond was 
poor, there was evidence of localized corrosion.  
 

In-situ pullout tests were conducted in accordance 
with ASTM D4541 to assess the FRP-concrete bond in 
selected specimens that were repaired in Phase I. Fig. 5 
shows results from the bond test. Inspection of Fig. 5 
shows that the bond was variable even though the same 
surface preparation and application method was used for 
the two systems. For the water-activated resin system, 
bond was poorer in the wet (bottom) locations; for the 
epoxy systems it was poorer in the dry (top) regions.  
 

Usually, poor bond is attributed to improper 
surface preparation. But since surface preparation was 
not a factor, this variability is believed to be due to the 
adverse effect of self-weight of the saturated FRP in a 
vertical configuration. In this situation, the self weight of 
the wet wrap tends to make it pull away and/or slide 
down the pile surface. This is prevented by a plastic wrap 
that is wound tightly around the pile. The variability in 
the measured pullout resistance indicates that the 
effective pressure applied was not only variable (due to 
buoyancy and other effects) but also insufficient to 
generate adequate frictional resistance to counteract self-
weight. 

 
 To solve this problem, laboratory studies were 

undertaken using full-size pile specimens in which 
vacuum bagging and pressure bagging systems were 
evaluated13. Both systems were made to work. However, 
vacuum bagging proved to be more problematic because 
of the difficulty in ensuring an airtight seal along the 
wrap boundary in cracked piles. Pressure bagging did not 
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pose a similar problem and was therefore selected for the 
field application. 
 

A prototype pressure bagging system was 
developed and was implemented in the most recent field 
trials that were completed in late 2006. In the 
application, two piles using the two different resin 
systems were wrapped. Fig. 6 shows a photograph of one 
of the repaired piles with the inflated pressure bag in 
place. The air pressure was kept at 14.5 kPa (300 psf). 
This was determined from the laboratory tests conducted.  
While no pullout tests have yet been carried out, results 
based on visual inspection and acoustic testing suggest 
that the FRP-concrete bond was excellent. 

 
Phase III – Incorporating Cathodic Protection 
 

The first two phases helped ensure that the quality 
of the FRP repair was consistent with that achievable in 
the laboratory. Nonetheless, as FRP serves simply as a 
barrier element it cannot stop electrochemical reactions 
caused by deleterious elements such as chlorides, 
moisture and oxygen present inside the wrap from 
continuing. Cathodic protection is the only proven 
method for stopping corrosion.  
 

A new study that was just funded will explore the 
possibility of integrating a sacrificial cathodic protection 
system within the FRP wrap. The study is in its 
preliminary phase but the design of the system is 
expected to be completed by the end of the year. Field 
implementation will be carried out the following year. 
The performance of the cathodic protection will be 
monitored over the next several months. 
 
Discussion 
 

Steady progress has been made in advancing the 
state-of-the-art for FRP underwater pile repair. The 
demonstration projects completed to date have identified 
and solved several of the technical and logistic problems 
encountered or anticipated for the field wrap. These have 
been in these four areas: (1) instrumentation and 
monitoring (2) design (3) access and (4) new techniques 
for improving the underwater FRP-concrete bond.  
 

Progress to date clearly shows that FRP systems 
are viable and can be used for repairing piles in tidal 
waters. On-going research on a sacrificial cathodic 
protection system will further strengthen the case for 
using FRP.   

 
 
 Conclusions 
 

The extension of FRP for the repair of corroding 
pile in tidal waters has proven to be simpler than was 
anticipated. After four demonstration projects, the major 

ingredients for successful technology transfer are in 
place: a design method that allows an economical fiber 
layout to be selected; a pressure bagging system that 
ensures consistent bond between FRP and concrete; a 
modular scaffolding system that allows all-around access 
to piles. Other developments will allow steel to be 
cathodically protected thereby reducing the demand for 
the more expensive FRP material and extending the life 
of the repair. 

  
Based on our experience, it is clear that it is 

feasible to use FRP for underwater corrosion repair. The 
performance of the FRP in slowing down the corrosion 
rate appears to be comparable to that determined from 
laboratory testing. The repairs have held up well with the 
longest over four years at this time.  
 

Overall, the portents are promising and hopefully 
will culminate in the availability of a cost effective long-
term or short-term solution for repairing piles that is 
acceptable to highway authorities worldwide.  
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Table - 1  Properties of Pre-Preg Fabrics 
 

Fibers 
Tensile 

Strength 
(MPa) 

Tensile 
Modulus 

(GPa) 

Load per 
Ply 

(kN/m) 
Uni-

directional 
(GFRP) 

590 36 420 

Bi-directional 
(GFRP) 320 21 210 

Uni-
directional 

(CFRP) 
830 76 596 

Bi-directional 
(CFRP) 590 22 420 

 
 
 
 
 
 
 

Table - 2.  Properties of Wet lay Up Composite 
 

Properties Quantities 
Tensile Strength 3.24 GPa  
Tensile Modulus 72.4 GPa 

Ultimate Elongation 4.5 % 
Laminate Thickness 0.127 cm 

Dry fiber weight per sq. yd. 915 g/m2  
Dry fiber thickness 0.038 cm 

 
 
 
 
 
 

 
 
 
 
 
 
 
 
 

Figure – 1.     Allen Creek Bridge piles 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Figure – 2.    Embedded stainless steel electrode 
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Figure – 3.   Linear polarization connections 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Figure – 4.    Scaffold system for deep water access 
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Figure – 5.     Variability in bond 

 
 
 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Figure - 6.   Pressure bag securing FRP while curing 
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ABSTRACT 

Pilings cast with concrete in drilled shafts are 
prone to develop void regions during the pouring 
operation, compromising structural integrity.  A 
technique for detecting problem areas in the shaft 
shortly after the concrete has begun to set has 
been developed, based on temperature rise 
resulting from the hydration of cement.  This 
paper is concerned with the development of an 
inverse modeling technique using measured 
temperature profiles along the shaft in an attempt 
to reconstruct the position and size of any 
suspected anomaly.   The strategy adopted is to 
model the column, allowing for a possible void, 
and then minimizing error between the model and 
the observational data when the shape and 
position of the void are allowed to vary. Results 
for numerical experiments were successful but in 
practice the method is complicated by uncertain 
soil conditions, rate of heat generation, and 
boundary conditions at the site of the anomaly.   
 
NOMENCLATURE 
k – thermal conductivity (W/m-ºK) 
L0 – length of column sector (m) 
R – column radial position(m) 
R0 – column radius (m) 
q* – volumetric heating rate (W/m3) 
r – radial coordinate 
T  – temperature (ºK) 
Tamb – ambient temperature (ºK) 
t  – time  
Z – vertical position (m) 
Z0 – length of column (m) 
z – vertical coordinate 
 
Greek 
α – thermal diffusivity (m2/s) 
θ – azimuthal coordinate, position  

 
INTRODUCTION 

During the construction of subterranean 
drilled-shaft pilings, sections of the earth wall 
may collapse into the concrete as it is poured.  
Alternatively, it is possible that a spontaneous 
void or pocket may develop during the process 
(Fig. 1).   In either case, the concrete cover will be 
reduced or absent altogether, leaving the steel 
reinforcing cage exposed to accelerated corrosion, 
especially in salty soils.  Ultimately, the structural 
strength of the column may be impaired, making 
repair of such conditions a high priority.   

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

 
 

Fig. 1: Illustration of drilled shaft piling.  
Cutaway view shows void exposing reinforcing 

steel. 
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A technique for detecting voids in the shaft 
shortly after the concrete has begun to harden has 
been developed [1].   The basis of this test 
procedure is the fact that the temperature of the 
pile increases for a period of time as a result of  
the hydration of the cement binder.   Normally, 
within a sound column a relatively uniform, 
symmetric temperature profile develops, however 
in situations where a void occurs during 
construction, the local temperature in this region 
will be altered. After some time has elapsed 
information from this thermal disturbance will 
diffuse for some distance from the original void.    

This paper is concerned with the development 
of inverse modeling techniques utilizing 
measurements of temperature distribution along 
the shaft in an attempt to recreate the position and 
size of any possible void.  The ultimate goal of 
this approach is to recover information 
concerning both the size and position of possible 
voids, utilizing the logging measurements plus 
any additional information available.  While any 
temperature anomaly detected is suspect, 
obtaining an improved image of the condition of 
the pile integrity would be quite valuable since it 
is possible that if a flaw is detected with sufficient 
spatial accuracy (and timeliness), remedial actions 
(such as concrete injection near a void) could be 
attempted. 

 
DETECTION OF VOIDS   
Small vertical logging tubes cast inside the 
concrete piling during construction make possible 
observations of the longitudinal temperature 
profiles at several locations by means of a probe 
fitted with infrared sensors and lowered into the 
tube, as illustrated in Figs. 1 and 2.  These 
measurements can be made at various times as the 
hydration reaction continues.  Fig. 3 contains an 
example of the type of observations being made 
currently.  In this particular instance, the pile was 
fitted with three logging tubes attached to the 
rebar cage at approximately 120° intervals around 
the periphery.   Bags of sand were attached to the 
cage (as shown in the figure) to simulate the type 
of concrete voids caused by cave-in, the situation 
of interest here.  The shaft was 8.4 m in length 
and 1.2 m in diameter. Two small bags 
approximately 0.13 m deep, 0.46 m high and 0.9 
m long were centered at about 80º and 120º from 
tube, at the depth shown in the figure.  The lower 
bag was twice that size and centered on the tube.  

A thermal disturbance due to the sandbag was 
easily detected, and the approximate position can 

be estimated both vertically and in relation to the 
logging tubes around the circumference.  
Experiments are difficult (due to environmental 
conditions) and expensive to conduct. 

 
 
 
 
 
 
 
 
 
 
 
 
 
 

Fig. 2: Illustrating the probe with four 
thermocouple sensors inserted in logging tube. 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

 
 
 
 
 
 

Fig. 3: Data obtained from typical experiment at 
14 hours.  Temperature data is normalized to the 

ambient conditions at start of test.   
 
 
Although preliminary, these measurements 

clearly indicate the presence of a void and provide 
an indication of approximate location.  
Anticipating improvement in signal quality with 
further experience, the purpose of the 
investigation presented here is to determine 
whether inverse modeling techniques can be 

INFRARED 
THERMOCOUPLES

LOGGING TUBE

CONCRETE

OBSERVATION 
DIRECTIONS

PROBE

-1.00

-0.75

-0.50

-0.25

0.00

1.00 1.05 1.10 1.15 1.20 1.25

4

2

3

1

1

2

3
4

PILE

LOGGING
TUBE

APPROXIMATE 
LOCATION
OF VOIDS

RELATIVE TEMPERATURE – T/TAMB

V
E

R
TI

C
A

L 
P

O
S

IT
IO

N
 -

Z/
Z 0

LARGE

SMALL

-1.00

-0.75

-0.50

-0.25

0.00

1.00 1.05 1.10 1.15 1.20 1.25

4

2

3

1

1

2

3
4

PILE

LOGGING
TUBE

1

2

3
4

PILE

LOGGING
TUBE

APPROXIMATE 
LOCATION
OF VOIDS

RELATIVE TEMPERATURE – T/TAMB

V
E

R
TI

C
A

L 
P

O
S

IT
IO

N
 -

Z/
Z 0

LARGE

SMALL

                     154



Inverse Problems, Design and Optimization Symposium 
Miami, FL, U.S.A., April 16-18, 2007 

utilized to refine estimates of the position and size 
of any suspected voids.   It is noted that others 
have made similar temperature measurements [2] 
and have reported apparent anomalies, believed to 
be due to outward bulging of the column wall. 

 
THERMAL BEHAVIOR NEAR VOID 

Numerical experiments were conducted 
utilizing simulated data, since no reliable 
experimental data is currently available.  Data sets 
were synthesized by modeling of the column at 
various times during the hydration period to 
obtain temperature profiles in the logging tubes.   
Beginning with the conventional time-dependent 
heat transfer equation, including heat generation, 
in cylindrical coordinates (Eq. 1), a finite 
difference model for the temperature, T, was 
constructed for a cylindrical section of the 
column,  

 

k
q

z
TT

rr
T

rr
T

t
T *111

2

2

2

2

22

2

+
∂
∂

+
∂
∂

+
∂
∂

+
∂
∂

=
∂
∂

θα
     (1) 

 
where k is the thermal conductivity and q* is the 
volumetric rate of heat generation.  The following 
assumptions were made: 
 

1. The dimensions of the column section 
were R0=.65 m, L0= 1 m. 

2. The thermal diffusivity, α, of concrete 
was taken to be 4.18x10-7 m2/s. 

3. An insulated boundary at the cylinder 
ends (away from any disturbance) was 
imposed.   

4. The generation term, q*/k, was given as 
a function of time (Fig. 4).   

5. Two logging tubes were located at 90° 
intervals (Fig. 5).  

 
 
 
 
 
 
 
 
 
 
 
 
 

Fig. 4: Heat generation function employed for 
simulated data and numerical experiments.  

 
 
 
 
 

 
 
 
 
 
 
 
 
 
 
 

Fig. 5:  Test configuration and region of 
computations for work reported here. 

 
 

Synthesized data were calculated at 18 hours 
from the beginning of pouring.  The probe is 
currently constructed to permit observation of 
temperature in four directions and (if stabilized 
against rotation in the tube) can be oriented so 
that observations are made in the radial and 
azimuthal directions (Fig. 3). Because the 
computational grid is relatively coarse (14x18x20 
nodes), conditions at the logging tubes were 
constructed numerically in the following manner.  
In each of the four directions a three point 
estimate of the derivative was constructed for the 
point half way between the node representing the 
tube center and the next node outward (Fig. 6).   

 
 

 
 

 
 
 
 
 
 
 
 
 
 
Fig. 6: Computational grid in vicinity of logging 
tube showing the extra point (labeled 0) used to 
calculate the temperature along the tube facing 

one direction. 
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Imposing an insulated condition at the wall 
implies that the derivative is zero, permitting a 
solution to the tube wall temperature in each 
direction [3].  The quadrant modeled included 
three sets of nodes beyond the logging tubes to 
permit this computation (Fig. 5).  At each time 
step the node at the center of the tube was 
replaced with the average of the wall 
temperatures. 

A test void (0.2 m deep x 0.17 m high x 0.17 
m wide) was utilized for numerical experiments.  
The cylindrical test section containing the void is 
depicted in Fig. 7.   

 

 
 

Fig. 7: Representation of the surface of the 
column section for trial data set.  Depth of void is 

0.7 R0.  Logging tubes shown for clarity. 
 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Fig. 8: Calculated temperature profiles at logging 
tubes at 18 hours, used for trial data.  Inset 

indicates probe measurement directions; dashed 
lines indicate logging tube most distant from void. 

Fig. 8 contains the temperature profiles that 
would be measured by a probe, obtained by direct 
computation of the temperature distribution for 
the column shown in Fig. 7 (employing the 
assumed hydration function).  While the signal 
observed at the logging tube nearest the void is 
substantial, the other tube shows a very limited 
temperature change.   

These results (functions of time and depth) 
were utilizing as trial data for the inverse 
modeling strategies examined here. To remove 
the dependence on grid spacing, results for the 
wall temperatures in the logging tubes were 
interpolated by a cubic spline at desired locations 
to simulate a hypothetical data set.     
 
 
INVERSE METHODS 

Two inverse strategies for recovering the 
position and size of the void were investigated.  
The first of these, intended to utilize the data to 
identify just the azimuthal position of a suspected 
void, was developed as follows.   A two-
dimensional (r, θ) finite difference, time 
dependent heat transfer model (with heat 
generation) was constructed for a concrete disk, in 
a manner similar to that used to produce the 
original data (but with different grid spacing).  
Again, the outer surface of the concrete was 
assumed to be at ground temperature, Tamb.   This 
model was formulated as a function of a nine 
element vector which determined the extent of the 
void. 

 
 
 
 
 
 
 
 
 
 
 
 
 

 
 

Fig. 9: Region of interest within the 
computational grid.  The radial position held at 
Tamb forms a nine vector composed of integer 

elements.   In the example shown all circled nodes 
are set to Tamb. 
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As can be seen in Fig. 9, the void was formed 
by also setting some additional nodes to Tamb, 
inwards from the outer surface as determined by 
the vector parameter.   The vector represented the 
integer values of the nodes forming the radial 
position of the void or if not part of the void, the 
outer surface.   The nodes in the region of interest 
and thus affected by the value of the nine vector 
were centered near the position of the suspected 
void.    

This model was then used as an objective 
function, in a scheme which attempted to 
minimize the square error (at the time of 
observation) between the model results and the 
observed temperature at the logging tube when 
the shape and position of the void are allowed to 
vary. The MATLAB© constrained optimization 
function (fmincon) was employed to minimize the 
least square error between the model output and 
the simulated data set while varying the nine 
vector parameter.  Since this routine does not 
handle integer parameters, the nine-vector was 
developed as a fraction of the radius, multiplied 
by the number of radial elements and rounded to 
an integer within the objective function.   The step 
size in the minimization routine was set to be 
consistent with integer intervals.   

The results of a numerical experiment 
utilizing the two-dimensional model are shown in 
Fig. 10. 

 
 

 
 
 
 
 
 
 
 
 
 
 
 

 
Fig. 10: Void location and depth recovered from 

trial data by two dimensional inverse method. 
 
 

The computed void appears to match the 
actual conditions reasonably well but the shape is 
somewhat broadened. This method indicates the 
approximate location of the center of the void and 
moving the midpoint of the nine-vector gave 

similar results, although not necessarily as close a 
match.  The use of one more step in time forward 
or back gave little change, nor did utilizing data 
from several time steps simultaneously.  It should 
be noted that in practice it is not always feasible 
to wait for more extensive tests if repairs are to be 
made.  

The second strategy consisted of an attempt to 
reconstruct the void position and volume using a 
three-dimensional model.  This model was 
formulated much like the first but as a function of 
a 5X5 array, which was again used to determine 
which nodes were set to Tamb. In this case 
however a more realistic image of a void is 
obtained (as can be seen in Fig. 11), since the 
vertical variation in logging tube data is 
additionally utilized to produce a three 
dimensional image.  An initial guess concerning 
the location of the void center can be obtained 
from the first method and the vertical 
characteristics of the data.  The location of the 
void has been determined reasonably well.  For 
comparative purposes, the volume of the 
computed void is about 1.5 times that of the 
original. 
 

 
 
Fig. 11: Representation of the cylindrical section 
of the pile containing the void as reconstructed by 

the three-dimensional modeling technique. 
 
 
CONCUSIONS AND FUTURE DIRECTIONS 

Two inverse techniques for spatially resolving 
voids in drilled shaft concrete piles have been 
developed and successfuly tested with 
synthesized data, representing temperature 
information available from inside the shaft.  It is 
expected that these concepts can eventually be 
used.  Unfortunately, the quality of the 
experimental measurements is not yet at the level 
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suitable for further analysis such as that proposed 
here.    

The experimental method is complicated by 
uncertain soil conditions, rate of heat generation, 
and boundary conditions at the site of the 
anomaly.  At present the analysis relys on several 
ad hoc assumptions regarding the ambient 
temperature and conditions at the wall.  
Eventually it may be possible to use data from 
regions without voids to deduce these conditions 
as well as the rate of heat generation, also by 
inverse techniques. 
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Roof Damage in New Homes Caused by Hurricane Charley
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Abstract: Hurricane Charley was the first Category 4 hurricane to strike Florida after 1992. This paper presents results of a study to
investigate the performance of 425 of 747 roofs of new homes in Punta Gorda Isles, a subdivision of Punta Gorda that was directly in the
path of Hurricane Charley shortly after it made landfall. The homes examined were larger, concrete/clay tiled roof homes having irregular
floor plans and complex roof configurations not explicitly addressed by prevailing wind load codes. Roof damage was evaluated using
images from aerial photographs taken at an elevation of approximately 762 m �2,500 ft . � Specialized software was used to quantify
damage. Damage was classified based on tile loss area. The study showed that the vast majority of the roofs were either undamaged or
sustained minor damage. Fewer than 14% were classified as damaged. The most common observed tile loss was along ridges, corners, or
in the hip zone where negative uplift pressures are recognized to be the highest. Given the modest observed damage, prevailing methods
for estimating wind loads for irregular buildings specified in codes may be adequate. Problems encountered may be best resolved through
new details for attaching tiles on ridges, corners, and hip zone.
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Introduction

The 2004 hurricane season was devastating for Florida. For the
first time in 153 years of record keeping, the state was struck by
four hurricanes. Of these, the first, Hurricane Charley, a Category
4 storm was the most severe and caused the most destruction.
Charley made landfall in the barrier islands in Lee County, Fla.,
on August 13, 2004 causing 33 deaths and an estimated $14
billion of insured loss. This made it the second costliest hurricane
in the state since Hurricane Andrew struck South Florida in 1992
�National Climatic Data Center 2005�.

Unlike buildings with steep roof slopes characteristic of cold
regions, buildings with moderate roof slopes common in the
southeast, are subjected to large uplift forces. These uplift forces
can cause the lightweight roofs to sustain significant damage un-
less they are properly engineered. Indeed, 90% of all homes in the
path of Hurricane Andrew experienced roof damage with 33%
sustaining severe damage. Typical damage resulting from these
forces include separation of roof components, buckling of roof
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trusses, pullout of anchorage and collapse of structural support
�Bradford and Sen 2004�.

The problems identified by damage caused by Hurricane An-
drew in 1992 �Cook and Soltani 1994� led to changes in code
requirements to rectify shortfalls in design, detailing, and inspec-
tion. In 1993, the Standard Building Code �SBC� issued a deemed
to comply publication “Standard for Hurricane Resistant Residen-
tial Construction �SSTD 10�” also referred to as SSTD 10 �SBC
1993�. This was subsequently updated in 1999 �SBC 1999�.
SSTD 10 provides a prescriptive method for building one-, two-,
and three-story residential buildings to withstand high winds.

In 1998, the Florida legislature passed a law to create a new
statewide code that replaced the 470 local codes that were in
force. This new code published in 2001 was adopted in 2002
�Florida Building Code 2001�. It is modeled after the 1999 SBC
code and the South Florida code and retained many of its provi-
sions �FEMA 2005�.

The damage caused by Hurricane Andrew was also repeated
by Hurricane Charley in older homes designed and built to pre-
Andrew codes. For example, Charley damaged 11,615 homes in
Charlotte County �St. Petersburg Times 2005�. These failures
were due to well documented deficiencies rectified in the newer
codes and are therefore outside the scope of this paper.

Objectives and Scope

The aim of the study was to evaluate the performance of roof
coverings of newer homes in Punta Gorda Isles �PGI�, a subdivi-
sion of Punta Gorda, built to post-Andrew codes that were sub-
jected to Charley’s strongest sustained winds. For this reason,
homes were limited to those built in the past ten years. This
allowed the performance of the newer SSTD 10 and the Florida
Building Code to be assessed. As all homes in PGI were required

to have concrete or clay tiled roofs �this ordinance was changed

OF CONSTRUCTED FACILITIES © ASCE / MARCH/APRIL 2007 / 97
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following Charley�, conclusions from this study are limited to
houses with concrete or clay tiled roofs.

An equally important objective was to evaluate the perfor-
mance of homes with irregular floor plans and complex roof
configurations since these are outside the scope of prevailing stan-
dards �Stathopoulos 2003�. As illustrated in Fig. 1, the roof types
covered in the prevailing standards are flat roof with parapet wall,
gable roof, hip roof, and monoslope roof with overall rectangular
layouts. Most modern homes have a combination of gable and hip
roofs on nonrectangular layouts.

Path of Hurricane Charley

Fig. 2 shows the path of Hurricane Charley as it made landfall in
Florida. This fast moving, intense, narrow �hurricane force winds
extended approximately 11.3 km �7 mi� from the center� first
made landfall in Cayo Costa, Fla. Subsequently it crossed Char-
lotte Harbor moving inland first towards Punta Gorda, then Port
Charlotte, and Arcadia. The highest wind speeds were not mea-
sured. However, model-based assessment of Charley’s maximum
wind speeds estimated it to be between 201.2 and 225.3 km/h
�125 and 140 mi/hr� �for downtown Punta Gorda–Exposure B,
3-second peak gust�. The corresponding maximum speed for
Exposure C was estimated to be between 225.3 and 257.5 km/h
�140 and 160 mi/h�. These speeds exceeded the design speed of
183.5 to 209.2 km/h �114 to 130 mi/h� for Charlotte County
�FEMA 2005�.

Survey Site

PGI, a new subdivision of Punta Gorda, was selected for the
survey as it met all the requirements for this study. As it was
directly in the path of Hurricane Charley shortly after it made
landfall, all buildings in the subdivision were subjected to the
strongest sustained winds. Equally importantly, it had a signifi-
cant number of homes built to new codes. These homes were all
large �325 m2 �3,500 ft2� average� having irregular floor plans
and complex roofs. PGI was also a deed restricted community
that required all homes to have tiled roofs.

Development of PGI started in 1957 and different areas were

Fig. 1. Types of roofs addressed in codes and standards
opened over the years. There are 18,794 parcels in PGI of which
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17,598 have been built upon. PGI has 747 homes built from 1996
to 2003. Of these, 425 were evaluated in this study �57%�. With
the exception of a few homes located on a golf course, all homes
in PGI are on wide canals with access to Charlotte Harbor and the
Gulf of Mexico �The Andreae Group 1997–2003�.

Approach

A systematic study was conducted in which post-Charley aerial
photographs of 425 of the 747 new homes constructed in PGI
were reviewed. Aerial photographs were obtained from Pictom-
etry International Corp. �Rochester, N.Y.�, who photographed the
storm-affected areas shortly after Hurricane Charley moved
through the area.

Most images were taken on August 21, 2004, with a small
portion taken between August 27 and 28, 2004. All images were
high resolution �12.2 cm �0.4 ft� per pixel� and in digital format.
Special software provided by Pictometry allowed buildings to be
identified by their address. With information provided by the
Charlotte County Geographical Information Systems Department
�Charlotte County, Florida 1997–2004� and the Charlotte County
Property Appraiser �Charlotte County Property Appraiser 1997–
2004�, buildings could be identified very efficiently.

Other providers of aerial photography were also considered.
These included Keyhole, Applied Geotechnologies, M7 Visual In-
telligence, and Digital Globe. Pictometry was chosen for their
coverage of the area of interest after the storm, their willingness
to assist in this research, and the quality of their product including
pictures and software.

Additionally, site visits were made to the homes classified as
“damaged” �see the section entitled “Damage Classification” for
further explanation�. The purpose of the site visit was to attempt
to verify the mode of damage seen in aerial photographs. Details

Fig. 2. Path of Hurricane Charley. The dark line cutting through
Charlotte Harbor represents the centerline of Charley’s path �2002
DeLorme �www.delorme.com� 3-D TopoQuads�.
such as contractor and attachment method were also included in
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the inquiry. Unfortunately not all of the homeowners were avail-
able during site visits and several of the homes had been repaired
or were under repair. Therefore, tile material type and contractor
information could not be quantified.

Aerial Photographs

Traditionally aerial images are taken orthogonally or straight
down. Pictometry markets a unique product in that they provide
images taken at an angle. These oblique images were used in this
study so that features could be easily seen in their entirety. All
aerial images used in the study were supplied by Pictometry
International.

Oblique pictures �at an angle of 40–45°� were taken from
different directions at two elevations for the neighborhood �ap-
proximately 762 m �2,500 ft�� and the community �approximately
1,530–1,830 m �5,000–6,000 ft��. This made it possible to view
and analyze any house or building feature in PGI from all cardinal
directions �see Figs. 3�a–d��. Having four views of each property
provided a more complete image of the damage, although details
such as tile material �i.e., concrete or clay� or tile pattern could

Fig. 3. Example neighborhood oblique image. Four views allow for
�c� west; and �d� east views of a damaged house �Reprinted with per
not be definitively identified from the photographs.
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Pictometry has a unique patented information system that
combines aerial imaging with a state of the art software system
that includes tools useful in analysis of aerial images called Elec-
tronic Field Study �EFS� �Pictometry International 2002�. Dis-
tances, heights, and areas can all be estimated using this software.

Quantification of Damage

EFS permits areas to be measured simply by drawing a line
around the target region with an “area tool.” The program then
calculates the enclosed area �Fig. 4�. Other tools allow dimen-
sions to be estimated, e.g., roof height or photographs to be an-
notated to show the wind direction.

The specific area tool used for this research did not take the
pitch of the roof into consideration, and as such, the measure-
ments obtained had a range of accuracy. The accuracy could be
improved by using newer EFS tools that allow the user to take the
roof pitch into account or by incorporating better elevation mod-
els. Regardless of which tool is used, the final measurement ac-

e on all sides to be clearly seen and estimated: �a� south; �b� north;
n, Pictometry International Corp. 2006�.
damag
missio
curacy is affected by how accurately the user draws the height
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lines and area boundaries with a mouse. Nonetheless, since the
same method was used for all the buildings, it provides valuable
comparative data.

Damage Classification

Property data were plotted using mapping software to give a vi-
sual representation of the location of homes relative to the path of
Hurricane Charley �Fig. 5�. Homes were chosen randomly from
this plot and analyzed in EFS. Four views, one from each cardinal
direction �Fig. 3�, of each home were saved and the estimated
area of missing tiles was recorded in a database along with prop-
erty information.

Damage Home

A home designated as damaged would have large areas of missing
tiles or at least 9.29 m2 �100 ft2� of missing tile. See Fig. 6.

Fig. 4. Pictometry area tool. Area is estimated at 24.68 m2 �84 ft2�.
�Reprinted with permission, Pictometry International Corp. 2006�.

Fig. 5. Plot of PGI properties. Damaged �57 homes�, minor
damage �158 homes�, and no damage �210 homes� �2002 DeLorme
�www.delorme.com� 3D TopoQuads�.
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Minor Damage

If the area of missing tiles was between 0.46 and 9.29 m2 �5 and
100 ft2� or there were no large areas of missing tiles damage was
classified as minor. See Fig. 7.

No Damage

A home with less than 0.46 m2 �5 ft2� of missing tiles was con-
sidered to have no damage. See Fig. 8.

Location of Homes

After property damage had been categorized based on measured
damage from the aerial photographs, markers identifying the
location of these properties were placed on a map of PGI �see
Fig. 5�.

Fig. 6. Damaged home. Large areas or more than 9.29 m2 �100 ft2�
of missing tiles/shingles �Reprinted with permission, Pictometry
International Corp. 2006�.

Fig. 7. Home with minor damage. 0.46–9.29 m2 �5–100 ft2� of
missing tiles �Reprinted with permission, Pictometry International
Corp. 2006�.
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The locations of these homes relative to the eye of the Hurri-
cane are shown in Fig. 9 for damaged homes, in Fig. 10 for
homes with minor damage and in Fig. 11 for those with no dam-
age. It may be seen that damaged homes are concentrated in the
southern and western part of PGI, whereas the others are more
evenly distributed over the region. A complete photographic
record of damaged homes compiled in this study is included in
the final report �Meloy et al. 2005�.

Analysis of Data

Table 1 provides a year-wise breakdown of the 425 homes studied
which accounts for 57% of the 747 homes built in Punta Gorda
Isles from 1996 to 2003. In numerical terms, the largest number

Fig. 8. Home with no damage. Less than 0.46 m2 �5 ft2� of missing
tiles/shingles �Reprinted with permission, Pictometry International
Corp. 2006�.

Fig. 9. Damaged homes. Notice the distribution of damaged and
minor damaged homes. Damaged homes are concentrated in
the southern and western sides of Punta Gorda Isles �2002
�www.delorme.com� DeLorme 3D TopoQuads�.
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of homes were those built in 2000 �76�, whereas the fewest was
for 2003 �31�. Table 1 also shows that the sample size relative to
the number of houses built was over 50% for homes built in 1996
�52%� and 1997 �51%� and in the mid-40% range for the remain-
ing years.

From the data presented in Table 1, it may be seen that, in
terms of average damage per home, the least damage was in
homes built in 1996 �1.8 m2 �19.4 ft2��, 1998 �2.1 m2 �23 ft2��,
and 2001 �3.2 m2 �34.2 ft2��. The greatest damage was for
homes built in 1999 �7.8 m2 �83.5 ft2�� and in 2003
�13.9 m2 �149.2 ft2��. The damage for 2003 included two houses
that contributed 58.7% of the total damage for that year. These
two homes did not have any attribute, such as geographic position
or floorplan, which could explain the large amount of damage.
Poor construction is the most probable reason for these outliers. If
these two houses are omitted, the average damage for homes built
in 2003 is much smaller �6.1 m2 or 65.9 ft2�.

Fig. 10. Homes with minor damage. Minor damaged homes have a
more uniform distribution �2002 �www.delorme.com� DeLorme 3D
TopoQuads�.

Fig. 11. Homes with no damage. Homes with no damage are evenly
distributed throughout the area �2002 �www.delorme.com�
DeLorme 3D TopoQuads�.
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A damage-wise breakdown of the same data is given in
Table 2. Of the 425 homes studied, the roofs of 210 �49%� suf-
fered no damage, whereas 158 others �37%� had minor damage.
This means that only a small fraction of the homes �14%� were
classified as damaged. Given the large sample size, it is reason-
able to conclude for tiled roofs used in these large homes current
methods for calculating design wind speeds for irregular roofs are
adequate.

Table 3 compares the relative performance of homes built to
the Standard Building Code and the Florida Building Code. Based
on the measured tile loss, the overall performance of the buildings
designed to the SBC �1996–2001� or the Florida Building Code
�2002–2003� are quite comparable. Average tile losses were

Table 1. Damage Breakdown by Year

Year

Number
of homes
studied

Number
of homes

built
o

1996 37 71

1997 46 90

1998 59 122

1999 68 152

2000 76 163

2001 62 139

2002 46 129

2003 �without extreme cases� 29 66

2003 �with extreme cases� 31 66

Annual averagea 53 124

Annual averageb 53 124

Totala 423 745

Totalb 425 747
aWithout extreme cases.
bWith extreme cases.

Table 2. Damage Breakdown by Category

Damage

Number
of

homes
sited

Total
damage

�m2�

Average
damage

�m2�

Average
appraised

value
�$�

With extreme cases 57 5,268 90 456,570

Without extreme cases 55 4,441 78 455,743

Minor 158 1,709 11 440,759

No 210 0 0 433,478

Total with extreme cases 425 6,977 16 —

Total without extreme cases 423 6,150 15 —

Table 3. Code Comparison with Estimated Damage

Year range
Building

code

Total
damage

�m2�

Average
damage

�m2�

1996–2001 Southern 1,594.000 4.550

2002–2003a Florida 610.100 7.900

2002–2003b� 358.000 4.650
aWith extreme cases.
b

Percent
f homes
studied

Total
damage

�m2�

Average
damage

�m2�

Average
appraised

value
�$�

Average
total

building area
�m2�

52 67 1.8 427,525 309

51 226 4.9 398,507 311

48 122 2.1 412,658 316

45 528 7.8 439,755 324

47 375 4.9 440,632 325

45 197 3.2 435,457 323

36 182 4.0 467,482 330

44 178 6.1 526,805 343

47 430 13.9 524,598 366

43 234 4.3 443,603 323

43 2,942 5.4 443,327 327

57 1,875 — — —

57 2,127 — — —
Without extreme cases.
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Table 4. Damage Breakdown �Category, Year Built, and Value�

Damaged

Year

Damaged
area
�m2�

Number
of homes
studied

Number of
homes in
category

Percent
of

total

Average
appraised

value
�$�

1996 25 37 2 5 425,833

1997 178 46 9 20 418,692

1998 48 59 3 5 400,234

1999 439 68 14 21 422,249

2000 252 76 8 11 430,761

2001 135 62 7 11 437,187

2002 118 46 6 13 502,224

2003 412 31 8 26 615,383

Total 425 57 13 456,570

Minor damage

1996 42 37 14 38 435,102

1997 48 46 17 37 403,619

1998 75 59 25 42 427,516

1999 89 68 24 35 432,176

2000 123 76 34 45 440,038

2001 63 62 20 32 436,852

2002 64 46 19 41 496,209

2003 17 31 5 16 454,564

Total 425 158 37 440,759

No damage

1996 0 37 21 57 421,640

1997 0 46 20 43 373,211

1998 0 59 31 53 410,226

1999 0 68 30 44 464,839

2000 0 76 34 45 451,099

2001 0 62 35 56 432,330

2002 0 46 21 46 404,012

2003 0 31 18 58 510,467

Total 425 210 49 433,478
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4.55 m2 �49 ft2� for those built to the SBC versus 4.65 m2 �50 ft2�
to the Florida Building Code if the two houses that contributed
significantly are omitted.

Table 4 provides data on the relationship between damage and
year of construction. As noted earlier, overall only 14% of the 425
homes were damaged. However, homes built in 1997 �20%�, 1999
�21%�, and 2003 �26%� suffered greater damage while those built
in 1996 or 1998 �both 5%� suffered the least damage. In terms of
undamaged homes, homes built in 1996 �57%�, 2001 �56%�, and
2003 �58%� fared the best. It is interesting to note that homes
built in 2003 have the largest percentage of undamaged homes
and also the largest percentage of damaged homes. Only 16% of
homes built in 2003 had minor damage compared to a range of
32–45% for the other years. The exact cause of the large disparity

Table 5. Damage Distribution

Year
Number of

homes studied
Number of

damaged homes

1996 37 2 Total

Averag

1997 46 9 Total

Averag

1998 59 3 Total

Averag

1999 68 14 Total

Averag

2000 76 8 Total

Averag

2001 62 7 Total

Averag

2002 46 6 Total

Averag

2003 31 8 Total

Averag

Total 1996–
Average 199

Note: The values indicate damage on respective side of roof.

Fig. 12. Damage distribution totals. Wind direction indicates which
direction the wind is from �i.e., wind direction�E, wind is from the
east�. Homes suffered the greatest damage on the east side possibly
indicating damage was done by debris. Winds were initially from the
east. Assuming most damage was done by the first and strongest
winds, this may show that much of the damage was caused by debris
as tiles are more commonly lost on the negative pressure or
downwind side. Airborne debris would be traveling westward and
impacting homes on the east side.
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in behavior of homes built in 2003 is not clear, but it may be due
to combination of the relatively small sample size and some cases
of poor construction and unfavorable location.

Table 5 provides a year-wise breakdown of the damage to the
roof in the cardinal directions. With the exception of homes built

Damage �m2�

North East South West Total

2.60 8.18 13.47 0.74 25

1.30 4.09 6.78 0.37 —

19.70 130.90 18.12 9.66 178

2.23 14.59 2.04 1.11 —

4.46 26.85 15.89 0.37 48

1.49 8.92 5.30 0.09 —

114.27 166.02 61.59 96.62 439

8.18 11.89 4.37 6.87 —

58.62 143.35 30.29 19.51 252

7.34 17.93 3.81 2.42 —

17.09 93.83 16.07 7.62 135

2.42 13.38 2.32 1.11 —

13.01 75.62 20.07 8.83 118

2.14 12.63 3.34 1.49 —

68.28 177.91 108.70 57.51 412

8.55 22.20 13.56 7.15 —

298 823 284 201
142 243 194 101

Fig. 13. Examples of roof damage due to poor workmanship: �a�
insufficient mortar; �b� insufficient adhesive
e

e

e

e

e

e

e

e

2003
6–2003
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in 1996 where more damage was sustained in the south face, by
and large, damage on the eastern side is much greater. This is
evident from the cumulative damage listed in the last line of the
table that is also plotted in Fig. 12. This is to be expected as initial
winds were from the east and would have been the strongest.

Damage Characterization

As in previous surveys of damage caused by other hurricanes,
such as Andrew �Cook and Sotani 1994� and Hugo �Sell and
Sparks 1991� there was damage due to poor workmanship and
due to windborne debris. This needs to be separated in order to
evaluate the role of high winds on the performance of new roof
construction.

Damage due to Poor Construction

The Florida Roofing, Sheet Metal and Air Conditioning Contrac-
tors Association have developed consensus standards �updated or
reaffirmed every three years� for the installation of concrete and
clay roof tiles. Several alternate approved systems for installing
tiles are permitted, e.g., using mechanical fasteners, mortar set, or
adhesive.

Roof damage observed in the field region of the roof, i.e.,
excluding the high suction regions such as corners, perimeter or
ridges, could be due to improper attachment of the tiles. An ex-
ample of such damage is shown in Fig. 13�a� where the mortar-set
attachment method was used. Here the damage extends to the
field region beyond the ridge. The mortar-set installation was

Fig. 14. �a� Roof damage due to impact near gutter note damage
to soffit; �b� tile damage due to windborne debris �Courtesy of
homeowner�
identified as more susceptible to damage by the Federal Emer-
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gency Management Association �FEMA 2004�. There was also
widespread damage to building soffits �vents under the roof over-
hang that allow the attic to breathe� because it had not been prop-
erly attached �see Fig. 14�a��.

Damage due to Flying Debris

The new codes require houses built in close proximity to the coast
to protect openings by providing damage resistant glass or pro-
tective shutters. However, tile roofs are vulnerable to damage by
flying debris. This type of damage was reported by home owners
who responded to the contact letter sent out by the University of
South Florida �USF� or in discussions with the USF research team
during site visits. An example of such roof damage provided by a
homeowner is shown in Fig. 14�b�. Such impact damage was
distinguished by remnants of smashed tiles/shingles that were left
behind.

Damage due to Wind

Five examples of characteristic damage due to high wind are
shown in Figs. 15–19. In each case, the area surrounding the
damaged home is shown along with information on the year the
house was built and nearby homes to provide a measure of the
damage sustained in the neighborhood. Figs. 15–19 were spe-
cially selected because neighboring homes sustained little dam-
age. Tile loss cannot therefore be attributed to flying debris but
due to the intensity of the wind and its interaction with the build-
ing. The direction of the prevailing wind is also shown in some
cases. This of course reverses as the eye of the hurricane crosses
a region.

Fig. 15. Damage due to high wind in roof ridge. Note also damage to
the ridge on the east side and missing tiles at the northeast corner
�Reprinted with permission, Pictometry International Corp. 2006�.
Inspection of these photos shows that damage was typically
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Fig. 16. Damage along ridges. Houses upwind show little damage �Reprinted with permission, Pictometry International Corp. 2006�.
Fig. 17. Damage due to wind along ridges and corners �Reprinted
with permission, Pictometry International Corp. 2006�
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Fig. 18. Damage due to wind along ridges �Reprinted with
permission, Pictometry International Corp. 2006�
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along the ridges �Figs. 15–19�, corners �Figs. 15, 17, and 19�, the
hip zone �Fig. 16 and 19�, and eaves �Fig. 19�. These occurred at
locations of high suction forces that are well recognized by codes
though in this case sustained winds exceeded the basic design
wind speed for Punta Gorda �ASCE 2003�.

It may be seen that all five homes in Figs. 15–19 have complex
roof configurations that are not strictly catered to by codes. None-
theless, a large number of homes in the neighborhood of the dam-
aged home sustained no damage �see Figs. 15–17 and 19�. This
could be related to local variation in wind velocity, its direction
relative to the house or the method by which the tiles were
attached.

Fig. 20�a� shows a close-up view of damage to ridge tiles
provided by a home owner. Fig. 20�b� shows a photo of similar
damage taken by the research team. As with Figs. 15–19, damage
was in the zone of high negative pressure. The absence of evi-
dence of flying debris from neighboring houses clearly indicates
that damage was due to the intensity of the wind and its interac-
tion with the structure, not poor workmanship as was the case in
Fig. 16.

Discussion

This paper provides a brief overview of the type of damage oc-
curring in an upscale neighborhood consisting of large, expensive,
waterfront homes that bore the brunt of Hurricane Charley. 57%
of all homes built in PGI from 1996 to 2003 were examined in the
study but damage was found to be limited even in houses that
were located close to the eye of the hurricane. This was most
probably because the hurricane was compact and the entire PGI
region was subjected to similar sustained winds that were esti-
mated to be above the design wind speed.

This excellent performance of the new homes indicates that
current specifications for the type of buildings examined �irregu-
lar with clay or concrete tiled roofs� are generally adequate. Wind
damage was sustained along ridges, corners, in the hip zone, and
eaves regions that are known to be subject to high suction forces.
Given that the roofs of a majority of homes were undamaged,

Fig. 19. Damage due to wind along ridges and the hip zone
�Reprinted with permission, Pictometry International Corp. 2006�
there is no compelling reason for making any significant changes.
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However, specifications for attaching tiles along ridges, hip zones
should be tightened to ensure that damage observed is not en-
countered under a similar wind event in the future.

These findings may be relevant for the entire northeastern
United States that can also be subject to hurricane force winds.
Over the last 30 years, the average U.S. home has significantly
increased by 40% from 154 m2 �1,660 ft2� in 1973, to �216 m2�
2,330 ft2 in 2003 �U.S. Census Bureau 2003�. Larger homes are
characterized by irregular floor and complex roof configurations.
The homes examined in this project were much larger
�325 m2 �3,500 ft2�� with more complex roof configurations and
the good performance observed in this study will be reassuring to
those living in these new homes.

Summary and Conclusions

This paper presents an analysis of the roof damage in newer,
larger, irregular homes caused by Hurricane Charley. The site for
the study was Punta Gorda Isles, a new subdivision of Punta
Gorda and only homes built from 1996 to 2003 were examined.

Fig. 20. Views of wind damage along: �a� ridges; �b� ridge
Aerial photographs were used for the study and damage was

CE / MARCH/APRIL 2007

 ASCE license or copyright; see http://pubs.asce.org/copyright



                     169

quantified using specialized software. Homes were characterized
as damaged, undamaged or moderately damaged based on area of
tile loss �see Figs. 6–8�. From the findings presented, the follow-
ing conclusions may be drawn.
1. Despite being subjected to winds in excess of the design

speed, there was relatively little roof damage in terms of
missing tiles. Of the 425 homes examined, there was no roof
damage in 210 homes �49%�. There was minor damage in
158 homes �37%�. Only 57 homes �14%� sustained signifi-
cant damage. This suggests that existing code methods for
calculating wind pressures in irregular structures or deemed
to satisfy details for one- and two-story buildings in the Stan-
dard Building Code and Florida Building Code are adequate
�see Table 2�.

2. The buildings that sustained damage were located in the
southern and western sides of Punta Gorda Isles �Fig. 9�.
Homes that were undamaged or moderately damaged were
distributed more evenly �Figs. 10 and 11�.

3. There was some evidence of damage due to poor tile instal-
lation. Impact from windborne debris also caused damage in
some cases. Site visits revealed that in many cases wind-
borne debris consisted of roof tiles from neighboring homes
�Fig. 14�b��.

4. Damage was nearly twice as much on the eastern side of
buildings compared to other sides �Table 5 and Fig. 12�. This
can be expected as primary sustained winds came from the
east in the first part of the storm. These winds would have
been stronger than the west winds produced as the storm
passed over land and weakened. Also homes in disrepair or
insufficiently secured roof tiles can be expected to have lost
tiles during the first part of the storm. Any airborne debris
would be traveling westward and impacting buildings on the
eastern side.

5. Proximity to the eye of the hurricane did not necessarily
result in greater damage.

6. Wind damage was concentrated to corners, ridges, hip zones,
and eaves where negative pressures can be highest. It is pos-
sible that wind pressure coefficients in the complex roofs
examined in these locations were underestimated. This prob-
lem can be most readily rectified by strengthening require-
ments for fastening tiles in these locations and ensuring that
these measures are enforced through rigorous inspection.

It should be noted that all buildings in PGI were deed restricted to
have tiled roofs. Therefore, these conclusions are valid for homes
with concrete or clay tiled roofs.
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Abstract: (12 pt. Bold underscore) 
 
The availability of resins that can cure in water has made it possible to explore the use of FRP for the 
corrosion repair of piles. Over the past three years, USF has completed four such demonstration 
projects. Three of these were conducted in the tidal waters of Tampa Bay, Florida’s largest estuary 
connecting Tampa Bay to the Gulf of Mexico. In each case selected piles were instrumented to allow 
long term monitoring of FRP’s performance in mitigating corrosion. This paper presents an overview 
on the lessons learnt and future developments planned with particular reference to the completed field 
demonstration projects. 
 
 
 
 
 
 
 
 
 
 
 
 

3rd COBRAE Conference, Benefits of Composites in Civil Engineering, University of Stuttgart, March 28-30                     170



1.  INTRODUCTION 
 
Fiber reinforced polymers (FRP) have been used for the repair and retrofit of concrete structural 
elements for over two decades. Their lightweight, high strength and resistance to chemicals offer 
obvious advantages. In fabric form, they provide unprecedented flexibility since fibers can be oriented 
to provide strength in any desired direction.  
 
More recently, FRP has also been used for corrosion repair. This application is somewhat controversial 
because of uncertainty regarding the consequences of continuing corrosion inside the wrap. 
Nonetheless, several demonstration projects have been completed though the majority of such repairs 
were carried out in dry conditions1.  
 
Underwater FRP repair became a possibility following the availability of resins that can cure under wet 
conditions. This paper provides an overview of the progress made over the last four years in exploring 
the use of FRP for repairing corroding piles in Florida’s tidal waters. 
 
 
2.   BACKGROUND 
 
Among contiguous states in the United States, Florida has the longest coast line. Its sub-tropical 
climate, combined with the high salinity characteristic of Atlantic waters in the 20-30o latitude has 
made concrete piles in marine environments very susceptible to corrosion. The process starts by 
ingress of chlorides through the concrete cover that result in the destruction of the protective passive 
oxide film on the steel surface. Oxygen from the air or dissolved oxygen from the water coupled with 
moisture present in the concrete then oxidizes the steel leading to the formation of rust that occupies a 
much greater volume than the original steel. The resulting tensile stresses cause cracking and spalling 
that are symptomatic of corrosion damage.  
 
Minor corrosion repairs are carried out using ‘chip and patch’ repair techniques. Greater damage is 
commonly repaired by encapsulating the corroded area in the “splash zone” (a region subjected to wet-
dry tidal cycles) in a jacket (Fig. 1), usually made of fiberglass because of its light weight. The jacket 
does not contribute to the repair strength but merely serves as a stay-in-place form for the concrete that 
is poured in the annular space between the pile and the inside surface of the jacket. Since the fiberglass 
jacket is opaque the repaired region is hidden making it impossible for inspectors to assess its state of 
repair unless corrosion has progressed to the extent that external rust stains become visible. 
  
 
 
 
 
 
 
 
 
 
 
 
 
 
Fig. 1. View of jacketed piles (left) and view of underlying corrosion with the jacket removed (right) 
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As a general principle, repairs are only durable if the conditions responsible for the original damage 
are removed. For corrosion damage, this requires removal of all the chloride-contaminated concrete 
and its replacement by sound concrete. This is a daunting task even when the repair is carried out 
under dry conditions. For piles that are half-submerged in salt water, the cost of such preparation is 
prohibitive. As a result, pile repairs are not durable unless they are used in combination with a cathodic 
protection system. Otherwise, it is only a matter of time before the repaired region corrodes again. Fig. 
1 shows the state of corrosion in a pile revealed by removing the pile jacket. Such recurring damage 
makes repairs costly over the lifetime of the structure.  
 
It should be noted that as FRPs are simply barrier elements they cannot stop the electro-chemical 
reactions responsible for corrosion. However, if the FRP system can be optimized, repairs may prove 
more durable and thereby offer a cost effective alternative to highway authorities. This is one of the 
motivating factors for continued research and development on this application. 
 
 
3.   ISSUES RELATING TO UNDERWATER FRP REPAIR 
 
The critical issues relating to underwater FRP repair are in many respects similar to those for repairs 
carried out under dry conditions. For example, it requires the same attention to surface preparation, 
material placement and cure. It is therefore not unreasonable to expect underwater FRP repair to enjoy 
similar dominance in the repair market if overall costs are lower and the repair more durable than 
current jacketing methods (Fig. 1). Some of the issues relating to underwater repair are addressed 
briefly below: 
 
Surface Preparation – as FRP pile repairs are part contact-critical (to withstand expansion due to 
corrosion) and part bond-critical (to allow flexural strengthening), surface preparation is crucially 
important. Unlike repairs above ground, pile repair necessitates removal of marine growth that forms at 
the water line (Fig. 2). This is best removed by using air-driven needle scalers, grinders or simply by 
chipping. Following removal of this growth, the surface needs to be cleaned and made smooth again. 
High pressure washing using fresh water is the most effective technique for cleaning. ACI’s Guide to 
Underwater Repair2 recommends a pressure of 68.5 MPa (10,000 psi) with a standoff distance of 10 to 
80 mm (0.5 to 3 in.) and an impingement angle of 40-90o for best results. With a flow rate of 100L/min 
(26 gal/min), cleaning rates of 0.35 to 0.65 m2/min (4 to 7 ft2/min) are attainable.  
 
Cleaning Corroded Steel – the International Concrete Repair Institute provides guidelines for the 
repair of deteriorated concrete resulting from steel corrosion (Guideline No. 037303). This requires 
undercutting of all exposed corroded bars to provide access for under bar cleaning of the full 
circumference of the bar. Additionally, delaminated concrete must be removed to provide minimum 
thickness for the repair material. At edge locations, right angle cuts are required so that there is no 
‘feather edge’, i.e. the depth of the cut is not reduced at the edges. However, in most demonstration 
projects reported in the literature1 no particular attempt was made to comply with these guidelines 
because of the cost and potential danger to the structure. Instead, the wrap was designed to account for 
a greater steel loss. 
 
Access to Piles – the success of the repair requires easy access to the entire region to be wrapped. 
Cofferdam construction (Fig. 3) permits ready access; however, it is likely to be costly. Customized 
scaffolding systems offer a cost effective solution and were used in the demonstration projects in deep 
waters. In essence it consists of a lightweight horizontal platform constructed of two expanded steel 
mesh sections that can be bolted in place around the piles. The assembly can be suspended from the 
pile cap by steel angles or chains.   
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Fig. 2.   Marine growth                Fig. 3.  Coffer dam construction 
 
 
Environmental conditions – temperature, wind and tide conditions interfere with placement of the wrap 
and can adversely affect the quality of the repair. Strong winds and high tides are best avoided. Ideal 
conditions are low tide with light winds.  
 
Repair region - Corrosion is particularly prevalent in elements that are exposed to the 'splash zone', i.e. 
within 0.6-1.8 m of the water line. The combination of deposition of salt on the pile surface and 
alternate dry/wet cycles due to tide change provide ideal conditions for corrosion in steel. This is the 
region that has to be repaired. There are, however, concerns that wrapping may result in migration of 
corrosion cells to locations above the FRP wrap as observed in conventional jacketed repairs. 
Laboratory tests4,5 show that this can be avoided if the wrap is extended beyond the chloride 
contaminated part.  
 
 
4. DESIGN OF FRP WRAP 
 
The economics of underwater FRP repair require that the wrap be engineered. The right FRP material 
with the optimal fiber layout should be selected to simplify field placement. This requires information 
on (1) the capacity loss that has to be restored and (2) the post-wrap expansion that has to be 
accommodated. Capacity loss is restored by orienting fibers parallel to the steel, i.e. length-wise. 
Expansion requires fibers in the transverse or hoop direction, i.e. perpendicular to the main steel. Both 
requirements are met by using bi-directional FRP material.  

 
Estimation of Strength Loss – The problems posed in estimating strength loss are no different than that 
for repairs conducted under dry conditions. The first step is the estimation of metal loss. This depends 
on whether the corrosion is uniform or there is localized pitting corrosion. Estimation will be reliable if 
corrosion is so severe that the entire bar is fully exposed. Unfortunately, even if the steel loss were 
known, there is no simple relationship between metal loss and resulting ultimate capacity reduction 
since it depends on a number of factors such as the bond between steel and concrete, the confinement 
provided by the ties and ductility reduction in steel due to corrosion. Emmons6mentions that capacity 
reduces for steel if corrosion exceeds 1.5%; data he quoted stated that at 4.5% corrosion the ultimate 
load reduced by 12%. This suggests that it would be foolhardy to assume a linear relationship between 
metal loss and capacity even when losses are quite modest. In our demonstration studies, the metal loss 
was conservatively assumed to be 20%.  
 
Corrosion Expansion – Although several experimental studies have been conducted to measure 
transverse strain due to corrosion expansion1, the results inevitably incorporate strains resulting from 
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unrestrained crack opening. CALTRANS6 have a method for determining the number of FRP layers 
required to withstand lateral expansion during earthquakes. Though intended for circular sections, 
factors are provided that allow rectangular sections of certain proportions to be designed. After careful 
analysis, a strain limit of 0.1% - approximately three times the maximum tensile strain leading to 
cracking – was selected and was used in design5.  
      
Analysis –An interaction diagram-based method was developed for designing the wrap for restoring 
capacity lost by corrosion. In the analysis only the FRP contribution to tensile strength was considered. 
The confinement effect of concrete was disregarded since it leads to modest increases in the ultimate 
axial capacity in non-circular sections. It was found that the assumed 20% strength loss was restored 
by using two transverse and one longitudinal carbon layer for the material properties outlined in Tables 
1-2. For the weaker glass, two longitudinal and four transverse layers were required to attain the same 
objective. The wrap selected was checked to ensure that it had a transverse strain capacity of 0.1% to 
accommodate the expected transverse expansion. 
 
 
5. FRP MATERIALS 
 
Two types of materials were used in all the repairs. One was a pre-preg, the other a wet lay up. The 
pre-preg system was from Air Logistics in which all the FRP material was cut to size, resin-saturated 
in the factory and sent to the site in hermetically sealed pouches. The wet lay up system required on-
site impregnation and was from Fyfe. An additional wet lay up system was also used but this repair 
was carried out under dry conditions inside a coffer dam5. For this reason, it is not discussed in this 
paper. Both carbon and fiberglass were used. Details of the properties of the fiber and the resin as 
provided by the suppliers are summarized in Tables 1 to 27, 8. 
 
  Table 1.  Properties of Aquawrap® Fabrics7 

 

Fibers 
Tensile 

Strength 
(MPa) 

Tensile 
Modulus 

(GPa) 

Load per Ply 
(kN/m) 

Uni-directional (GFRP) 590 36 420 
Bi-directional (GFRP) 320 21 210 
Uni-directional (CFRP) 830 76 596 
Bi-directional (CFRP) 590 22 420 

 
Table 2.  Properties of Tyfo® SEH-51 Composite8 
 

Properties Quantities 
Tensile Strength 3.24 GPa  
Tensile Modulus 72.4 GPa 

Ultimate Elongation 4.5 % 
Laminate Thickness 0.127 cm 

Dry fiber weight per sq. yd. 915 g/m2  
Dry fiber thickness 0.038 cm 

 
 
6.    FIELD WRAP 
 
The field demonstration projects were conducted in two phases. The first phase (completed in 2005) 
focused primarily on the feasibility of conducting an FRP repair of partially submerged pile. The 
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second phase (on-going) is intended to refine and improve the application to make underwater FRP 
repairs competitive in the market place.  
 
The sites for all the demonstration projects were identified by the Florida Department of 
Transportation because of the aggressiveness of the environment. This was confirmed from chloride 
content analysis of concrete cores taken from several piles. The chloride content at the level of the 
reinforcement generally exceeded the threshold required for corrosion to be initiated.  
 
The first demonstration project was carried out on piles supporting the Allen Creek Bridge, Clearwater, 
FL. It was selected because it is in shallow, relatively calm waters. The remaining studies were carried 
out on piles supporting Gandy Boulevard bridges spanning Tampa Bay, the largest estuary in Florida. 
The first of these two bridges is the Friendship Trails Bridge, now a recreational trail for pedestrians 
and cyclists. The second is the Gandy Bridge that is adjacent to the Friendship Trails Bridge. The 
waters of Tampa Bay are deeper and more turbulent than those of Allen Creek Bridge and the site is 
more representative of conditions where actual pile repairs are carried out. 
 
6.1 Surface preparation 
 
Good bond requires the substrate to have an open pore structure to ensure capillary suction of the 
resin6. In underwater repair, however, pores are saturated with water, small marine organisms or algae.  
As mentioned earlier, marine growth at the water line (Fig. 2) needs to be scraped off first. 
Additionally, sharp corners have to be ground to an acceptable radius using an air-powered grinder. 
This is a difficult operation particularly for sections that are below the water line. Quick-setting 
hydraulic cement was used to fill any depression, discontinuities and provide a smooth surface for 
wrapping. Just prior to the wrap, the entire surface must be pressure-washed using fresh water to 
remove all traces of dust, marine organisms and new algae growth.  
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
                     Fig. 4.  Scaffolding used for repair      
 
6.2     Scaffolding 

 
Excepting for the Allen Creek Bridge that was located in shallow waters, the remaining two bridges 
were in deeper waters in the middle of Tampa Bay. Whereas ladders were suitable for the Allen Creek 
Bridge site, a customized scaffolding system had to be designed, fabricated and installed for the other 
applications. Fig. 4 shows the scaffolding used in the Friendship Trails Bridge. This was developed for 
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a project in which all piles in a bent had to be wrapped. Thus, the scaffolding extended over the entire 
length of the pile cap. In subsequent studies, only 1 or 2 piles in a bent were wrapped and the 
scaffolding was re-designed for the smaller number of piles. This resulted in a lighter scaffold catering 
to individual piles. It was supported by steel chains so that it could be readily moved to provide access 
to other piles in the same bent that were to be repaired. 
 
6.3     Impregnating FRP 
 
As mentioned earlier, two different systems – a pre-preg and a wet layup were used. In the pre-preg 
system, the FRP was saturated with resin in a factory and sent to the site in hermetically sealed 
packages that were opened just prior to the wrap. In contrast, the wet layup system required on-site 
impregnation. This meant that the FRP fabric had to be pre-cut to size and then saturated with resin on-
site (Fig. 5). In the initial application, an impregnating machine was built but this was abandoned in 
favor of manual application. In the latter, the two parts of the resin were mixed and then applied over 
the surface of the FRP fabric with a roller. The fabric was then flipped over and the other surface 
similarly saturated. The saturated elements were made into a roll for easy transportation. 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Fig. 5.     Saturating FRP on site                                            Fig. 6.   Applying transverse wrap 
 
 
6.4  FRP wrap 
 
For the pre-preg system, a layer of the same urethane resin was first applied to the pile surface to 
improve the FRP-concrete bond. Subsequently, the longitudinal layers were placed on each face. The 
transverse piece was wrapped around it (Fig. 6) in a spiral fashion (excepting at the top and bottom 
locations) with no overlap. This sequence was repeated for multiple layers. A fiberglass veil material 
was also used to wrap transversely around the pile to provide a smooth finish.  
 
For the wet lay up epoxy system, the saturated FRP material was directly wrapped on the concrete 
surface in the same manner – first longitudinal then transverse. Following completion of the wrap, a 
plastic shrink material was wound tightly around the pile to hold it in place while the resin cured. For 
the pre-preg, the surface of the plastic was punctured so that gases generated when the urethane resin 
cured could escape. After 24 hours, the plastic wrap was removed and a protective UV layer applied on 
the wrapped surface. 
  
In each of the applications, a 1.5-1.8 m depth of the pile was wrapped using the appropriate number of 
longitudinal and transverse FRP layers. The wrapping operation generally took less than an hour. 
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6.5 Post wrap performance 
 
The majority of the piles wrapped were instrumented to provide information on long term 
performance. Different instrumentation schemes were used so that the corrosion current or the 
corrosion rate could be determined. In general, corrosion performance of the FRP was monitored until 
the official end date for the project. This was longest for the Allen Creek Bridge where monitoring 
continued for over two and a half years. Results indicated that the performance of carbon and glass 
were comparable and were superior to that of the unwrapped control. Thus, these results replicated 
laboratory findings. More details may be found elsewhere4,5. 
 
In addition to corrosion monitoring, the integrity of the FRP-concrete bond was evaluated destructively 
from on-site pullout tests. The results indicated that the bond was variable. For the epoxy system, the 
bond was found to be poorer in the dry part of the pile. For the pre-preg system it was worse for the 
wet region. Analysis of the results suggested that this was partly because of the difficulty in tightly 
wrapping material above shoulder height and also because of gases released by the pre-preg system 
during curing.  
 
 
7.  NEW DEVELOPMENTS 
 
The results from the first phase were promising because it demonstrated that it was feasible to wrap 
corroding piles under typical field conditions. Moreover, corrosion rate measurements offered 
assurance that the FRP material was behaving in the same manner as in the laboratory. However, field 
bond performance was inferior compared to laboratory conditions.  
 
The second phase was initiated in late 2005 to refine and improve the technology. Its goal is twofold:  
first to develop techniques that would result in less variability in the FRP-concrete bond. The second is 
to explore the possibility of incorporating a sacrificial cathodic protection system within the wrap.  
 
Laboratory studies were made during 2005-2006 to evaluate alternative methods for improving the 
underwater FRP-concrete bond. In the tests, full-sized piles were used. Two candidate techniques 
widely used in aerospace were identified and adapted for pile repair. These were (1) vacuum bagging 
and (2) pressure bagging. Prototype systems were developed and the bond evaluated both non-
destructively and destructively. Both techniques worked but from the practical standpoint it was 
concluded that pressure bagging was simpler to implement in the field.  
 
Pressure bagging was successfully used in field repairs on piles supporting the Friendship Trails 
Bridge10. Qualitatively, the bond appeared to be improved though no on-site destructive bonds have yet 
been conducted. Such tests are planned in the future. Funding was recently received for implementing 
a pilot sacrificial cathodic protection system. This is expected to be implemented over the next 6-9 
months at the same Friendship Trails Bridge site. 
 
 
8.    DISCUSSION 
 
Over the past four years, steady progress has been made in advancing the state-of-the-art for FRP 
underwater pile repair. The demonstration projects completed to date have identified and solved 
several of the technical and logistic problems encountered or anticipated for the field wrap. These have 
been in these four areas: (1) instrumentation and monitoring (2) design (3) scaffolding and (4) new 
techniques for improving the underwater FRP-concrete bond.  
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Currently, the research team is looking at (1) developing a low-cost prototype for non-destructive field 
evaluation of the FRP concrete bond and (2) implementation of a sacrificial cathodic protection 
system. Additionally, consideration will be given towards implementing instrumentation that will 
allow remote monitoring and further refinement of the design procedure. The overall goal is to develop 
a cost effective, underwater FRP wrap system.   
 
 
 9.   CONCLUSIONS 
 
This paper provides a brief overview of FRP systems used in demonstration projects to repair 
corroding piles. Over the years, techniques have evolved to make the wrapping more cost effective.  
Initially, wrapping was carried out directly in water using ladders and later using a custom-designed 
scaffolding system. Two different FRP systems, a pre-preg and a wet layup, were evaluated and both 
carbon and glass tested. In each case, piles were instrumented to allow the long term performance of 
the FRP material to be assessed. 
 
Based on our experience, it is clear that it is feasible to use FRP for underwater corrosion repair. The 
performance of the FRP in slowing down the corrosion rate appears to be comparable to that 
determined from laboratory testing. The repairs have held up well with the longest nearly four years 
old at this time. The FRP-concrete bond however was found to be poorer than that obtained under 
laboratory conditions. 
 
Work is continuing to further improve the FRP system. A pressure bagging technique was developed 
last year to improve bond and the feasibility of incorporating a cathodic protection (CP) system within 
the wrap is currently being examined. Overall, the portents are promising and hopefully will culminate 
in the availability of a cost effective solution for repairing piles that is accepted by highway authorities.  
 
 
Acknowledgements 
 
The demonstration studies reported were funded by the Florida/US Department of Transportation and 
Hillsborough County. The support and guidance of Mr. Pepe Garcia and Mr. Steve Womble, both of 
Florida Department of Transportation are gratefully acknowledged. We thank Ms. Mara Nelson, and 
Mr. Nils Olsson of Hillsborough County for their contribution. FRP materials used were donated by 
Air Logistics, Corporation and Fyfe & Co LLC. We thank Mr. Franz Worth of Air Logistics and Mr. 
Ed Fyfe, President, Fyfe for this support. We are also indebted to SDR Engineering, Tallahassee for 
their contribution in this research study. This study could not have been accomplished without the 
assistance of numerous former and current graduate students at USF. 
 
 
References 
 
1.    Sen, R. (2003). “Advances in the Application of FRP for Repairing Corrosion Damage”, 
 Progress in Structural Engineering and Materials, Vol. 5, No 2, pp. 99-113. 
2. 546.2R-98 (1998). “Guide to Underwater Repair of Concrete”, ACI, Farmington Hills, MI. 
3. Concrete Repair Manual (2003). Second Edition, Vol. 1, p. 915-924, ACI, Farmington Hills, 
 MI. 
4. Suh, K., Mullins, G., Sen, R. and Winters, D (2007). “Effectiveness of FRP in Reducing 
 Corrosion in a Marine Environment”.  ACI Structural Journal, Vol.104, No. 1, pp. 76-83 
 
 

3rd COBRAE Conference, Benefits of Composites in Civil Engineering, University of Stuttgart, March 28-30                     178



5. Mullins, G., Sen, R., Suh, K.S. and Winters, D. (2005). “Use of FRP for Corrosion Mitigation 
 Application in a Marine Environment”. Final Report submitted to Florida / US Department of 
 Transportation, Tallahassee, FL, Oct.,  406 pp. 
6. Emmons, P.H. (1993). Concrete Repair and Maintenance Illustrated, R S Means, Kingston, 

MA. 
7. CALTRANS (2000). Memo To Designers 20-4 Attachment B. 
8. Air Logistics Corporation (2002). Aquawrap Repair System, Pasadena, CA. 
9. Fyfo Co. LLC, http://www.fyfeco.com/ 
10. Mullins, G., Sen, R., Winters, D. and Schrader, A. (2007). ‘Innovative Pile Repair’, Final 
 report, Hillsborough County, pp. 40. 
 

 

3rd COBRAE Conference, Benefits of Composites in Civil Engineering, University of Stuttgart, March 28-30                     179



221

Transportation Research Record: Journal of the Transportation Research Board,
No. 2028, Transportation Research Board of the National Academies, Washington,
D.C., 2007, pp. 221–230.
DOI: 10.3141/2028-24

LABORATORY INVESTIGATION

Laboratory studies were undertaken to quantify the role of FRP in
corrosion repair (2, 3). In the study, 22 one-third-scale pile specimens
15 × 15 cm in cross section were fabricated with 3% by weight
cementitious material (corresponding to 15.1 kg/m3 chloride ions) so
that the passive layer protecting steel was immediately destroyed.
Of these, 16 were wrapped by using carbon (eight specimens) and
glass (eight specimens) FRPs at 28 days’ strength. The remaining
six unwrapped specimens were used as controls. Embedded acti-
vated titanium reference electrodes and thermocouples were used to
instrument the specimens so that the performance of the FRP ma-
terial could be evaluated nondestructively from half cell readings and
linear polarization measurements.

A total of 20 specimens—16 wrapped and four unwrapped 
controls—were exposed to simulated tidal cycles in 3% saltwater in
an outdoor environment for more than 3 years. Two other unwrapped
controls were exposed to the same environment indoors over the same
period. Within 1 year, there were cracking and rust stains in the un-
wrapped controls. No similar visible signs of corrosion were detected
in the wrapped specimens exposed to the identical environment.

The corrosion state of the specimens was monitored throughout
the exposure period. Linear polarization measurements indicated
that the average corrosion rate in the controls was 0.018 mm/year
compared to only 0.0055 mm/year in the wrapped specimens. These
rates are commensurate with corrosion where visible damage can be
expected within 2 to 10 years. Since the controls cracked within 
the first year, the measured uniform corrosion rates underpredicted
the true corrosion state in the controls.

After more than 3 years of exposure, the specimens were removed
from the tanks and cut open to retrieve the strands and ties from all the
wrapped and unwrapped specimens. The metal loss was determined
in accordance with established gravimetric procedures outlined in
ASTM G1-90.

A summary of the results of the measured metal loss is given in
Figure 1, which shows that the metal loss in the strands in FRP-
wrapped specimens (ranging from 3.4% to 4.4%) was considerably
smaller than that in the controls (12.6%). These results corroborated
well with measured corrosion rates from the linear polarization men-
tioned earlier. The results also suggested that an increased number of
layers did not necessarily lead to improved performance. The best
results were obtained by using two layers. It is not evident why results
with a greater number of layers were inferior, although a similar
finding had been reported earlier (1).

The results from the gravimetric measurements are somewhat mis-
leading because they reflect average values. This does not account for
breaks in individual wires in the strands that were discovered. There

Fiber-Reinforced Polymer Repair and
Strengthening of Structurally 
Deficient Piles

Rajan Sen, Gray Mullins, and Mohsen Shahawy

The poor durability of conventional repairs has led to increased interest
in the application of fiber-reinforced polymers (FRP) for repairing cor-
roded concrete structures. The availability of resins that can cure under
wet conditions has made it possible to consider FRP for repairing par-
tially submerged piles. An overview is provided of a recently completed
multiyear study that investigated this problem. In the project, laboratory
studies were conducted to determine the effectiveness of FRP in corro-
sion repair, and two field demonstration projects were completed. A sim-
ple, new design method was developed and used for the design of the FRP
wrap in the demonstration projects. Some of the issues related to pile
repair are addressed, with particular attention to the newly developed
design method.

Fiber-reinforced polymers (FRP) have been used for the repair and
retrofit of concrete structural elements for more than two decades.
Their light weight, high strength, and resistance to chemicals offer
obvious advantages. In fabric form, they provide unprecedented flex-
ibility since fibers can be oriented to provide strength in any desired
direction.

More recently FRP also has been used for corrosion repair. This
application is somewhat controversial because of uncertainty regard-
ing the consequences of continuing corrosion inside the wrap. None-
theless, several demonstration projects have been completed, most
carried out under dry conditions (1).

The problems associated with conducting FRP repairs on partially
submerged elements were greatly reduced following the availability
of resins that can cure under wet conditions. This development, along
with the proposed, rational FRP design method, has the potential to
make FRP competitive in the market place.

This paper provides an overview of a recently completed research
project. It contains information on a long-term exposure study to eval-
uate the effectiveness of FRP in corrosion repair and also addresses
general issues relating to FRP repair of structurally deficient piles. A
detailed description of the design method is included, along with a
brief summary on the field demonstration projects. Complete details
on the entire study may be found in the final report (2).
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were 30 total wire breaks in the six unwrapped control specimens.
Figure 2 shows such a wire break in a strand. In contrast, the
strands in the FRP-wrapped specimens showed no similar damage
(Figure 2b)—in fact, there was only one wire break of 64 strands
in the 16 wrapped specimens. The wire breaks most likely were the
result of localized pitting corrosion that may have occurred at a sec-
tion that was cracked. Taking the wire breaks into consideration,
FRP wrapping led to significantly improved performance.

Although some of the metal loss in the FRP-wrapped specimens
may have occurred in the 28 days before the specimens were wrapped,
the results clearly indicate that FRP material cannot stop corrosion,
although it can slow it significantly. Thus, service life is extended.
This increase in service life is shown schematically by using Tuutti’s
model in Figure 3 (4). With the destruction of the passive layer, cor-
rosion was initiated at the same time in both the controls and the
wrapped specimens. However, the much lower corrosion rate in the
wrapped specimens implies that the specimens took longer to crack
and to subsequently deteriorate. If the FRP repair can extend the
life of a repair by, say, 5 to 10 years, it may well prove to be a cost-
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effective alternative to repairs in which the piles repairs are carried
out in conjunction with cathodic protection.

ISSUES RELATING TO UNDERWATER 
FRP REPAIR

The critical issues relating to underwater FRP repair of partially sub-
merged piles are in many respects similar to those for repairs carried
out under dry conditions. Some of these are addressed briefly here.

Repair Region

Corrosion is particularly prevalent in elements that are exposed to the
splash zone, that is, within 0.6 to 1.8 m of the water line. The combi-
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nation of deposition of salt on the pile surface and alternate dry–wet
cycles caused by tide change provides ideal conditions for corrosion
in steel. This is the region that has to be repaired. There are concerns,
however, that wrapping may result in migration of corrosion cells to
locations above the FRP wrap, as observed in conventional jacketed
repairs. Laboratory tests, however, showed that this can be avoided if
the wrap is extended beyond the chloride contaminated region (2, 3).

Access

Repair requires easy access to the entire region to be wrapped.
Cofferdam construction permits such access; however, it is likely to
be costly. Customized scaffolding systems offer a cost-effective
solution and were used in the demonstration projects in deep waters.
In essence, a lightweight horizontal platform was constructed of two
expanded steel mesh sections that were bolted in place around the
piles. The assembly was suspended from the pile cap by steel angles
or chains (2).

Environment

Temperature, wind, and tide conditions interfere with the proper
placement of the wrap and can adversely affect the quality of the
repair. Strong winds and high tides are best avoided. Ideal conditions
are low tide and light winds.

Cleaning Steel

The International Concrete Repair Institute provides guidelines on
the repair of deteriorated concrete resulting from steel corrosion (5,
pp. 915–924). This requires undercutting of all exposed corroded
bars to provide access for cleaning the full circumference of the bar.
Additionally, delaminated concrete must be removed to provide min-
imum thickness of the repair material. At edge locations, right angle
cuts are required so that there is no feather edge, that is, so the depth
of the cut is not reduced at the edges. However, in most demonstra-
tion projects reported in the literature, no particular attempt was
made to comply with these guidelines because of the cost and poten-
tial danger to the structure. Instead, the wrap was designed to account
for a greater steel loss.

Surface Preparation

As FRP pile repairs are in part contact critical (to withstand expan-
sion due to corrosion) and in part bond critical (to allow flexural
strengthening), surface preparation is crucially important. Unlike
repairs above ground, pile repair necessitates removal of marine
growth that forms at the water line. This is best removed by using air-
driven needle scalers or grinders or simply by chipping. Following
removal of this growth, the surface needs to be cleaned and made
smooth again. High-pressure washing using fresh water is the most
effective technique for cleaning. The American Concrete Institute’s
Guide to Underwater Repair recommends a pressure of 68.5 MPa
(10,000 psi) with a standoff distance of 10 to 80 mm (0.5 to 3 in.) and
an impingement angle of 40° to 90° for best results (6). With a flow
rate of 100 L/min (26 gal/min), cleaning rates of 0.35 to 0.65 m2/min
(4 to 7 ft2/min) are attainable.
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DESIGN OF FRP WRAP

The economics of underwater FRP repair require that the wrap be
properly engineered. The right FRP material with the optimal fiber
layout should be selected to simplify field placement. This requires
information on (a) the capacity loss that has to be restored and (b) the
postwrap expansion that has to be accommodated. Capacity loss is
restored by orienting fibers parallel to the steel, that is, lengthwise.
Expansion requires fibers in the transverse or hoop direction, that is,
perpendicular to the main steel. Both requirements are readily met by
using bidirectional FRP material.

Estimation of Strength Loss

The problems posed in estimating strength loss are no different from
those for repairs conducted under dry conditions. The first step is the
estimation of metal loss. This depends on if the corrosion is uni-
form or if there is localized pitting corrosion. Estimation may be reli-
able if corrosion is so severe that the entire bar is fully exposed.
Unfortunately, even if the steel loss were known, there is no simple
relationship between metal loss and resulting ultimate capacity reduc-
tion since it depends on other factors, such as the bond between steel
and concrete, the confinement provided by the ties, and ductility
reduction in steel because of corrosion. Emmons mentioned that
capacity reduces for steel if corrosion exceeds 1.5% (7 ); data he
quoted stated that at 4.5% corrosion, the ultimate load reduced by
12%. This suggests that it would be foolhardy to assume a linear
relationship between metal loss and capacity even when losses are
quite modest. In the present demonstration studies, the metal loss
was conservatively assumed to be 20%.

Corrosion Expansion

Although several experimental studies have been conducted to mea-
sure transverse strain caused by corrosion expansion (2, 7–9), the
results inevitably incorporate strains resulting from unrestrained crack
opening (see Table 1). The California Department of Transportation
(Caltrans) has a method for determining the number of FRP layers
required to withstand lateral expansion during earthquakes (10).
Although intended for circular sections, factors are provided that
allow rectangular sections of certain proportions to be designed.

ASSUMPTIONS

Several simplifying assumptions were used in the analysis because of
lack of information. Some of the more important ones are as follows:

1. The loss of prestressing steel was conservatively taken as 20%.
2. The increase in concrete strength because of the confining

effect of the FRP material was disregarded (11, 12).
3. The postwrap expansion strain is based on the ultimate tensile

strain. For simplicity this was assumed to be 10% of the ultimate
compressive strain of 0.003. In piles, corrosion is rarely uniform but
usually starts at a corner, from which corrosion can proceed in two
directions. In view of this, a factor of safety of 3 was assumed to
account for this nonuniformity. Thus, the design tensile strain was
taken as 0.001.
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4. The bond between the FRP and the concrete is assumed to be
perfect. As a cofferdam was used, and the wrap was conducted
under a dry environment, this was a reasonable assumption.

5. Only the carbon fiber–reinforced polymer (CFRP) material on
the tension face of the column is considered.

6. The distance from the extreme compression or tension fiber to
the centroid of the prestressing strands was taken as 3 in. (75 mm).

7. The prestressing strands in the demonstration piles were
assumed to be stress relieved, and their effective prestress was taken
as 135 ksi (930 MPa).

MATERIAL PROPERTIES

The CFRP material used was a bidirectional fabric wrap using Amaco
fibers. Its properties are summarized in Table 2. The epoxy used is a
specially formulated resin marketed as the MAS2000 repair system.
Its basic properties are shown in Table 3. Carbon properties relate to
the individual yarns, which make up the larger weave. These yarns are
produced from a continuous-length, high-strength, high-modulus
fiber consisting of 12,000 filaments. The 12,000 filaments produce
one strand with a total cross-sectional area of 0.45 mm2 (70 × 10−5 in.2)
and a tensile strength of 3,654 MPa (530 ksi). The tensile strength per
unit length is 4.34 kN/cm (2.48 kips/in.).
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RESTORING CAPACITY LOSS

For the assumptions made, the well-known strain compatibility analy-
sis may be extended to apply to cross sections strengthened by using
FRP. With this analysis, a parametric study was carried out to deter-
mine the effect of prestress loss on the tension face or the compres-
sion face strands in the Mn–Pn interaction diagram. Three levels of
prestress loss, namely, 0%, 10%, and 20%, were considered. The
study showed that the differences between the Mn–Pn diagrams relat-
ing to uniform loss (i.e., distributed in all faces of the column) and loss
on strands located on the tension face only, on one hand, and on com-
pression face only, on the other hand, were negligible for 0% to 20%
loss and did not affect the design. For this reason, the results reported
are for uniform loss on all four faces.

M–P DIAGRAMS

Figure 4 shows the Mn–Pn interaction diagrams for the 14 × 14 in.
(355 × 355 mm) piles corresponding to a uniform prestress loss of
0% and 20%. It may be seen that the compression-controlled part of
the diagram does not change with prestress loss due to corrosion.
However, the flexure-controlled portion is substantially affected by
the loss. A 20% loss resulted in an approximate 15% decrease in the
moment capacity for typical axial service loads. Also shown in Fig-
ure 4 are the results from strengthening with two and three layers of
carbon wraps. It may be concluded that for an assumed concrete
compressive strength of 4 ksi (27.6 MPa), two layers of CFRP are
sufficient to compensate for 20% loss in prestressing reinforcement
and to restore the initial capacity of the pile.

Figure 5 shows the effect of compressive concrete strength on the
overall performance. The variation of concrete strength generally
influences the axial load capacity and, to a lesser magnitude, the
moment capacity. The figure shows that use of two layers of CFRP is
sufficient to establish the original load-carrying capacity regardless of
the assumed compressive concrete strength.

CORROSION EXPANSION DURING SERVICE LIFE

The strengthening solution outlined uses only the longitudinal fibers
of the FRP wrap. In other words, the confinement effect of the lateral
CFRP fibers in the case of a bidirectional wrap on the compressive

TABLE 1 Measured Expansion Strain

Transverse
Author Specimen and Test Details Steel Loss Strain (%) Comments

Lee et al. (8)

Pantazopoulou
et al. (9)

Mullins et al.
(10)

Mullins et al.
(2)

Circular section 305 dia × 1,016 height
reinforced by six 15-m bars and D5
spirals at 44 mm

Circular section 150 dia and 300 high
reinforced by three 10-mm dia bars.
With spirals − 3 mm at 25-mm pitch
and without spirals

Square section 150 × 150 × 1,000 mm
prestressed by four 8-mm strands
and 5.3-mm spirals at 11.4-cm pitch

Square section 150 × 150 × 1,000 mm
prestressed by four 8-mm strands
and 5.3-mm spirals at 11.4-cm pitch

6.7%
7.8%
9.5%

110–170 g
155–440 g

11.5%
21.6%

12.85%

19.54%

0.18
0.18
0.16

1.4–2.0
2.0–4.0

0.20
0.32

0.4

1.11

Measured by mechanical collars
Steel loss estimated from 
corrosion, Faraday’s laws

Spirals
No spirals

Measured using crack gauges;
losses from gravimetric
analysis

Measured by circumferential
strain wires; losses from
gravimetric analysis

TABLE 2 Material Properties for Carbon Wrap
System, Carbon Fabric

Description Manufacturer’s Dataa

Tensile strength 530 ksi (3.65 GPa)

Tensile modulus of elasticity 33,500 ksi (231 GPa)

Ultimate tensile elongation 1.4%

Filament diameter 7 μm

Number of filaments per yarn 12,000

Number of yarns (X/Y) per inch 6.7/6.7

Density 12 oz/yd2

Equivalent thickness per layer 0.0048 in.

Section area per yarn 70 × 10−5 in.2/yarn

aReported for carbon fabric only.
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by Chaallal et al. (12). However, note that the Caltrans recommen-
dations, particularly those for the column hinge zones, are severe
since they are intended for bridges located in seismic regions, such
as California. Therefore, they must be adapted for reality in Florida.
All notations used are those of the source publications; however,
they are redefined here for convenience.

Caltrans Model

According to Caltrans, the analysis to be performed is for circular
columns, with the resulting number of layers arbitrarily multiplied
by a factor of 1.5 to give the correct layer setup for a rectangular

TABLE 3 Material Properties for Carbon Wrap System, Material
Properties for Epoxy

Description Values Test Method

Mix ratio
By weight 100 : 27 Manufacturer
By volume 3 to 1

Color Light amber Visual

Mixed viscosity, centipoise, @ 77°F 900–950 cps ASTM D2393

Pot life, 4 fluid ounces mass 1 h ASTM D2471

Cured hardness, shore D 88D ASTM D2240

Specific gravity, gm/cc 1.11 ASTM D1475

Density
lb/cu.in. 0.0401 ASTM D792
lb/gal 9.26

Specific volume, cu. in./lb 25 ASTM D792

Tensile strength, psi 45,170 psi ASTM D638

Elongation(1) 1.96% ASTM D638

Tensile modulus, psi 2.62 × 106 psi ASTM D638

Flexural strength, psi 62,285 psi ASTM D790

Flexural modulus, psi 2.56 × 106 psi ASTM D790

Glass transition temperature (Tg) 196°F TMA

Coefficient of thermal expansion 4.3 × 10−5 in./in./°F ASTM D696
Range: 100°F − 150°F
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FIGURE 4 Effect of uniform 20% loss of prestressing strands.

concrete strength was not considered in the proposed solution, which
is conservative since such a confinement would lead to yet a greater
resistance of the column, ranging from 2.3% for one layer to 9.4%
for four layers for the materials used in the study (11). This confine-
ment effect provided by the FRP wrap in the transverse direction
can also be used to mitigate corrosion by containing the expansion
of the concrete that develops as steel corrodes during the service
life of the pile.

The number of layers of FRP wrap needed to contain corrosion
expansion is an important element that must be examined. In the
following calculations, three methods are used to address the prob-
lem. These methods are based on (a) Caltrans recommendations
(13), (b) ISIS recommendations (14), and (c) the model proposed
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where 0.9 is a reduction factor for modulus of elasticity of FRP;

resulting in t = 0.02 in. (0.51 mm);
– Carbon layer thickness, t (1 layer) = 0.0048 in. (0.122 mm);
– Number of layers = 0.02/0.0048 = 4.16;
– Rectangular section needs 1.5 × 4.16 = 6.24 (say, seven layers).

2. Other region:

where 0.9 is a reduction factor for modulus of elasticity of FRP;

resulting in t = 0.0098 in. (0.25 mm);
– Number of layers = 0.0098/0.0048 = 2.04;
– Rectangular column would require 1.5 × 2.04 = 3.06 (say,

four layers).
3. Application to Florida. As mentioned earlier, expansion just

before cracking (the ultimate tensile strain) is roughly 10% of the
ultimate compressive strain (0.1)(0.003) = 0.0003 and provides a
lower bound on the expansion strain. It is believed that a strain value
of 0.001 (that is, a safety factor of 3) is appropriate for this case. In
this case, the confining stress for three layers of CFRP lateral con-
finement (t = 3 × 0.0048 = 0.0144 in.) can be calculated as follows
by using the Caltrans equation:

where fl = 2 (0.0144)(33,500,000)(0.9)(0.001)/(15.8) or fl = 55 psi for
a circular section. That is, 1.5 × 55 = 83 psi for a rectangular column.

With the Caltrans equation and for a confining stress of 150 psi
and a strain of 0.001, 4 × 2.04 = 8.2 layers of CFRP wrap would
be needed for a circular column and 8.2 × 1.5 = 12.3 layers for rec-
tangular columns. Table 4 gives the number of CFRP layers for
different confinement strains and stresses following the Caltrans
recommendations.

2 0 9 0 001t E f Dj l( )( )( )( ) = ( )( ). .

2 33 500 000 0 9 0 004 150 15 8 2t( )( )( )( ) = ( )( ) =, , . . . ,3370

2 0 9 0 004 150t E Dj( )( )( )( ) = ( )( ). . psi

2 33 500 000 0 9 0 004 300 15 8t( )( )( )( ) = ( )(, , . . .psi )) = 4 740,
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FIGURE 6 Hoop stress in FRP wrap.

column. Based on the cross-sectional area of concrete, the square
pile 14 × 14 in. is equivalent to a circular pile with a diameter D of
15.8 in. (400 mm).

Caltrans recommends a confining stress of 300 psi (2,068 kPa) at
a strain of 0.004 in the hinge region and 150 psi (1,034 kPa) at a
strain of 0.004 in other regions. Following Figure 6 the thickness of
the FRP can be calculated by using the well-known expression for
hoop stress given by Equation 1 as

where

t = dry fiber thickness,
D = equivalent column diameter,
fl = confining stress,

Ej = Young’s modulus of the jacket material multiplied by a
reduction factor of 0.9, and

�j = dilating strain in the FRP material.

The numerical applications are as follows:

1. Hinge region:

2 0 9 0 004 300t E Dj( )( )( )( ) = ( )( ). . psi

2 t E f Dj j l( )( )( ) = ( )( )� (1)
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ISIS Model

ISIS Canada limits the lateral strain in FRP wraps for rectangular
columns to 0.002, which is twice the representative value for corro-
sion assumed to be 0.001 in this paper. The lateral stress fl,frp is given
by the following equation:

where

b = width of the concrete cross section,
Efrp = modulus of elasticity of FRP,
fl,frp = lateral stress of FRP,

h = height of the concrete cross section,
Nb = number of FRP layers,
tfrp = thickness of one FRP layer,
�frp = strain of FRP, and
φfrp = capacity reduction factor.

Given that the number of layers recommended for a 20% loss is
2, the lateral stress corresponding to the same number of layers is
calculated, that is, Nb = 2. By using the above equation, it follows that

For a confining stress of 138 psi and a strain of 0.002, two layers
of FRP are required. It follows that for a 300-psi confinement, as
recommended by Caltrans for plastic hinge zones, and a strain of
0.002, 300/138 × 2 = 4.3 layers will be required.

Table 5 gives the number of CFRP layers for different confinement
strains and stresses following the ISIS recommendations.

Model of Chaallal et al.

On the basis of an expansion strain of 0.001 (that is, the strain at
cracking multiplied by a safety factor of 3), the ultimate lateral strain,
�cc,t for a given confinement coefficient k (provided by two layers
of CFRP) and an unconfined concrete strength fco, is calculated
according to the model for rectangular columns as follows:

fl ,frp = × × × × ×
+

2 2 0 75 33 500 000 0 002 0 0048
14 1

. , , . .
44 14 14 138( ) ×( ) = psi

f
N E t b h

bhl

b

,frp
frp frp frp frp=

+( )2
2

φ �
( )
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where fco is 4,000 psi, and k, the stiffness factor, is given by

That is,

It follows that �cc,t = 0.0015.
The two CFRP confinement layers provided will therefore pro-

vide a lateral strain capacity of 0.0015. This strain value is of the
same order as the representative strain corresponding to crack strain
(0.001) times a safety factor of 3.

Using this model and assuming that �cc,t = 0.002 will require
approximately 4.4 layers of CFRP.

Table 6 gives the number of CFRP layers for different confine-
ment strains based on this model. It may be seen that for prestress steel
loss of up to 20%, two layers of CFRP wrapping can be used to restore
the initial capacity of the piles, while simultaneously accommodating

k = × × × ×( ) =33 500 2 0 0048 3 605 14 14 0 0005, . , .

k E A E A= frp frp co co (4)

�cc co, (3), . , –t k k f= +⎡⎣ ⎤⎦4 2 4 000 320 000 2

TABLE 4 CFRP Layers for Confinement Strain and Stress per Caltrans Model
for Circular Column

Confinementa Number of CFRP Layersb

Strain Stress (psi) Circular Rectangularc Comments

0.004 300 4.1 6.2 300 psi for hinge location
in seismic areas

0.004 150 2.1 3.1 150 psi for nonhinge
location in seismic areas

0.002 150 4.1 6.2

0.001 150 8.2 12.3

0.001 55 3 4.5 Values for 3 layers

aFor circular column.
bBased on thickness/layer = 0.0048 in.
cValue of circular times 1.5.

TABLE 5 CFRP Layers for Confinement 
Strain and Stress per ISIS Model 
for Rectangular Columns

Confinementa

Number of
Strain Stress (psi) CFRP Layersb,c

0.002 138 2.0

0.002 300 4.3

0.001 138 4.0

0.001 83d 2.4e

aFor rectangular column.
bBased on a thickness per layer of 0.0048 in.

cNb

dCompare with 55 psi in Table 3, Confinement
Stress, circular column.
eCompare with 4.5 CFRP layers in Table 3, 
rectangular column.

=
×( )

×( )
f b h

E t b h
L

2φfrp frp frp frp�
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a transverse expansion strain of 0.0015. This gives fewer layers com-
pared with the Caltrans (4.5) and ISIS (2.4) models, appearing as the
last line in Tables 4 and 5, respectively.

FIELD WRAP

Two field demonstration projects were conducted. The sites for the
demonstration project were identified by the Florida Department of
Transportation because of the aggressiveness of the environment. This
was confirmed from chloride analysis of concrete cores taken from
several piles. The chloride content at the level of the reinforcement
generally exceeded the threshold required for corrosion to be initiated.

The first demonstration project was carried out on piles supporting
the Allen Creek Bridge in Clearwater, Florida. It was selected because
it is in shallow, relatively calm waters. The second was carried out on
piles supporting Gandy Boulevard bridges spanning Tampa Bay, the
largest estuary in Florida.

Surface Preparation

Good bond requires the substrate to have an open pore structure to
ensure capillary suction of the resin. In underwater repair, however,
pores are saturated with water, small marine organisms, or algae. As
mentioned, marine growth at the water line needs to be scraped off
first. Additionally, sharp corners have to be ground to an acceptable
radius by using an air-powered grinder. This is a difficult operation,
particularly for sections that are below the water line. Quick-setting
hydraulic cement was used to fill any depressions and discontinuities
and to provide a smooth surface for wrapping. Just before the wrap,
the entire surface must be pressure washed by using fresh water to
remove all traces of dust, marine organisms, and new algae growth.

Scaffolding

Scaffolding was needed to access the piles supporting the Gandy
Bridge that spans Tampa Bay. A customized scaffolding system with
modular elements was designed, fabricated, and installed to provide
such access.

Impregnating FRP

Two different systems—a pre-preg and a wet layup—were used. In
the pre-preg system, the FRP was saturated with resin in a factory
and sent to the site in hermetically sealed packages that were opened
just before the wrap. In contrast, the wet layup system required on-
site impregnation. This meant that the FRP fabric had to be precut
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to size and then saturated with resin on site. In the initial application,
an impregnating machine was built, but this was abandoned in favor
of manual application. In the latter, the resin was mixed and applied
over the surface of the FRP fabric with a roller. The fabric was then
flipped over and the other surface similarly saturated. The saturated
elements were made into a roll for easy transportation.

FRP Wrap

For the pre-preg system, a layer of the same urethane resin was first
applied to the pile surface to improve the FRP–concrete bond. Sub-
sequently, the longitudinal layers were placed on each face. The
transverse piece was wrapped around it in a spiral fashion (excepting
at the top and bottom locations) with no overlap. This sequence was
repeated for multiple layers. A fiberglass veil material was also used
to wrap transversely around the pile to provide a smooth finish.

For the wet layup epoxy system, the saturated FRP material was
directly wrapped on the concrete surface in the same manner—first
longitudinal, then transverse. Following completion of the wrap, a
plastic shrink material was wound tightly around the pile to hold it in
place while the resin cured (Figure 7). For the pre-preg system, the
surface of the plastic was punctured so that gases generated when the
urethane resin cured could escape. After 24 h, the plastic wrap was
removed and a protective UV layer applied to the wrapped surface.

In each of the applications, a 1.5- to 1.8-m depth of the pile was
wrapped by using the appropriate number of longitudinal and trans-
verse FRP layers. The wrapping operation generally took less than
an hour.

Postwrap Performance

Most of the piles wrapped were instrumented to provide informa-
tion on long-term performance. Different instrumentation schemes

TABLE 6 CFRP Layers for
Confinement Strain per Author Model
for Rectangular Columns

Confinement Straina Number of Layers

0.0015 2.0

0.002 4.4

0.003 10.6

0.004 20.9

aFor a concrete strength of 4,000 psi.

FIGURE 7 View of shrink-wrapped FRP
repaired piles, Gandy Bridge, Tampa Bay.
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were used so that the corrosion current or the corrosion rate could
be determined. In general, corrosion performance of the FRP was
monitored until the official end date for the project. This was longest
for the Allen Creek Bridge, where monitoring continued for more
than two and a half years.

Results shown in Figure 8 indicate that the corrosion rate in the
wrapped piles was lower than that in the unwrapped controls. Thus,
these results replicated laboratory findings. Details are available
elsewhere (2, 15).

In addition to corrosion monitoring, the integrity of the FRP–
concrete bond was evaluated destructively from on-site pullout tests
(2). The results indicated that the bond was variable. For the epoxy
system, the bond was found to be poorer in the dry part of the pile.
For the pre-preg system, it was worse for the wet region. Analysis
of the results suggested that this was partly because of the difficulty
in tightly wrapping material above shoulder height and also because
of gases released by the pre-preg system during curing.

CONCLUSIONS

This paper provided a brief overview of a multiyear research study to
evaluate the role of FRP in corrosion repair and also to explore the
feasibility of conducting field repairs by using this technology. The
laboratory studies that were carried out outdoors by using simulated
tidal cycles showed that FRP can significantly reduce the corrosion
rate (Figure 1). Retrieved strands were in far bar better condition (Fig-
ure 2). Thus, long-term service is likely to be significantly extended
(Figure 3).

All-around pile access was the main problem in the field repair.
However, a customized scaffolding system easily solved this prob-
lem. Surface preparation requires more work because the edges
have to be rounded under water. Of the two systems investigated,
the pre-preg was easier to use, but its bond with concrete was
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somewhat poorer particularly in the submerged regions. Long-term
monitoring of the corrosion rate shows that the performance of the
wrapped piles (Figure 8) was similar to that observed in laboratory
studies.

On the basis of this experience, it is clear that it is feasible to use
FRP for underwater corrosion repair. The repairs have held up well,
and the oldest is nearly 4 years old. Work is continuing to improve the
FRP system. Overall, the portents are promising and, it is hoped, will
culminate in the availability of a cost-effective solution for repairing
piles that is accepted by highway authorities.
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Abstract. The poor durability of conventional repairs has led to increased interest in the application of fiber 
reinforced polymers (FRP) for repairing corroded concrete structures. Over the past decade, several highway 
agencies in Canada and US have conducted demonstration projects to evaluate the application of FRP for 
repairing corrosion damage. In most instances, repairs were limited to dry bridge elements that had corroded due 
to salt water runoff from faulty expansion joints or salt spray from passing vehicular traffic. These FRP repairs 
have held up well and show little sign of deterioration. The development of resins that can cure in water has led 
to interest in the possible application of FRP for the underwater repair of corrosion damaged piles. Over the past 
4 years, USF completed several demonstration projects in which corroding reinforced and prestressed piles were 
repaired using FRP. Several of the piles were instrumented to allow long term monitoring of corrosion 
performance. This paper discusses issues that are relevant for underwater FRP repair with particular reference to 
the completed field demonstration projects.  

 
 
1. INTRODUCTION 
 
Florida's long coastline and sub-tropical climate makes reinforcing and prestressing steel vulnerable 
to corrosion.  Over the last seventy five years measures adopted to control it, such as increasing the 
cover, reducing permeability, using epoxy coating, have not always proven effective. Indeed, a 
random survey of fifteen Florida bridges [1] indicated that on an average, visible corrosion was 
evident, within 11.5 years of construction. 
 

Corrosion is particularly prevalent in elements that are exposed to the 'splash zone', i.e. within 
0.6-1.8 m of the water line. The combination of deposition of salt on the pile surface and alternate 
dry/wet cycles due to tidal changes provide ideal conditions for corrosion in steel.  Its inevitability is 
even factored in current Florida Department of Transportation Structures Design Guidelines [2].  
This requires prestressed piles located in ‘extremely aggressive’ salt water sites to be at least 60 cm 
x 60 cm regardless of loading.  The rationale is that in time spalling of the concrete cover will 
reduce the cross-section so that if a 60 cm square pile were used originally, a central core of 45 cm 
square would remain.   
 

Two types of repairs are typically conducted. For minor damage a ‘chip and patch’ repair is 
carried out in which the concrete in the corroding region is chipped and replaced by new patch 
material. Where damage is more severe, a pile jacket is used to encapsulate the damaged region with 
the annular space between the pile and the jacket filled with cementitious repair material. Since such 
repairs fail to address the electrochemical nature, corrosion continues unabated. In view of this, 
jackets nowadays incorporate a cathodic protection system [3].  While this system has proven to be 
effective, it may not always be affordable. Thus, there is a need for an alternative repair system that 
is more cost effective than the chip and patch repair yet not as expensive as jacket systems 
incorporating cathodic protection. Fiber reinforced polymers (FRP) offer the prospect of being such 
a system. This paper describes the application of FRP in pile repair. 
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2.  BACKGROUND 
 
Fiber reinforced polymers have long been used for the repair and retrofit of concrete structural 
elements. Their lightweight, high strength and resistance to chemicals offer obvious advantages. In 
fabric form, they provide unprecedented flexibility in construction. Moreover, as fibers can be 
oriented as required they can provide strength in any desired direction. This versatility has led to 
several research studies to investigate whether FRP’s strength and durability can be harnessed to 
successfully repair corrosion damage [4].   
 

Since 2003, the University of South Florida (USF) have completed four demonstration projects 
in which FRP was used to repair piles at two contrasting sites. The first was at a shallow site where 
repairs could be carried out using ladders. The subsequent three repairs were undertaken in the 
deeper and more turbulent waters of Tampa Bay, Florida’s largest estuary where the waters of 
Tampa Bay join with those of the Gulf of Mexico. Here the piles repaired were those supporting the 
4.2 km long Gandy and the Friendship Trails Bridges that connect Tampa and St. Petersburg. At the 
time the bridge was first opened to traffic in 1924, it was the longest bridge in the United States. 
 
2.1  FRP materials 
 
Two types of materials were used in all the repairs. One was a pre-preg, the other a wet lay up. The 
pre-preg system was from Air Logistics in which all the FRP material were cut to size, resin 
saturated in the factory and sent to the site in hermetically sealed pouches. The wet lay up system 
required on-site impregnation and was from Fyfe. An additional wet lay up system was also used but 
this was carried out under dry conditions inside a coffer dam [5]. For this reason, it is not discussed 
in this paper. Both carbon and fiberglass were used. Details of the properties of the fiber and the 
resin as provided by the suppliers are summarized in Tables 1 to 2 [6, 7]. 
 
  Table 1.  Properties of Aquawrap® Fabrics [6] 
 

Fibers 
Tensile 

Strength 
(MPa) 

Tensile 
Modulus 

(GPa) 

Load per Ply 
(kN/m) 

Uni-directional (GFRP) 590 36 420 
Bi-directional (GFRP) 320 21 210 
Uni-directional (CFRP) 830 76 596 
Bi-directional (CFRP) 590 22 420 

 
Table 2.  Properties of Tyfo® SEH-51 Composite [7] 
 

Properties Quantities 
Tensile Strength 3.24 GPa  
Tensile Modulus 72.4 GPa 

Ultimate Elongation 4.5 % 
Laminate Thickness 0.127 cm 

Dry fiber weight per sq. yd. 915 g/m2  
Dry fiber thickness 0.038 cm 
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2.2 Wrap design 
 
The FRP wrap has two primary functions: first, to restore lost structural capacity; second, to ensure 
that it has sufficient capacity to withstand the expansive forces caused by corrosion of steel. The 
former requires fibers to be oriented parallel to the steel, i.e. along the length; the latter requires 
fibers in the transverse or hoop direction, i.e. perpendicular to the strands. This can be most 
conveniently accommodated by using bi-directional FRP material. However, in the demonstration 
projects both uni-directional and bi-directional materials were used. 

 
Available ACI [8] and ISIS [9] guidelines provide design equations and worked out numerical 

examples. Design manuals for specific systems are also available, e.g. Fyfe Co [10]. Their 
provisions are comparable though equations are simplified.  It should be noted that in all the guides 
mentioned, axial, flexural and shear strengthening are considered separately. Their interaction 
necessary for designing wraps for piles is not considered. 
 

The low strain capacity of the FRP makes the maximum permissible strain, the critical 
parameter in design. For strengthening applications, ACI 440 guidelines [8] specifies strain limits 
for both “contact-critical” (FRP in intimate contact with the substrate with no specific adhesion 
requirement) and “bond-critical” (minimum adhesion required since load transfer is by bond) 
applications. For piles, the limit for contact-critical application applies as the FRP material is 
wrapped completely around the circumference. This is set as the lower of 0.4% or 75% of the FRP 
design rupture strain. The latter limit was established from tests to avoid loss of aggregate interlock 
that can occur at strains below the ultimate fiber strain.  
 
       As piles corrode, they expand in the lateral direction since the volume of the corrosion products 
can be as much 600% of the original steel [11]. To accommodate such a large potentially uniform 
increase, a lower maximum strain limit may be appropriate. This can be based on experimental data 
[12] or from other considerations.  
 

A strain limit of 0.1% - approximately three times the maximum tensile strain leading to 
cracking – was used for designing the FRP to withstand corrosion expansion [5]. This value was 
used since reported experimental strains, calculated from the total circumferential increase, tend to 
be on the high side as it includes unrestrained movement of the crack.   
      
       Interaction diagrams can be developed for FRP strengthening as for reinforced concrete 
columns by using strain compatibility analysis [5]. The only difference is that the equations 
incorporate the contribution of the FRP. Since FRP wrapping can provide increased tensile but not 
increased compressive strength, only the tensile contribution should be considered in the analysis. 
Also, as the confinement effect of concrete leads to modest increases in the ultimate axial capacity in 
non-circular sections, it is best ignored. As with most strengthening applications, the role of the FRP 
is passive. That is, the FRP is unstressed except for additional load applied to the structure after it 
has been retrofitted.  
  
       In the applications, capacity loss was estimated to be 20%. It was found that this could be 
restored by using two transverse and one longitudinal carbon layer for the material properties 
outlined in Tables 1-2. For the weaker glass, two longitudinal and four transverse layers were 
required to restore capacity.  
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2.3  Instrumentation 
 
Corrosion monitoring uses non-destructive electrochemical methods that take advantage of the 
electrochemical nature of corrosion. Available methods include measurement of concrete resistance 
and resistivity, half-cell potential and corrosion current. However, in the case of FRP wrapped 
elements where the concrete surface is inaccessible, sensors have to be embedded inside the 
concrete. For applications involving piles, the size of the sensor is critical since it must be small 
enough to be accommodated within the available 75 mm concrete cover. 
 

 Embedded sensors may be used to evaluate the corrosion state in wrapped piles using (1) linear 
polarization and (2) galvanic current measurement. Linear polarization is an established technique 
for measuring the corrosion rate of steel in concrete structures. It relies on the linear relationship 
between corrosion current and its potential when the equilibrium potential is perturbed by the 
application of an incremental current (“galvanostatic”) or incremental voltage (“potentiostatic”).  
Several portable devices are available that can be used to make the measurement. In the 
demonstration projects, a PR - Monitor Model 4500 manufactured by Cortest Instrument Systems, 
Inc. was used.  
 

In galvanic current measurements, sensors made of the same or different steel are embedded at 
different depths in the concrete. The small galvanic or macro-cell currents set up by the corrosion 
process between these sensors are measured typically using a zero resistance ammeter through an 
external connection. Both systems were used in the studies. 
 
 
2.4   Sensor details 
 
Table 3 summarizes information on the type of sensors used in the four demonstration projects. 
Three different types of sensors were used. These included one developed by USF researchers, a 
commercially available one developed by Concorr Inc. and a ‘rebar’ sensor used by the Florida 
Department of Transportation (FDOT).  

 
Table 3.  Sensors used in demonstration projects 

Site Monitoring 
System 

Sensor 

Allen Creek Bridge, Clearwater (2003) Linear polarization USF 
Friendship Trails Bridge, Tampa Bay (2004) Galvanic current FDOT 
Friendship Trails Bridge, Tampa Bay (2006) Galvanic current FDOT 
Gandy Bridge, Tampa Bay (2004) Linear polarization 

Galvanic current 
Commercial 

FDOT 
 
 
3.   FIELD WRAP 
 
3.1 Surface preparation 
 
The application of FRP for repair and strengthening of piles is part bond-critical and part contact-
critical since the FRP material provides both strengthening and confinement.  As with any bonded 
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application, surface preparation is critical; good bond requires the substrate to have an open pore 
structure to ensure capillary suction of the epoxy [13]. In underwater application, however, pores 
will be saturated with water or small marine organisms or algae.  
 

In all cases, the pile surfaces were covered with marine growth (Fig. 1) that had to be scraped 
off. Additionally, corners that were not rounded had to be ground using an air-powered grinder. This 
was a difficult operation particularly for sections that were below the water line. A quick-setting 
hydraulic cement was used to fill any depression, discontinuities and provide a smooth surface. The 
entire surface was pressure washed just prior to wrapping using fresh water to remove all dust, 
marine algae.  
 
 

Figure 1.  Marine growth         Figure 2.  Scaffolding used for repair      
 
 
3.2 Scaffolding 

 
Excepting for the Allen Creek Bridge that was located in shallow waters, the remaining three bridges 
were located in the middle of Tampa Bay where a scaffolding system had to be set up for safety and 
also to provide all around access to the piles. Fig. 2 shows the scaffolding used in the Friendship 
Trails Bridge. This was developed for a project in which all piles in a bent had to be wrapped. In 
subsequent studies, only 1 or 2 piles in the bent were wrapped and therefore the scaffolding was re-
designed to cater to a single pile. This resulted in a lighter system that could be readily moved over 
to provide access to other piles. 
 
3.3 Impregnating FRP 
 
As mentioned earlier, two different systems – a pre-preg and a wet layup were used. In the pre-preg 
system, the FRP was saturated with resin in a factory and sent to the site in hermetically sealed 
packages that were opened just prior to the wrap. The wet layup system required on-site 
impregnation. This meant that the FRP fabric had to be pre-cut to size and then saturated with resin. 
In the initial application, an impregnating machine was built but this was abandoned in favor of 
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manual application. In the latter, the two parts of the resin were mixed and then applied over the 
surface of the fabric that was placed on a plastic sheet. The resin was then impregnated on one 
surface using a roller, flipped over and the other surface similarly saturated. The saturated element 
was then made into a roll for easy transportation (Fig. 3). 
 

 
Figure 3.     Saturating FRP on site                                            Figure 4.   Applying transverse wrap 
 
 
3.4 FRP wrap 
 
For the pre-preg system, a layer of the same urethane resin was first applied to the pile surface. 
Subsequently, the longitudinal layers were placed on each face starting at the corners. The transverse 
piece was wrapped around it (Fig. 4). This process was repeated for additional layers. For the pre-
preg system, a fiberglass veil material was also used to wrap transversely around the pile to provide 
a smooth surface. For the wet lay up epoxy system, the saturated FRP material was directly wrapped 
on the concrete surface. Following completion of the wrap, a plastic shrink material was wound 
tightly around the pile to hold it in place while the resin cured. For the pre-preg, the surface of the 
plastic was punctured so that gases generated when the resin cured could escape. After 24 hours, the 
plastic wrap was removed. A protective UV layer was applied on the wrapped surface. In each of the 
applications, a 1.5-1.8 m depth of the pile was wrapped using up to 4 layers. The wrapping operation 
generally took less than an hour to complete. 
    
Post wrap performance 
 
The corrosion performance of the FRP was monitored until the end of the project. This was longest 
foe the Allen Creek Bridge where monitoring was continued for over two and a half years. Results 
indicated that the performance of carbon and glass were comparable and were superior to that of the 
unwrapped control. More details may be found elsewhere [5]. 
 
FRP bond 
 
The FRP bond with concrete was evaluated in several cases using pullout tests. The results indicated 
that the bond was variable. For the epoxy system, the bond was found to be poorer in the dry part of 
the pile. For the pre-preg system it was worse for the wet region. Analysis of the results suggested 
that this could be because the pressure impressed by the shrink wrap on the FRP as it cured was 
insufficient to overcome the weight of the fabric. Laboratory tests were conducted to investigate 
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alternative systems that could be used to overcome this problem. Two promising techniques have 
been developed one which was implemented in the latest repair conducted on the Friendhsip Trails 
Bridge [14]. 
 
Future developments 
 
FRP slows down the corrosion rate by serving as a barrier element to the ingress of deleterious 
materials such as chlorides, moisture and oxygen. However, results from laboratory tests that show 
that corrosion continues inside the wrap indicating that there is sufficient oxygen and moisture 
trapped inside the wrap to allow corrosion to continue. This can be prevented by incorporating a 
cathodic protection system within the FRP wrap. Development work is currently being undertaken to 
examine how such a system can be implemented. The USF research team plan to complete such a 
demonstration study in 2007. 
 
 
CONCLUSIONS 
 
This paper provides a brief overview of FRP systems used in demonstration projects to repair 
corroding piles. Wrapping was carried out directly in water using ladders where the depth was 
shallow and using a custom designed scaffolding system where the depth was greater. Two different 
systems were evaluated and both carbon and glass tested. In each case, piles were instrumented to 
allow the long term performance of the FRP material to be assessed. 
 

Based on the experience it is clear that it is feasible to use FRP for repairing corrosion damage. 
Results of long term monitoring indicate that wrapped specimens have lower corrosion rates. 
Repairs have held up well with the longest repair now nearly four years old.  
 

Work is continuing to further improve this application. Two areas that the research team are 
currently exploring are enhancing the FRP-concrete bond and secondly the feasibility of 
incorporating a cathodic protection (CP) system within the wrap. A project was recently completed 
[14] in which a new system to improve bond was used. The bond appears to be better. Tests will be 
carried out next year to quantify the bond. The FRP-CP system is expected to be also developed 
within the next few months.  
 

Results obtained relating to corrosion performance are promising. The new techniques that are 
currently under development will significantly improve performance. Highway agencies will have 
access to another method of pile repair that may be economical in some situations.  
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This paper presents results from a long-term study that evaluated
the role of fiber-reinforced polymer (FRP) in reducing the
corrosion rate in a marine environment. Twenty-two 1/3-scale
models of prestressed piles cast with built-in chloride were exposed
to simulated tidal cycles under outdoor ambient conditions for
nearly 3 years. These included eight carbon FRP (CFRP), eight
glass FRP (GFRP)-wrapped specimens, and six controls.
Embedded titanium reference electrodes and thermocouples were
used to monitor the corrosion performance inside the wrapped
region throughout the exposure period. The performance of the
FRP was evaluated on the basis of bond and gravimetric tests
conducted at the end of the exposure period. The results showed
that the FRP-concrete bond was largely unaffected by exposure
and both CFRP and GFRP-repaired specimens significantly
outperformed the controls. The underlying trend in corrosion rate
measurements showed increases for the controls and reductions for
the wrapped specimens. This was reflected by much lower metal
losses in wrapped specimens compared with controls. Overall, the
study showed that FRP is effective in mitigating corrosion in a
marine environment.

Keywords: bond; corrosion; prestress; reinforcement; test.

INTRODUCTION
The poor performance of conventional repairs has led to

renewed interest in the application of fiber-reinforced
polymer (FRP) materials for rehabilitating corroded concrete
structures. Despite higher material costs, FRP repairs may be
more economical if they result in a reduction in re-repairs
that is often the reality for corrosion repair. Several highway
agencies have explored this option over the past decade. In
1994, the Vermont Transportation Agency opted to use FRP
over conventional methods for repairing corrosion-damaged
columns because it resulted in 35% cost savings.1 For the
same reason, the New York State Department of Transportation
(NYDOT) chose FRP for repairing corrosion-damaged
columns.2 More examples may be found in a recent state-of-
the-art paper.3

The role of FRP in mitigating corrosion has been the
subject of several investigations.3 The majority of the
studies4-8 focused on applications relating to corrosion
damage in reinforced concrete elements in cold regions
caused by salt water run-off from faulty expansion joints.
There have been fewer studies relating to corrosion
mitigation in tidal waters under hot, humid conditions9-12

where corrosion rates are significantly higher. Such
applications have only become possible13-16 because of the
availability of new resins that can cure in water.

In 2001, the Florida and U.S. Department of Transporta-
tion funded a 44-month study to investigate the use of FRP
for the underwater repair of prestressed piles. The study
included both laboratory testing and field demonstrations.
This paper provides details of a long-term exposure study

conducted to assess the role of FRP in mitigating corrosion.
In the study, instrumented, 1/3-scale models of carbon FRP
(CFRP) and glass FRP (GFRP) wrapped prestressed piles
were exposed to simulated tidal cycles under outdoor
ambient conditions for nearly 3 years. The performance of
the FRP was assessed in comparison to identical unwrapped
specimens that were placed in the same environment through
gravimetric testing. Complete details may be found in the
final report.12

RESEARCH SIGNIFICANCE
This paper provides quantitative data on the performance

of FRP in reducing corrosion under exposure comparable to
natural conditions. The use of embedded reference
electrodes permitted the corrosion performance of the FRP
wrapped region to be monitored throughout the exposure.
Comparative data on the actual metal loss in identically
exposed wrapped and unwrapped specimens is helpful for
highway agencies in assessing the efficacy of FRP in
corrosion mitigation applications.

OBJECTIVES
The overall goal of the research project was to evaluate the

effectiveness of FRP in slowing down corrosion in heavily
chloride-contaminated prestressed concrete elements that
are characteristic of a marine environment. Both carbon and
fiberglass were tested and the role of number of fiber layers
investigated. Effectiveness was evaluated by monitoring
corrosion rate and by gravimetric testing in which the actual
metal loss in strands and ties retrieved from exposed
specimens was determined.

EXPERIMENTAL PROGRAM
As corrosion is a slow process, two broad strategies have

been used for accelerating corrosion. In the first method,
electrochemical reactions responsible for corrosion are
simulated by applying appropriate corrosion currents using
either a constant voltage or a constant current system. In the
second method, acceleration is achieved by using permeable,
high water-cement mixtures, heat, or by casting specimens
with chlorides. Specimens are subsequently exposed to
simulated tidal cycles and subjected to alternate drying and
wetting. Acceleration may be achieved by manipulating the
relative lengths of the dry and wet cycles. By making the dry
cycle longer, accessibility of oxygen is enhanced that can
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accelerate the corrosion process. The first approach yields
results more quickly. The second is slower, but corrosion
products and processes are more representative of naturally
occurring corrosion.

In this study, the second approach was adopted in which
specimens were exposed to simulated tidal cycles under
outdoor ambient conditions. The wet-dry cycles were kept
the same but the exposure period made sufficiently long so
that the difference in the performance of wrapped and
unwrapped specimens would become apparent.

Specimen details
The specimens used in the study were 1/3-scale model of

45 cm (18 in.) square prestressed piles that had been
identified in earlier studies as being the most common and,
therefore, most commonly found to have exhibited corrosion
damage. The 15 x 15 x 152 cm (6 in. x 6 in. x 5 ft) long
specimens were prestressed by four 8 mm (5/16 in.), seven-
wire, low relaxation 1860 MPa (Grade 270) strands (Fig. 1).
This configuration ensured that the effective prestress in the
model piles exactly matched that in the prototype when
stressed to code-specified stressing levels. The central fifth
strand shown in Fig. 1 was unstressed and served as a
counter electrode for linear polarization tests that were used
to monitor the corrosion rate in the steel.

A 55 cm (22 in.) length corresponding to 1.67 m (66 in.)
splash zone in the prototype was fabricated with 3% of chloride
ion by weight of cementitious material. This left 48 cm (19 in.)
of regular concrete both above and below that was sufficient for
full prestress force transfer (50db = 39.6 cm [15.6 in.]).

Specimens were cast all at once in a single line in a
specially adapted prestressing bed at a commercial facility.
As a result, the prestressing forces and concrete mixtures
were identical for all specimens. Wood trims with a radius
of 13 mm (1/2 in.) were inserted along the bottom corners
of the form to ensure that there no sharp corners at these
locations. The edges at the top were finished using a 7.5 cm
(3 in.) wide edging trowel so that these edges were also
curved. This greatly reduced the preparation work required
in subsequent wrapping.

Instrumentation
The prestressing forces at the live and dead ends were

monitored during fabrication of the specimen to ensure that
the final effective stresses were consistent with those in the
prototype pile. Embedded activated titanium reference elec-
trodes and thermocouples were installed at pre-designated
locations as shown in Fig. 1.

Embedded reference electrodes ensured greater reliability
of the corrosion measurements (when compared with surface

measurements) by eliminating environmental effects due to
changes in the temperature and humidity of the surface.
More importantly, it allowed potential measurements inside
the wrapped region to be readily made without the need for
cutting through the wrap to expose the concrete surface.
Thermocouples enabled changes in corrosion rate with
temperature to be assessed.

Concreting
The concrete placement was conducted in two phases: a

regular FDOT Class V special mixture was first placed,
vibrated, and finished followed by a second batch in which a
measured amount of the chloride admixture12 was added to
the concrete mixer, rotated, and placed between sheet metal
barriers (dams) that were removed subsequently. The
specimens were covered by a plastic sheet and allowed to
cure. The average compressive strength at the time of release
was 41.7 MPa (6.05 ksi) for the regular concrete and 34.3 MPa
(4.98 ksi) for the chloride contaminated concrete.

Wrap details
The goal of the study was to evaluate the performance of

FRP in specimens where the chloride threshold had been
exceeded, but there was no visible sign of corrosion. For this
reason, 16 specimens were wrapped when the concrete was
28 days old. FRP was applied over a 0.91 m (36 in.) length
in the central region of the specimen. This meant that it
extended 17.5 cm (7 in.) above and below the boundary of
the 55 cm (22 in.) chloride contaminated region (Fig. 1).
Eight specimens were wrapped with bidirectional CFRP
using bidirectional CFRP system. Eight others were wrapped
using a bidirectional GFRP and epoxy.

Material properties of the epoxies and the FRP provided
by the manufacturers are summarized in Table 1 and 2. The
number of FRP layers varied from 1 to 4 and the recom-
mended lap length was provided. This was 5 cm (2 in.) for
CFRP and 15 cm (6 in.) for GFRP. To protect the FRP wrap
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Fig. 1—Specimen geometry.
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from ultraviolet radiation, two coats of external latex paint
were applied over the wrapped area.

TIDAL SIMULATION SETUP
Twenty specimens (16 wrapped and four unwrapped

controls) were placed upright inside a 1.82 x 3.04 x 1.22 m
(6 x 10 x 4 ft) tank, which was kept outdoors (Fig. 2). Two
unwrapped specimens were placed in an indoor tank in a

controlled environment and served as indoor controls.
Details are summarized in Table 3.

All outdoor and indoor specimens were subjected to
simulated tidal cycles in 3.5% salt water (Fig. 2). The
variation in water depth was modeled for the Tampa Bay
region where the difference between high and low tide is
approximately 45 cm (18 in.). The water level at high tide
was 80 cm (32 in.) from the bottom. It was 35 cm (14 in.)
at low tide. The tide was changed every 6 hours and was
controlled by a water pump and floating switch. This
ensured that a 5 cm (2 in.) length of the wrap was
permanently submerged in water. This type of exposure
had the maximum chance of trapping moisture within the
wrap. Such entrapment of moisture had been observed in a
study conducted by the University of Texas at Austin.17

Specimens were exposed to this environment for nearly
3 years at which time they were removed for detailed examina-
tion and analysis that included measurement of metal loss in
wrapped and unwrapped specimens by gravimetric testing.

CORROSION MONITORING
Half-cell potential measurements were taken using a high

impedance voltmeter. The embedded titanium reference
electrodes were calibrated against a copper-copper sulfate
reference electrode (CSE) and all results reported are with
respect to these electrodes. Potential measurements were
regularly made with the first reading taken 24 days after the
specimens had been cast. Initially, measurements were taken
weekly but became less frequent as readings stabilized
following prolonged exposure.

Linear polarization measurements were made using a PR
monitor. This has a three-electrode probe comprising a
reference, working, and counter electrode. The central strand
provided in the specimen (Fig. 1) served as the counter
electrode. The PR monitor measures the polarization
resistance that is inversely proportional to the corrosion rate
in the steel. In the calculations, the polarized area was
assumed to be the same as the chloride-contaminated area
(55 cm [22 in.] length). Concrete resistivity was measured
using a soil-resistance meter.

All thermocouples embedded in the concrete were hooked
to a data acquisition system. Temperature data was measured
and recorded every hour. Connections to the steel and the
titanium reference electrodes for the corrosion measure-
ments were placed inside a weatherproof box (Fig. 3) that
allowed readings to be readily taken.

RESULTS
Half-cell potentials

Figure 4 provides an overview of the variation in the
averaged half-cell potential (relative to copper-copper
sulfate) measured at midheight, that is, at the center of the
wrapped region for all the controls (four outdoors and two
indoors) and the wrapped specimens (eight CFRP and eight
GFRP). Wrapping was conducted on the 28th day and wet-
dry cycles started on the 111th day after casting when the
simulated tidal setup became operational.

All readings were more negative than –350 mV indicating
that there was a 90% probability of corrosion. The readings
became much more negative immediately after the start of
wet-dry cycles possibly because of the availability of water.
For the specimens kept outdoors, potential changes were
broadly similar for the first 350 days. After this time period,
however, there was a divergence in the potential values with

Table 1—Material properties of epoxies

Properties CFRP (MAS 2000) GFRP (Tyfo® S)

Tensile strength, ksi (MPa) 45.2 (312) 10.5 (72)

Tensile modulus, ksi (MPa) 2620 (18,064) 461 (3178)

Flexural strength, ksi (MPa) 62.3 (430) 11.5 (79)

Flexural modulus, ksi (MPa) 2560 (17,651) 400 (2758)

Elongation, % 1.96 5

Table 2—Material properties of FRP

Property

Values

CFRP Tyfo® Web

Tensile strength, ksi (MPa) 90 (621) 44.8 (309)

Modulus of elasticity, ksi (MPa) 10,600 (73,084) 2800 (19,305)

Elongation at break, % 1.2 1.6

Thickness, in. (mm) 0.020 (0.508) 0.01 (0.254)

Fig. 2—Outdoor exposure specimens.

Table 3—Details of test specimens 
Specimen type Specimen ID Wrap layers Reference electrodes

Outdoor control
No. 38, 39, 40

0

2

No. 41 6

Indoor control
No. 42 2

No. 43 6

CFRP wrap

No. 52, 56 1

2
No. 53 2

No. 54, 58 3

No. 55 4

No. 57 2
6

No. 59 4

GFRP wrap

No. 44, 48 1

2
No. 45 2

No. 46, 50 3

No. 47 4

No. 49 2
6

No. 51 4
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the unwrapped control specimens becoming more negative
and the FRP wrapped specimens becoming less negative.
This change in readings coincided with the appearance of
cracks along the strand line and the formation of corrosion
products around cracks on the surface of the unwrapped
control specimens (Fig. 5). There was no similar evidence of
damage in any of the wrapped specimens. Nor were the
readings for CFRP and GFRP significantly different.
Additional results12 showed that the number of FRP layers
had a relatively minor effect on the potential readings.

Corrosion rate results
Linear polarization measurements were taken at

midheight where corrosion rates were expected to be the
highest. Figure 6 provides an overview of all the results as
well as the temperature variation. Each corrosion rate data
point represents the average for that type of specimen (for
example, eight CFRP, eight GFRP, two indoor controls, or
four outdoor controls). Additional plots showing individual
results may be found in the final report.12

The corrosion rate in Fig. 6 is expressed in mm/year.
Inspection of Fig. 6 shows that while corrosion rates in all
specimens declined during the period between wrapping and
exposure to the simulated tidal cycles, the underlying trend in
the subsequent results was an increase in the corrosion rate in
the controls and a decrease in the rate in the wrapped
specimens. Undulations in the corrosion rate were largely due
to variations in the ambient temperature at the time the
reading was taken (always at low tide) and were more
prominent in the outdoor controls when compared to the
indoor specimens. The temperature of the indoor controls was
unfortunately not constant, but rather maintained for
laboratory occupant comfort (near 25 °C [77 °F]) and would
have fluctuated somewhat with the outdoor conditions. There
was little difference between the corrosion rates in the CFRP
and GFRP wrapped specimens; temperature-induced changes
in corrosion rate were likewise apparent. Such temperature-
induced corrosion rate variations are not surprising given the
electrochemical nature of the corrosion process.

The average corrosion rate in the controls was 0.018 mm/year
at the end of the exposure period. The wrapped specimens show
approximately 1/3 of this magnitude at 0.0055 mm/year. These
values are commensurate with corrosion rates where visible
damage can be expected in 2 to 10 years.18

EFFECT OF EXPOSURE ON BOND
Following conclusion of the exposure, test specimens

were removed from the tanks for further evaluation and

testing. This included bond tests on the wrapped specimens,
crack mapping of the controls, and gravimetric testing to
quantify metal loss.

The bond between FRP and concrete was determined from
pull-out tests carried out in accordance with ASTM D 454119

using an adhesion tester. The tester used 3.6 cm (1.456 in.)
diameter aluminum dollies. A total of eight wrapped specimens
were tested: four CFRP specimens (No. 54, No. 55, No. 56,
and No. 57) and four GFRP (No. 47, No. 48, No. 50, and
No. 51) with one, two, three, or four FRP layers.

The tests were performed on two faces of each specimen
and at three locations per face (Fig. 7). The three levels

Fig. 3—Weatherproof measurement box.

Fig. 4—Result of half-cell potential measurements.

Fig. 5—Surface cracks on unwrapped specimens.

Fig. 6—Result of linear polarization tests.
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selected were the dry zone (top), tidal zone (middle), and the
submerged zone (bottom).

The results of the bond tests for the CFRP- and GFRP-
wrapped specimens are summarized in Fig. 8 and 9, respec-
tively. The bond strength of CFRP specimens varied from
1.4 to 2.2 MPa (203 to 319 psi) and those for the GFRP
specimens from 1.4 to 2.6 MPa (203 to 370 psi). Most of the
bond failures in the top and middle locations occurred in the
concrete indicating that the bond was good. In the
submerged zones, however, failure occurred in the epoxy.

The average bond strength at these three levels
considering all the specimens varied from 1.8 to 2.0 MPa
(265 to 285 psi) in CFRP specimens and from 1.8 to 2.1 MPa
(261 to 301 psi) in GFRP specimens. Thus, the average bond
strength was marginally higher in the glass-fiber specimens
in comparison to the carbon fiber specimens.

Although epoxy failure was the most commonly occurring
mode in the submerged region, the measured ultimate bond
stress was not significantly higher even where there was
failure in the concrete. The bond strength was also unaffected
by the number of FRP layers indicating that the inter-layer
bond was good and the material was properly bonded in the
first place. The somewhat poorer performance in the
submerged region is not a result of the installation method as
all specimens were dry-wrapped but rather is more likely a
consequence of ingress of moisture into the resin over time.

GRAVIMETRIC TESTING
All 22 specimens were gravimetrically tested to determine

the actual steel loss at the end of the 1160-day exposure
period. As noted previously, the Texas study17 reported that
the FRP wrap had entrapped water that had led to increased
corrosion inside the wrap. No similar entrapment was found in
this study and no similar localized corrosion was observed.

The strands and ties were extracted by making longitu-
dinal cuts on the concrete surface with an electric saw and
subsequently carefully chipping the cover off to expose the
steel (Fig. 10 and 11). Inspection of these figures shows that
there was much greater corrosion in the unwrapped controls
than in the wrapped specimens. In the wrapped specimens,
there was no evidence of corrosion products in some speci-
mens unlike that in the unwrapped controls where corrosion
products were always present.

The prestressing strands and ties were carefully extracted
from all the specimens. The central-most section of the
strands were cut to 0.91 m (36 in.) lengths, labeled, and
numbered. The strands and ties were stored in sealed bags for
subsequent cleaning. In the cleaning process, the strands
were disassembled into seven separate wires to ensure there
was no trapped rust.

A summary of the measured steel loss from all the results
is shown in Table 4. Because the target area contaminated
with chloride was 55 cm long (22 in.), located in the central
portion of the specimen (Fig. 1), the steel loss was assumed
to have occurred only in the chloride-contaminated region.
The total loss in all four strands and ties was averaged for
each specimen and compared with the controls.

It may be seen from Table 4 that the average steel loss in
strands and ties in outdoor and indoor unwrapped specimens
were similar (6.6 and 10.1% versus 6.6 and 8.9%). This
suggests that temperature and humidity variation did not
make as much a difference. Thus, corrosion gains made in
the outdoor specimens during summer and fall were offset

Fig. 7—Bond test.

Fig. 8—Bond test results for CFRP wrap.

Fig. 9—Bond test results for GFRP wrap.

Fig. 10—Exposed steel of unwrapped specimens.

                     202



ACI Structural Journal/January-February 2007 81

by lower corrosion rates in winter and spring. In contrast, the
fluctuations in the corrosion rate in specimens kept inside the
laboratory were smaller.

The performance of the wrapped specimens was much better
as is evident from Fig. 10 and 11. The average metal loss in
strands was 3.3% for CFRP and 3.4% for GRFP, approximately
half that of the 6.6% in the controls. For the ties, average metal
loss was 6.6% for carbon and 6.3% for glass compared with
10.1% for the outdoor controls (Table 4).

Aside from the difference in metal loss, there were 30 breaks
in individual wires making up the strands in the six
unwrapped specimens (average five breaks per pile)
indicative of localized pitting corrosion. In contrast, there
was only one instance of breakage in the 16 wrapped
specimens (0.0625 breaks per pile). Thus, the averaged
readings do not completely reflect the actual performance of
the unwrapped specimens compared with the wrapped ones.

A more detailed breakdown of the gravimetric results
showing the relationship between metal loss and number of
FRP layers is given in Table 5. It may be seen from this table
that the performance of the FRP did not necessarily improve
as the number of layers increased. Overall, the results for
carbon and glass were comparable.

DISCUSSION
The goal of this study was to evaluate the effectiveness of

the FRP in slowing down the corrosion rate in specimens in
which the chloride threshold for corrosion initiation had been

exceeded prior to wrapping. Here, the passive layer protecting
steel is destroyed; but there is no visible sign of corrosion. This
condition is not uncommon and was encountered in recent
field applications14-16 where chloride levels in the cover were
comparable to those used in the test specimens.

The outdoor exposure setup and the simulated tidal cycles
were very similar to natural conditions under which
corrosion occurs in a marine environment. By using multiple
embedded reference electrodes, both corrosion potential and
linear polarization rates could be readily measured at the
critical midheight without compromising the integrity and
continuity of the wrap. These measurements indicated that
FRP slowed down but did not stop the corrosion rate. The
performance of the CFRP and GFRP were comparable and
largely independent of the number of wrapping layers. These
findings were confirmed through destructive gravimetric
testing where metal losses in wrapped specimens were
measured to be significantly lower than its identical
unwrapped counterpart.

The fact that FRP was unable to stop the corrosion process
is not particularly surprising given that oxygen and moisture
present inside the concrete prior to wrap were sufficient to
sustain the electrochemical reaction. Given that there are

Fig. 11—Exposed steel of wrapped specimens.

Table 4—Averaged metal loss

Specimen type Layer

Metal loss, %

Strand Tie

Outdoor 0 6.6 10.1

Indoor 0 6.6 8.9

CFRP

1 3.5 7.1

2 3.1 5.7

3 3.4 6.9

4 3.3 6.9

Average 3.3 6.6

GFRP

1 3.6 6.7

2 3.3 6.2

3 3.5 5.9

4 3.3 6.5

Average 3.4 6.3

Table 5—Summary of gravimetric results

Specimen type Specimen ID

Metal loss, %

Strand Tie

Outdoor control

No. 38 6.3 11.7

No. 44 7.6 9.8

No. 45 6.4 9.7

No. 46 5.9 9.1

Average 6.6 10.1

Indoor control

No. 39 6.5 10.0

No. 49 6.6 7.9

Average 6.6 8.9

Carbon

1 layer

No. 54 3.4 6.8

No. 58 3.6 7.3

Average 3.5 7.1

2 layers

No. 55 3.1 6.1

No. 42 3.1 5.2

Average 3.1 5.7

3 layers

No. 56 3.3 6.7

No. 59 3.5 7.1

Average 3.4 6.9

4 layers

No. 57 3.4 7.7

No. 43 3.2 6.1

Average 3.3 6.9

Carbon average 3.3 6.6

Glass

1 layer

No. 48 3.5 6.4

No. 52 3.6 6.9

Average 3.6 6.7

2 layers

No. 47 3.4 6.0

No. 40 3.3 6.3

Average 3.3 6.2

3 layers

No. 50 3.7 6.4

No. 53 3.3 5.4

Average 3.5 5.9

4 layers

No. 51 3.7 6.4

No. 41 3.0 6.6

Average 3.3 6.5

Glass average 3.4 6.3
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multiple pathways for transporting both these deleterious
materials (from regions outside the wrapped area) through
the pores in hardened concrete, it is unlikely that the
corrosion can be stopped. As the FRP also confines the
concrete, however, the confining pressures can compress the
corrosion products and change the underlying
electrochemical reactions. This may explain why trends in
the corrosion rate measurements showed reductions in the
corrosion rate over time (Fig. 6).

The surprising result was that two FRP layers were
optimal regardless of the material (Table 5). Providing a
larger number of layers provided increased strength but did
not help corrosion mitigation. It provides further evidence
that oxygen and moisture inside the wrap dictate the
corrosion process. As results for one FRP layer were poorer,
however, a minimum of two layers should be used in FRP
corrosion mitigation applications.

A detailed examination of the profile of the corroded
strand has not yet been made. Development work is currently
underway to construct an automated system that can
electronically record the profile of the strands. Once this has
been completed, tests will be conducted to determine the
stress-strain characteristics of the corroded strands. These
findings will be reported at a future date.

CONCLUSIONS
Based on the results presented, the following conclusions

may be drawn:

1. The measured metal loss in wrapped specimens was
significantly lower than that in identical unwrapped controls
exposed to the same environment. Both CFRP and GFRP
were equally effective in drastically reducing the rate of
corrosion but were nonetheless unable to stop corrosion even
when four layers were used (Fig. 12 and 13);

2. The performance of CFRP and GFRP in slowing down
the corrosion rate was comparable (Table 4). The linear
polarization measurements correctly predicted this and also
the underlying trends in the metal loss in wrapped and
unwrapped specimens (Fig. 5);

3. The level of corrosion protection afforded by FRP does
not increase with the number of FRP layers. In this study,
two layers were found to be the optimal number based on
gravimetric testing (Table 5 and Fig. 12 and 13);

4. The gravimetric testing method used to determine metal
loss is not fully indicative of the severity of the structural
impact of the damage as the metal losses. Localized
corrosion led to breakages in 30 wires in the six unwrapped
controls. Such breakage was only observed in one wire from
among all the 16 wrapped specimens; and

5. The average residual bond for the CFRP and GFRP
were similar and largely unaffected by exposure. Adhesives
used by both systems were durable. 

In practice, if piles were wrapped at the time of installation,
their performance would be vastly superior because the FRP
would serve as a barrier to the ingress of chloride and
significantly delay the onset of corrosion. Electrochemical
measurements clearly indicate, however, that there are
sufficient oxygen and moisture within the wrapped region to
sustain the corrosion inside the wrap. This can be remedied by
integrating a cathodic protection system within the wrap. Such
development work is currently underway.
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Insitu Testing
Introduction

In terms of foundation engineering, insitu (or in place) testing refers to those methods that evaluate
the performance of a geotechnical structure or the properties of the soils or rock used to support that
structure.  This testing can range from a soil boring at a surveyed location to monitoring the response
of a fully loaded bridge pier, dam, or other foundation element.  The reliability of a given structure
to function as designed is directly dependent on the quality of the information obtained from such
testing.  Therein, it is imperative that the design engineer be familiar with the types of tests and the
procedures for proper execution as well as the associated advantages and disadvantages.

Methods of insitu evaluation can be invasive or noninvasive, destructive or nondestructive, and may
or may not recover a specimen for visual confirmation or laboratory testing.  Invasive tests (e.g. soil
borings or penetration tests) tend to be more time consuming, costly, and precise; whereas,
noninvasive tests (e.g. GPR or siesmic refraction) provide a large amount of information in a short
period of time that is typically less quantifiable.  However, when used collectively, the two methods
can complement each other by: (1) defining areas of concern from noninvasive techniques, and (2)
determining the foundation design parameter from invasive techniques.  This is particularly
advantageous on large sites where extreme variations in soil strata may exist.  

Site Exploration Plan

The subsurface investigation program for a given site should account for the type, size, and
importance of the proposed structure.  These parameters help focus the design of the site exploration
program by determining the quantity and depth of soil soundings (or borings) required.  Planning
for a site investigation should also include the location of underground utilities (i.e. phone, power,
gas, etc.).  As such, a local “call before you dig” service should be notified several days prior to the
anticipated investigation.  These services are usually subsidized by the various local utilities and
have no associated cost.

The quantity of borings is largely dependent on the overall acreage of the project, the number of
foundations, or the intended use of the site.  For foundations, the depth of borings depends on the
zone of soil influenced by the foundation geometry and the given loading.  For instance, a proposed
roadway alignment typically requires a hand-auger investigation every 100 feet along the centerline
to a depth of 5 feet to define uniformity of the subgrade material as well as spatial variability.
Therein, the importance of the structure, in the form of causal effects should a failure occur, is
somewhat minimal.  Further, if undesirable soils conditions were identified, a followup investigation
could be requested.  In contrast, preliminary borings along the alignment of a proposed bridge
foundation can be more frequent and are much deeper depending on the depth to a suitable bearing
strata.  At a minimum, one boring should be performed at each pier location to a depth 3 - 5
foundation diameters below the anticipated foundation.  Likewise, buildings with large column loads
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often require a boring at each column location unless the soil shows extremely consistent behavior.
For extremely important structures the designer and/or client not only require more scrutiny from
the subsurface investigation, but also require an amplification factor (or importance factor) be
applied to the load to assure a low probability of failure (AASHTO, 1997).

In virtually all cases, the additional cost of more thorough subsurface investigation can be reconciled
with a more cost effective foundation design.  Uncertainty in subsurface conditions in most instances
promotes needless over-design.  Depending on the type of design to be considered, the designer
must recognize the effect of site variability as well as the type of testing that can be conducted to
increase confidence and reduce the probability of failure.
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Geophysical Testing Methods

Ground Penetrating Radar

Ground Penetrating Radar (GPR) is a geophysical exploration tool used to provide a graphical cross-
section of subsurface conditions.  This cross-sectional view is created from the reflections of
repeated short-duration electromagnetic (EM) waves which are generated by an antenna in contact
with the ground surface as the antenna traverses across the ground surface.  The reflections occur
at the interfaces between materials with differing electrical properties.  The electrical property from
which variations cause these reflections is the dielectric permittivity, which is directly related to the
electrical conductivity of the material.  GPR is commonly used to identify underground utilities,
underground storage tanks, buried debris, or geological features.  The information from GPR can
be used to make recommendations for more invasive techniques such as borings. Figure 1 shows a
ground launch GPR system being pushed along a predetermined transect line.

The greater the electrical contrast between the surrounding earth materials and the target of interest,
the greater the amplitude of the reflected return signal.  Unless the buried object/target of interest
is highly conductive, only part of the signal energy is reflected back to the antenna located on the
ground surface with the remaining portion of the signal continuing to propagate downward to be
reflected by deeper features.  If there is little or no electrical contrast between the target of interest
and the surrounding earth materials, it would be very difficult if not impossible to identify the object
using GPR.

Figure 1 GPR field device (Courtesy of Universal
Engineering, Inc.).
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The GPR unit consists of a set of integrated electronic components which transmits high frequency
(100 to 1500 megahertz [MHz]) electromagnetic waves into the ground and records the energy
reflected back to the ground surface.  The GPR system is comprised of an antenna, which serves as
both a transmitter and receiver, and a profiling recorder that both processes the data and provides
a graphical display of the data.  

The depth of penetration of the GPR is very site specific and is controlled by two primary factors:
subsurface soil conditions and antenna frequency.  The GPR signal is attenuated (absorbed) as it
passes through earth materials.  As the energy of the GPR signal is diminished due to attenuation,
the energy of the reflected waves is reduced, eventually to a level where the reflections can no
longer be detected.  In general, the more conductive the earth materials, the greater the GPR signal
attenuation.  In Florida, typical soil conditions which severely limit the GPR signal penetration are
near-surface clays, organic materials, and the presence of sea water in the soil pore water space.  

A GPR survey is conducted along survey lines (transects) which are measured paths along which
the GPR antenna is moved.  Known reference points (i.e., building corners, driveways, etc.) are
placed on a master map, which includes traces of the GPR transects overlying the survey geometry.
This survey map allows for correlation between the GPR data and the position of the GPR antenna
on the ground.

For geological characterization surveys, the GPR survey is conducted along a set of perpendicularly
oriented transects.  The survey is conducted in two directions because subsurface features are often
asymmetric for residential surveys.  Spacing between the survey lines is initially set at 10 feet.  More
closely spaced grids may be used to further characterize a recorded anomaly.

The features observed on the GPR data that are most commonly associated with potential sinkhole
activity are:

A down-warping of GPR reflector sets, that are associated with suspected
lithological contacts, towards a common center.  Such features typically have a bowl
or funnel shaped configuration and are often associated with deflection of overlying
sediment horizons caused by the migration of sediments into voids in the underlying
limestone (Figure 2).  In addition, buried depressions caused by differential
subsidence over buried organic deposits and debris may also cause these observed
features.

A localized significant increase in the depth of penetration and/or amplitude of  the
GPR signal response.  The increase in GPR signal penetration depth or amplitude is
often associated with a localized increase in sand content at depth.

An apparent discontinuity in GPR reflector sets that are associated with suspected
lithological contacts.  The apparent discontinuities and/or disruption of the GPR
reflector sets may be associated with the downward migration of sediments.  
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The greater the severity of the above features or a combination of these features, the greater the
likelihood that the identified feature is related to past or present sinkhole activity. 

Depth estimates to the top of the lithological contacts or targets of interest are derived by dividing
the time of travel of the GPR signal from the ground surface to the top of the feature by the velocity
of the GPR signal.  The velocity of the GPR signal is usually obtained for a given geographic area
and earth material from published sources.  In general, the accuracy of the GPR-derived depth
estimates ranges from ±25 percent of the total depth.

Although the GPR is very useful in locating significant lithologic soil changes, strata thickness, and
inferred subsurface anomalies, the GPR cannot identify the nature of earth materials nor their
condition (i.e., loose vs. dense sand, soft vs. stiff clay).  The GPR data is best used in conjunction
with other geotechnical and physical tests to constrain the interpretation of the virtual cross-section
profiles.

Figure 2 GPR image (courtesy of Universal Engineering, Inc).
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Resistivity Tests

Electrical Resistivity Imaging (ERI) is a geophysical method that maps the differences in the
electrical properties of geologic materials.  These changes in electrical properties can result from
variations in lithology, water content, pore-water chemistry, and the presence of buried debris. The
method involves transmitting an electric current into the ground between two electrodes and
measuring the voltage between two other electrodes. The direct measurement is an apparent
resistivity of the area beneath the electrodes that includes deeper layers as the electrode spacing is
increased. The spacing of electrodes can be increased about a central point, resulting in a vertical
electric sounding (VES) that is modeled to create a 1-D geoelectric cross-section.  Recent advances
in technology allow for rapid collection of adjacent multiple soundings along a transect that are
modeled to create a 2-D geoelectric pseudo cross-section. The cross-section is useful for mapping
both the vertical and horizontal variations in the subsurface (see Figure 3).

Although the result from this method are not absolute, the resistivity trends obtained are useful for
mapping stratigraphy such as aquatards, bedrock, faults and or fractures.  It can delineate anomalous
formations or voids in karstic material, the presence of salt water intrusion in coastal regions, and
detect leaks in dams as well as other applications.  It is most successful in large cleared areas
without severe changes in topography; not recommended for small congested or urban sites.  Buried
utilities or other highly conductive anomalies can adversely affect the results.

This method is fast, non-invasive, and relatively inexpensive when compared to drilling.  When
compared to electromagnetic methods, is it less susceptible to interference from overhead power
lines.  It is easily calibrated to existing boreholes to allow for correlations between measured
resistivity and estimated soil properties.  As with other geophysical test methods, it is best suited for
environmental or water resources disciplines that require stratigraphy or soil property mapping of
large land parcels.

Figure 3 Rendering of soil cross section from ERI output (courtesy of Universal Engineering, Inc.)
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Seismic Refraction

The seismic refraction technique measures the seismic velocity of subsurface materials and models
the depth to interfaces with a velocity increase. Soil conditions and geologic structure are inferred
from the results, since changes in material type, or soil conditions, are often associated with changes
in seismic velocity.  Seismic energy, which is introduced into the subsurface using a drop weight
or explosive source, propagates through the earth as a wave front that is refracted by the material
through which it passes. As illustrated in Figure 4, the wave front intersects a high-velocity
interface, creating a “head wave” that travels in the higher velocity material nearly parallel to the
interface. The energy in this head wave leaves the interface and passes back through the low velocity
material to the surface. Geophones placed at selected intervals along the ground surface detect the
ground motion and send an electrical signal, via a cable, to a recording seismograph. The objective
is to determine the arrival times of these refracted waves in order to calculate the velocity of the
material and model the depth to various interfaces.

This test is used to determine stratigraphy such as the depth to bedrock.  It is best suited for
stratigraphy that increases in density (or seismic velocity) with depth.  In such cases it can estimate
the depth of borrow materials, aid in mapping faults and fractured rock zones, locate the water table,
estimate material elastic properties such as shear modulus and Poisson’s ratio.  The depth of
exploration is limited by the energy source and the maximum length of geophone spacing.   The test
is less expensive most soil exploration methods as well as other comparable seismic reflection
methods.  The vertical resolution is usually better than electrical, magnetic or gravity methods of
site investigation.

Figure 4 Conceptual sketch of seismic refraction layout and wave paths
(Courtesy of Universal Engineering, Inc.).
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Physical Sampling and Penetration Tests

Standard Penetration Test

The standard penetration test (SPT) is undoubtedly the most common method of soil exploration for
foundation design.  It is an invasive test that not only provides information from which soil strength
can be estimated, but also it provides a physical sample that can be visually inspected or used for
laboratory classification.  Although the test method has undergone several iterations with respect
to upgrading equipment, it is sensitive to operator and equipment variability.  Regardless, the
general concept of penetration resistance and the hands on soil sample recovery make it the choice
of many designers.

The SPT is described by the American Society for Testing and Materials (ASTM) as test number
D-1586, entitled “Standard Method for Penetration Test and Split-Barrel Sampling of Soils.”  This
standard defines the appropriate manner in which the test should be conducted which involves
drilling techniques, penetration and sampling methods, proper equipment, and the reporting of
results.  In general, a 2" O.D. split spoon sampler is driven into the ground with a 140 lb drop
hammer dropped 30 inches repeatedly until a penetration of 18 inches is achieved .  The number of
blows of the hammer is recorded for each of three 6" intervals (totaling 18 inches).  The number of
blows required to advance the sampler the last 12 inches (2  and 3  interval) is defined as the SPTnd rd

N-value.  Upon extraction of the sampler, the soil retrieved is visually inspected, documented, and
placed in jars for more elaborate testing (if so determined by the engineer).  At best, continuous
sampling produces a single SPT N-value every 1.5 ft.  At minimum, a sample should be taken every
5 feet of depth.  

Between each penetration test, a boring should be advanced to permit the next sample without
interference from side shear resistance along the length of the drill rod.  Several boring techniques
are acceptable: one-hole rotary drilling, continuous flight hollow stem augering, wash boring, or
continuous flight solid stem augering.  However, under no circumstances should the soil beneath
the advanced borehole be disturbed by jetting or suction action caused by improper drilling
techniques.  For instance, extracting a continuous flight auger from submerged soils will reduce the
insitu stresses and produce lower N-values.

The hammer used to drive the sampler can either be manual or automatic.  Numerous configurations
of both hammer types have been manufactured.  The safety type is the most common manual
hammer as it is equally suited to both drive and extract the split spoon.  This type of hammer is lifted
by the friction developed between a rope and a spinning cathead power take-off.  The number of
wraps around the cathead as well as the diameter of cathead are specified as well as the condition
of the rope and cathead surface (Figure 5).  Due to the incomplete release of the drop weight from
the cathead, the total potential energy of the drop is not available to advance the sampler.  A recent
study showed that manual hammers transfer anywhere between 39 and 93% of the energy (average
66%), while automatic hammers ranged between 52 and 98% (average 79%).  Although the
reproducibility of a automatic hammer is better than manual hammers, the variation in energy
efficiency cited is dependent on the upward velocity of the hammer as controlled by the revolutions
per minute of the drive chain motor (Figure 6).  To this end, a given machine should be calibrated
to produce an exact 30 inch drop height and the rpms required to produce that drop recorded and
maintained.
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Figure 5 Manual hammer SPT apparatus.

Figure 6 Truck-mount drill rig (left), chain driven automatic SPT hammer (right).
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Aside from the visual and physical classification that can be obtained from a standard penetration
test, correlations have been established that provide estimates of insitu soil properties based on the
soil type and blow count.  These correlations can be based on the corrected or uncorrected SPT blow
count N’ or N, respectively.  

Corrected blow counts provide a method of accounting for the insitu state of stress surrounding a
soil sample while it was being tested.  For instance, sands with identical structure with appear
stronger (higher blow counts) at greater depths than when at shallower depths.  As such, soil
properties such as unit weight may be better estimated if overburden effects are removed or
normalized.  However, soil properties such as shear strength or available end bearing are enhanced
by greater insitu stresses and are generally correlated to uncorrected blow counts.  The following
expression is used to correct SPT N-values by normalizing it to a 1 tsf overburden insitu state.  

Tables SPT-1 and SPT-2  provide estimated values for corrected and uncorrected blow counts,
respectively. 

Table SPT-1 (FHWA, 1993)

Corrected
SPT-N’

moistDescription ( N

(pcf) (kN/m ) (deg)3

SANDS

0 Very Loose 70 - 100 11.0 - 15.7 25-30

4 Loose 90 - 115 14.1 - 18.1 27-32

10 Medium 110 - 130 17.3 - 20.4 30-35

30 Dense 120 - 140 18.8 - 22.0 35-40

50 Very Dense 130 - 150 20.4 - 23.6 38-43

CLAY qu, ksf

0 Very Soft 100 - 120 15.7 - 18.8 0

2 Soft 0.5

4 Medium 110 - 130 17.3 - 20.4 1.0

8 Stiff 2.0

16 Very Stiff 120 - 140 18.8 - 22.0 4.0

32 Hard 8.0

 “In Situ Soil Testing,” Chapter 2, The Foundation Engineering Handbook 
, Gunaratne, M. (ed), CRC Press, Taylor & Francis Group, Boca Raton, FL 
 ISBN 0-8493-1169-4, pp.47-86.                      215



Table SPT-2 (Kulhawy and Mayne, 1990)

sat subSPT-N ( ( N

(pcf) (kN/m ) (pcf) (kN/m ) (deg)3 3

SANDS

0-2 100 15.7 37.6 5.9 26

3-4 100 15.7 37.6 5.9 28

4-10 105 16.5 42.6 6.7 29

10-20 110 17.3 47.6 7.5 30

20-30 115 18.1 52.6 8.3 32

30-40 120 18.9 57.6 9.1 33

>40 125 19.6 62.6 9.8 34

CLAY

0-2 105 16.5 42.6 6.7 0

2-4 110 17.3 47.6 7.5 0

4-8 115 18.1 52.6 8.3 0

8-15 120 18.9 57.6 9.1 0

15-30 125 19.6 62.6 9.8 0

>30 125 19.6 62.6 9.8 0

i iClay Shear Strength C  =  N / T  in psf, where  T   is the soil type factor

i                               T   =  8 for most clay                         

i                               T  = 10 for low plasticity or SC        

i                               T  = 12 for peat

LIMESTONE

SPT - N Shear Strength

sat(  = 135 pcf (21.2 kN/m )3

sub(  = 72.6 pcf (11.4 kN/m )3

N = 0 deg

aK  = 1.0

pK  = 1.0

psf kN/m2

10-20 4000 190

20-50 8000 380

50-100 15000 720
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Insitu Rock Testing

The design of rock-socketed drilled shafts is highly dependent on the integrity of the rock core
samples obtained from field investigation.  When sufficient samples are recovered, laboratory tests

tcan be conducted to determine the splitting tensile strength, q , (ASTM D 3967) and the unconfined

u sucompressive strength, q ,(ASTM D 2938).  The shear strength of the shaft/limestone interface, f

t u, is then expressed as a function of q  and q  (McVay et al., 1992).  This value is typically adjusted
by rock quality indicators such as the Rock Quality Designation, RQD, (ASTM D 6032) and/or the
percent recovery, REC.  For example, the State of Florida outlines a method using the percent
recovery to offset the highly variable strength properties of the Florida limestone formation.

su DESIGN su Therein, a design value, (f ) , is expressed as REC * f (Lai, 1999).   These methods work well
in consistent, competent rock but are subject to coring techniques, available equipment, and driller
experience.  Sampling problems are compounded in low quality rock formations as evidenced by
the occurrence of zero RQD and low REC values.

Timed Drilling.  To counter poor quality samples (or no sample at all) some designers with
extensive local experience use timed drilling techniques to estimate rock quality and shaft design
values in addition to, or in lieu of, the previous methods.  With this technique, the driller must record
the time to advance a wash boring through a bearing strata while maintaining a constant “crowd”
pressure, fluid flow, and rotational bit speed. Advance times would typically need to be greater than
2 - 3 minutes per foot to be useful.  Lower advance times are common in weaker soils which are
more effectively tested by Standard Penetration Testing.   Like SPT and CPT, the equipment should
maintain reasonably consistent physical dimensions (i.e. the bit should stay in good working
condition).  Although this method is very simple, it is highly empirical and largely dependent on the
uniformity of the drilling techniques.  Additionally, the designer must have developed a large
enough database (with load test calibration) to design with confidence.  Such databases exist, but
are proprietary and not common knowledge. 

Coring Methods.  When designing from rock core samples it is important to consider the factors
affecting sample retrieval and hence their quality.  The recovered samples can range in diameter
from 0.845" to 6" where larger samples are preferred in soft limestone.  The State of Florida requires
a minimum core diameter of 2.4" but recommends 4".  The drill core samples can be obtained from
three different types of core barrels: single tube, double tube, and triple tube.  The simplest is the
single tube in which the drill core and flushing fluid occupy the same space and consequently can
lead to erosion of low strength or fragmented rock samples.  As a result, this type of core barrel is
not permitted for use with Florida limestone (FDOT, 1999).  
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Figure 7 Double tube core barrel schematic (after Wittke, 1990).

Figure 8 Single tube (left), double tube w/rotating inner tube (center),and double tube w/fixed
inner tube (right), after Wittke, 1990 .

Double tube core barrels differ from single tube by essentially isolating the drill core from the
flushing fluid (see Figure 7).  Simple versions of this type of core barrel use a rotating inner tube
which requires a small fraction ( approx. 10%) of the drilling fluid to circulate around the drill core
to prevent binding and direct contact of the sample with the tube.  Most double tube systems now
use a fixed inner tube which requires no flush fluid around the drill core and thus causes less
disturbance to the sample.  During extraction of the entire barrel assembly, a core trap-ring at the
leading edge of the inner barrel snares the drill core preventing its loss (see Figure 8).  Recovering
the sample from the inner tube without disturbing it is difficult in soft, fragmented, or inter-layered
rock deposits.  Both fixed and rotating inner core barrels are permitted by FDOT but significant
variations in recovery values should be expected.

 The triple tube core barrel, in concept, is essentially the same as the double tube (with the fixed
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inner tube).  It differs in the way the specimen is recovered in that the inner tube is fitted with yet
a third sleeve or split tubes in which the drill core is housed.  The entire sleeve or split tube is
extruded from the inner barrel using a plunger and pressure fitting that pushes directly on the split
tubes.  The extrusion process is similar to that of Shelby tube samples except the sample is not
stressed.  In this manner, the sample is not compressed or shaken loose.  Figures 9-12 show the
components of the triple tube core barrel and sample extruder.

Figure 10 Sample extruder.

Figure 11 Cutting bits used by FDOT District I.

Figure 9 Triple tube core barrel components.
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Further variables affecting core drilling results include: the type of drill bit, the flow rate of the
flushing fluid, the end gap between the inner and outer barrels, the crowd pressure, and the advance
rate through softer inter-layered deposits.  With so many variables controlling sample recovery,
methods of investigating the remaining borehole for the insitu limestone characteristics could have
significant merit.

Insitu Rock Strength Tests.  Direct measurements of the insitu bond/shear strength of the drilled
shaft-to-rock interface can be obtained through small-scale anchor pull-out tests or full-scale load
tests.  Anchor pull-out tests are purported to have produced reasonable correlations with full-scale
results (Bloomquist et al., 1991).  The test method involves simply grouting a high strength post
tensioning rod into a borehole, and measuring the load required to pull the grout plug free (Note:
load is directly applied to the base of the plug to produce compression and the associated Poisson
expansion in the specimen).  Attention must be given to the surface area formed by the volume of
grout actually placed.  This test is an attractive option in that it is relatively inexpensive, requires
minimal equipment mobilization, and can be conducted at numerous locations throughout a site.
However, it has received little attention as a whole and remains comparatively unused.

Design-phase, full-scale, insitu testing of the shaft/limestone interface is by far the surest method
to determine the design parameters of a drilled shaft.  This can be accomplished by several means:
top down static loading, bi-directional static loading, statnamic loading, or drop-hammer dynamic
loading (discussed later).  However, due to the associated costs, only a small fraction of rock sockets
are tested in this fashion, and rarely at the design phase.  Additionally, a single test may not
adequately account for the spatial variability of rock formations without correlation to standard site
investigation methods.   As such, a host of insitu borehole devices have been developed to aid in
estimating soil and rock strength parameters.

Figure 12 HQ3 triple tube cutting tip, “Devil’s Nightmare,” 3.78" O.D.
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Figure 13 Loading scheme of the two types of modulus devices.

Insitu borehole modulus devices are classified into two categories based on their loading apparatus:
(1) rotationally symmetric borehole loading devices, and (2) diametrically arranged lateral loading
plates (Wittke, 1990).  Figure 13 shows the loading scheme of the two conceptual mechanisms.  

Type (1) probes apply load via a rubber diaphragm which is pressurized by either gas or liquid.  In
general, measurements of displacement are made directly when using gas pressure, and indirectly
through change in volume when using fluid pressure.  Table 1 lists Type (1) devices that have been
developed by various manufacturers.

Type (2) probes use two semi-cylindrical thrust plates diametrically aligned to apply loads to the arc
of the borehole.  Measurements of displacement are obtained directly at a minimum of  two locations
along the longitudinal axis of the plates.  Whereas Type (1) devices produce uniformly distributed
radial stresses in the borehole, the stress distribution in Type (2) devices is dependent on the relative

stiffness of the rock and the plate.  Table 2 lists Type (2) devices that have been developed by various
manufacturers.
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Table 1 List of Type (1) Borehole Devices (after Wittke, 1990)

Name
Method of

Measuring

Number of

Measuring

Devices

Max. Applied

m axPressure P

[M N/m ]2

Borehole

Diameter

d[mm]

Test length

l [mm]
l/d

Menard

pressiometer
indirect (ªv) - 10 34-140 502-910 $65

CSM cell indirect (ªv) - 70 38 165 4.3

Janod Mermin

probe
direct (ªd) 3 15 168 770 4.6

Sounding

dilatometer
direct (ªd) 2 4/7.5 200/300 1000/1200 5/4

Comes probe direct (ªd) 3 15 160 1600 10

LNEC dilatometer direct (ªd) 4 15 76 540 7.1

Tube deformeter direct (ªd) 4 4 297 1300 4.4

Prigozhin

pressiometer
direct (ªd) 2 20 46 680 14.8

Atlas dilatometer direct (ªd) 8 10 144 890 6.2

BGR dilatometer direct (ªd) 4 40 86 1000 11.6

Dilatometer 95 direct (ªd) 3 12 100 1000 10

Dilatometer 112 direct (ªd) 3 12 116 1000 8.6

Elastometer 100 direct (ªd) 2 10 62 520 8.4

Elastometer 200 direct (ªd) 3 20 62 520 8.4

Table 2   List of Type (2) Borehole Devices (after Wittke, 1990)

Name

Thrust

plates’ angle

of opening

Max. applied

m axpressure P

[M N/m ]2

Borehole diameter

d [mm]
Test length l [mm] l/d

Geoextensometer 2$ = 143° 34 76 306 4.0

Goodman jack 2$ = 90° 64 74-80 204 2.6-2.8

CSIRO

pressiometer
2$ = 120° 35 76 280 3.7
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Another mechanism (not originally intended for rock) that has interesting features in respect to weak
rock is the Iowa borehole shear device.  The test scheme for this device is a combination of both the
anchor pull-out test and the borehole modulus test.  The device is expanded into the walls of the
borehole and is then pulled to determine the shear strength of the soil.  Typically, several lateral
pressures are investigated (Demartinecourt, 1985).
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Cone Penetration Test

The cone penetration test (CPT) is an invasive soil test that defines soil strata type, soil properties,
and strength parameters.  It is highly repeatable, insensitive to operators, and best suited for
uncemented soils, sands, or clay.  Although this test retrieves no sample for laboratory testing or
visual inspection, it has the capability of producing enormous amounts of physical information based
on correlations with side-by-side tests with other test methods such as SPT.  Further, as the test
provides direct measurements of ultimate end bearing and side shear, it is directly applicable for
design of foundations of all kinds.

The CPT is described in ASTM test number D-3441, entitled “Standard Test Method for Deep,
Quasi-Static, Cone and Friction-Cone Penetration Tests of Soil.”  This is to include cone penetration
type tests that use mechanical or electronic load detection, tip or tip and friction stress delineation,
and those tests where the penetration into the soil is slow and steady in a vertically aligned
orientation.  Those tests conducted with mechanical load detection are typically denoted as Dutch
Cone Tests and those using electronic detection are simply called Cone Penetration Tests.  The term
“quasi-static” refers to a steady rate of penetration where the acceleration is zero, but the velocity of
penetration is constant (1 - 2 cm/sec ± 25%).

The test apparatus consists of a 60 degree conical tip of known cross-sectional area that is thrust into
the soil at a near constant rate.  Behind the cone tip, a friction sleeve of known surface area is also
included that is used to detect the side shear or adhesion between the steel sleeve and the surrounding
soil.  The force required to advance the tip through the soil is divided by the cross-sectional area to

cdetermine the tip stress, q .  Similarly, the force required to advance the friction sleeve is divided by

sthe sleeve surface area to produce the local friction value, f .  The tip area and sleeve area vary from
device to device but the most common areas are 10 cm and 150 cm  , respectively. 2 2

cThe tip area (diameter) can influence the magnitude of the resulting q  value similar to the effects of
foundation diameter on capacity.  This is due to the increased zone of influence beneath the tip as the
cone diameter increases for various devices.  Therefore, in relative uniform soils, the tip diameter has
little effect.  In layered or more heterogeneous strata, a smaller tip diameter will better register the
minute changes in soil type and strength.  Larger diameter cones physically average the effects of thin
layers.  Figure 14 shows two different-sized cone tip and sleeve assemblies.

Figure 14 Two cone tip and sleeve assemblies of different sizes.
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Another feature that CPT equipment usually incorporate is the capability of monitoring the pore
water pressure while advancing the cone/sleeve assembly.  There can be a significant amount of
excess pore pressure developed by forcing the volume of the cone into a somewhat fixed volume of
a poorly draining material.  In contrast, in dense fine-grained soils, the cavity expansion can cause
a decrease pore pressure.  The assemblies shown in Figure 14have a pressure transducer within the
tip body that registers the pore pressure directly behind the tip (between the tip and sleeve).  This
information can be used to convert the total stress registered by the tip to effective stress similar to
a consolidated undrained triaxial compression test.  When pore pressure measurements are taken the
test is denoted as CPTU.  Smaller cones tend to induce less cavity expansion and therefore less
effects on total stress.

The thrust required to advance the cone assembly is dependent on the strength of the soil as well as
the size of the tip.  Given the disparity between the cone sizes in Figure 14, it is not surprising that
the size of the equipment required to advance these cones is also disparate.   Figure 15 shows the
associated truck mounted CPT rigs that use these devices.  The larger diameter cone requires a 20
ton thrust mechanism and can reach depths of 100 meters; the mini-cone requires about 1/5 the thrust
and can be mounted on the front of a standard truck or utility vehicle.  Mini-CPTs are limited to a
practical maximum depth 20 meters. 

The thrust mechanisms also vary between the two systems in Figure 15.  The standard CPT system
uses 1 meter segmental rods to advance the cone tip/sleeve assembly.  The thrusting ram is designed
to grip, thrust downward 1 meter, release and stroke upward 1 meter, re-grip and repeat.  At a
penetration rate of 2 cm / sec, the process progresses at an average advance rate of 1 cm / sec to
account for the re-gripping.  An average sounding to 30 meters should take on the order of 1.5 - 2
hours (in and out).  A SPT to a similar depth could take multiple days.  The mini-cone uses a more
time efficient method of advancing the cone.  It uses a contiguous length of mild stainless steel tubing
(10 - 20 meters long) that is continuously feed at a constant rate without having to re-stroke and re-
grip.  Therein, the tubing is straightened from a large diameter coil as it is continuously gripped by
side-by-side opposing chains specially designed to mate to the coil diameter.  Figure 16 shows both
thrust mechanisms.

Figure 15 Standard 20 ton cone truck (left); 4 ton mini-cone vehicle (right).
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The data collection during cone penetration testing is typically taken at 5 cm intervals but can be
taken as frequent as permitted by the data acquisition system.  This gives a virtually continuous
sounding of tip and sleeve stresses.  As both of these devices use strain gage based load cells, the
instrumentation leads are routed through the center of the thrusting rod / tube. The data are processed
to produce the soil type as well as other parameters in real time.  The basis for the data regression is
based on correlations developed by Robertson and Campanella, (1983). Although many correlations
exist, the most significant uses a calculated parameter that defines the ratio of measured side to the

fmeasured tip stress.  This ratio is defined as the friction ratio, R .  To aid in classifying various soils,

ctwelve soil types were defined that could be readily identified given the cone bearing stress, q , and

fthe friction ration, R .  Figure 17 shows the classification chart used to identify soils from CPT data.
Further, correlations from CPT to SPT test data were developed to elevate the comfort of designers

cmore familiar with SPT data.  Therein, the q /N ratio was defined for each of the twelve soil types
(also shown in Figure CPT 7).

Figure 16 Twin 10 ton rams used to thrust standard cone rod (left);
continuous feed chain drive used to thrust mini cone (right).
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Figure 17 CPT data correlated to soil type and equivalent SPT-N (after Robertson and
Campanella, 1983).
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Quality Assurance Test Methods

The construction of foundation is plagued with unknowns associated with the integrity of the as-built
structure.  This is particularly problematic with deep foundations that are installed without visual
certainty of the actual conditions or configuration.  This section will discuss several methods used
to raise the confidence of the design with regards to concrete quality or capacity verification.

Shaft Inspection Device (SID)

The inspection device is a visual inspection system for evaluating bottom cleanliness of drilled shaft
excavations. A special video camera contained in a weighted, trapped-air bell housing is lowered into
the shaft excavation prior to concreting to record the condition of the bottom. This is particularly
helpful in slurry excavations where quality assurance is difficult to maintain.  The bell housing is
outfitted with gages in clear sight of the video camera that are capable of registering the thickness
of accumulated debris or sediment at the shaft excavation. The system is capable of testing shafts
with depths in excess of 200 feet.  Several generations of this device exist that range in size from less
than a foot in diameter to over 3 feet in diameter.  The inspection is viewed in realtime on a color
video monitor and recorded on a standard VHS tape. Voice annotations are recorded simultaneously
during the inspection process similar to standard camcorders.

Crosshole Sonic Logging (CSL)

Crosshole sonic logging is a geophysical test method used to determine the compression wave
velocity between two parallel, water-filled tubes or slurry filled boreholes.  By using two geophones
(one emitting and one receiving) the sound wave arrival times can be logged at various depths within

Figure 18 Miniature shaft inspection device (Courtesy of Applied
Foundation Testing, Inc.)
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the tubes.  From this information the insitu properties of the materials between the tubes can be
inferred thus identifying various strata.  More recently, this test has become a non-destructive method
for evaluating the quality of newly placed drilled shaft concrete.  Therein, the arrival times are
measured between logging tubes attached peripherally to the reinforcing cage allowing concrete
quality between the tubes to be assessed.  As only the concrete in a direct line between the tubes can
be tested, multiple access tubes can be installed.  Typically, one tube for every foot of diameter is
required to satisfactorily survey a representative portion of the shaft concrete.  Data is viewed in the
field on a special data acquisition system.

Shaft Integrity Test (SIT) or Pile Integrity Test (PIT)

The shaft/pile integrity test is an impact echo test that uses the reflections of anomalous cross
sectional shaft or pile dimensions to determine the quality of a drilled shaft, auger-cast-in-situ or
driven pile.  The reflected sound waves from within the concrete are plotted as a function of arrival
times which can then be correlated to the depth from which the reflection emanated. Figures SIT-1
and 2 shows the equipment used to conduct the test as well as the outputted results.  

This test is well-suited for determining the depth of the foundation as well as the depth to anomalous
features.  However, it can not determine the magnitude of anomalous features, it requires access to
the pile top to minimize confounding signals, and it is generally limited to depths on the order of 50
times the pile diameter.

Figure 19 Cross-hole sonic logging of 4 ft diameter shaft
(Courtesy of Applied Foundation Testing, Inc.).
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Pile Driving Analyzer (PDA)

During pile driving, the stresses and accelerations imparted to the pile can be monitored and recorded
to assess the quality of the installation.  Although this information is also used to ascertain the load
carrying capability of the pile, the quality assurance associated with type of equipment is perhaps its
greatest contribution.  Therein, the tensile and compressive stresses in piles can be monitored via
strain gage instrumentation to prevent unnecessary damage while adjusting pile driving hammer
energy to maximize production rates.  The movement is also monitored using integrated
accelerometer data.  Figure 22 shows the instrumentation and its position during pile driving.

Figure 20 Equipment used for sonic echo test (left), impact hammer struck on shaft head (right). 
(Courtesy of Applied Foundation Testing, Inc.)

Figure 21 Sonic echos from three consecutive hammer impacts.
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Figure 22 Strain gages and accelerometers attached to pile during pile driving.
 (Courtesy of Applied Foundation Testing, Inc.)

Figure 23 Field data showing pile driving performance (Courtesy of Applied Foundation
Testing, Inc.).
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Post Grout Test

The post grout test is a bi-product of an end bearing enhancement technique used during the
construction of drilled shafts.  This test is relatively simple in concept yet confirms the performance
of every grouted shaft up to a lower limit of shaft capacity.  During the process of tip grouting, the
upward displacement, grout pressure, and grout volume are recorded.  This information provides the
design engineer the response of the shaft to loading.  Therein, the side shear as well as the end
bearing of the shaft are verified up to the level of the applied grout pressure.  The product of the grout
pressure and tip area produce the tip load; this preloading is afforded by an equivalent reaction from
the side shear component.  Therefore, the proven capacity of the shaft is established as twice the tip
load.  The upper limit of capacity can be shown to be on the order of 2 to 3 times the proven capacity
when verified by downward load testing.  The design of post grouted shafts is discussed in a later
chapter.  Figure PG1-2 show the standard field data obtained from every grouted shaft.  Figure PG3
shows the performance for each of 76 shafts grouted on a bridge project in West Palm Beach, Florida.

Figure 24 Field data used to confirm shaft performance.
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Figure 25 The displacement observed for every shaft on a project at design pressure.
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Load Testing

Load testing is considered to be the best measure of foundation suitability to resist anticipated design
loads.  These tests involve the application of a load capable of displacing the foundation and
determining its capacity from its response.  Various approaches have been devised to obtain this
information.  When comparing these approaches, they can be sorted from simplest to most complex
in the following order: static load test, rapid load test, and the dynamic load test.  These categories
can be delineated by comparing the  duration of the loading event with respect to the axial natural
period of the foundation (2L/C), where L represents the foundation length and C represents the strain
wave velocity.  Test durations longer than 1000 L/C are considered static loadings and those shorter
than 10 L/C are consider dynamic (Janes et al., 2000; Kusakabe et.al, 2000).  Tests with a duration
between 10L/C and 1000 L/C are denoted as rapid load tests.  The static and rapid load test will be
discussed in this chapter.  The dynamic load test is discussed in the pile driving and analysis chapter.

Static Load Test

Static load testing encompasses all test methods that systematically apply an increasing load to a
foundation in multiple loading increments at such a rate so as to produce no dynamic movements as
stated above.  These tests include many applications (i.e. deep foundations or shallow foundations,
tension or compression loads) with numerous loading configurations.  With regard to full-scale insitu
load tests, several test procedures are most prominent: plate load test (ASTM D 1195), pile load test
in compression (ASTM D 1143), pile load test in tension (ASTM D 3689), and the Osterberg load
test.

Kentledge Load Test.  The load from structures to the foundations can be compression (downward),
tension (upward), or lateral (sideways).  The downward load carrying resistance of a foundation
encompasses most of the load conditions considered.  In order to replicate these often enormous
loads, several methodologies have been devised.  The simplest form of a load test is the dead load
or Kentledge method.  This requires that the full test load be supplied in the form of dead weight
stacked above the foundation on some framework.  The framework must be capable of supporting
the entire load at a single location where a hydraulic ram / jack can progressively transfer the load
to the top of the foundation (Figure 26).  This type of test accurately predicts the foundation response
at full Kentledge load, but over estimates the stiffness of the foundation at lower loads due to the
presence of the dead load overburden pressure applied to the ground surface. The practical upper
limit of these tests is approximately 400 tons although physical site constraints may extend or restrict
this limit drastically.  Further, these tests are the most expensive and time consuming to perform from
the standpoint of setup requirements. As with all static load tests, these tests are typically run in
compliance with ASTM D-1143 or similar standard.

Anchored Load Tests.  Static load tests with anchored reaction systems are the most common of the
static load tests.  These tests supply the full load to the foundation via a series of tension anchors (or
adjacent deep foundations) in conjunction with a beam or truss (Figure 27).  The beam must resist
the load applied to the foundation by transferring it the reaction anchors which are preferably no
closer than 5 diameters of the foundation (center to center spacing).   The reaction anchors must not
displace significantly while developing the required load.  Excessive upward movement from these
anchors can alter the stress field surrounding the foundation being tested and decrease the resultant
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ultimate capacity.  Due to the constraints in designing such a reaction system, rarely does an anchored
static load test exceed 1500 tons.  However, anchored tests as large as 3500 tons are commonplace
in some parts of the world.

The analysis of static load testing requires no more than plotting the load versus displacement
response.  As every foundation application can have a unique failure criteria, the design engineer
must decide at what displacement the foundation capacity should be determined.  In some instances
this is based on a given fraction of ultimate load.  In other cases, it may be based upon the some
displacement offset method such as the Davisson Method or the FHWA method. With LRFD-type
approaches, a fraction of the ultimate capacity is compared to the factored design load in a strength
limit state, and displacement is considered separately in a service limit state.  Figure 28 shows
typical static load test results and three common approaches to determining capacity (a) a maximum
permissible displacement usually set by structural sensitivity, (b) displacement offset method, and
(c) the load at which additional displacement is obtained without increase in load.

Figure 26 Kentledge load test setup; 400 ton (Courtesy of Bermingham Construction, Ltd).
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Figure 27 Static load test using 8, H-type reaction piles; 1200 ton.

Figure 28 Static load test results showing 3 different failure criteria capacities (a) a 10mm
permissible disp, (b) offset method, and (c) ultimate capacity.
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Bidirectional Static Load Test.  The Osterberg Cell (O-cell ) Test provides a simple, efficient and®

economical method of performing a static load test on a deep foundation.  The O-cell is a sacrificial
jack which the Engineer installs at the bottom of a pile or drilled shaft. It provides a static load and
requires no overhead load frame or other external reaction system (Figure 29). The O-cell is easily
installed in drilled shafts using common construction equipment and is attached to the tip of a driven
pile before driving. 

Installation methods on a drilled shaft can vary, but the following procedures are typical. An O-
cell or O-cells are attached to a top and bottom steel plate, which is then placed near or at the
bottom of a shaft as part of the reinforcing cage or carrying frame (Figure 30). Strain gage
instruments are also attached to the assembly and all wires are channeled to the surface via the
cage or beam. The complete assembly is then lifted and set into the open shaft prior to the
concreting process. In the case of multi-level O-cell assemblies, or placement of the O-cell off the
bottom of the shaft, a tremie pipe is fed through a prefabricated hole in the steel plates to ensure
proper cementation below the O-cells.

Figure 29  Section view of the bidirectional loading scheme of an O Cell
(Courtesy of LoadTest, Inc).
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Once the concrete has reached required strength the O-cell is pressurized. The O-cell uses the soil
system for reaction, eliminating the need for overhead or external reaction systems. The O-cell is
expanded until the expansion force is some desired proof multiple of the design loading, or one
of the two components, side friction or end bearing, reaches some defined failure condition, or the
cell reaches its maximum expansion. 

Depending on the shaft diameter, O-cells can be grouped together on a single plane to increase the
effective load. Testing is typically performed following the ASTM Quick Test Method D1143
(ASTM, 1993). Instrumentation used to measure load and deflection is similar to instrumentation
used for conventional load tests. At the completion of the test the cell can be filled with grout to
reestablish its integrity and permit the test shaft or pile to become a production shaft or pile.

The O-cell loads the test pile in compression similar to a conventional static load test. Data from
an O-cell test is therefore analyzed much the same way as conventional static test data. The only
significant difference is that the O-cell provides two load-versus-movement curves, one for shaft

Figure 30  O Cell and cage lifted for installation
(Courtesy of LoadTest, Inc.).
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resistance and one for toe resistance (Figure 31). The failure load for each component may be
determined from these curves using a failure criteria similar to that recommended for conventional
load tests. To determine the shaft resistance capacity, the buoyant weight of the pile should be
subtracted from the upward O-cell load. Analysis for the toe resistance should not include elastic
deformation since the load is applied directly.

The engineer may further utilize the component curves to construct an equivalent pile head load-
deflection curve and investigate the overall pile capacity. If the pile is then assumed rigid, the pile
head and toe move together and have the same deflection at this load. By adding the shaft
resistance to the mobilized toe resistance at the chosen deflection, a single point on the equivalent
pile head load curve is determined. Additional points may then be calculated to develop the curve
up to the maximum deflection (or maximum extrapolated deflection) of the component that did
not fail. Points beyond the maximum deflection of the non-failing component may also be
obtained by conservatively assuming that at greater deflections if remains constant at the
maximum applied load. 

An O-cell test can be performed on types of shafts and piles, including; pre-cast, open-ended pipe
piles, mandrel driven piles, and has been used on large diameter drilled shafts. O-cells can be used
to test deep foundations over water or confined areas because the O-cell test does not require an
overhead reaction system. An O-cell test may be applied in many situations due to the systems
flexibility, e.g. placement of the O-cell within the shaft may be altered, or additional layers of O-
cells may be used to isolate significant soil zones. 

Figure 31  Typical output showing upward and downward foundation response.
(Courtesy of Load Test, Inc.)
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Rapid Load Test

Since its inception in1988, the inertia loading technology called Statnamic testing has gained
popularity with many designers largely due to its time efficiency, cost effectiveness, data quality,
and flexibility in testing existing foundations.  Where large capacity static tests may take up to a
week to set up and conduct, the largest of Statnamic tests (3500 tons) typically takes no more than
a few days.  Further, multiple smaller-capacity tests (up to 2000 tons) can easily be completed
within a day.  The direct benefit of this time efficiency is the cost savings to the client and the
ability to conduct more tests within a given budget.  Additionally, this test method has boosted
quality assurance by giving the contractor the ability to test foundations thought to have been
compromised by construction difficulties without significantly affecting production and without
requiring previous planning for its testing.

Statnamic testing is designated as a rapid load test that uses the inertia of a relatively small
reaction mass instead of a reaction structure to produce large forces.   The duration of the
Statnamic test is typically 100 to 120 milliseconds, but is dependant on the ratio of the applied
force to the weight of the reaction mass.  Longer duration tests of up to 500 milliseconds are
possible but require more reaction mass. 

The Statnamic force is produced by quickly-formed high pressure gases that in turn launch a
reaction mass upward at up to twenty times the acceleration of gravity.  The equal and opposite
force exerted on the foundation is simply the product of the mass and acceleration of the reaction
mass.  It should be noted that the acceleration of the reaction mass is not significant in the analysis
of the foundation; it is simply a by-product of the test.  Secondly, the load produced is not an
impact in that the mass is in contact prior to the test.  Further, the test is over long before the
masses reach the top of their flight.  The parameters of interest are only those associated with the
movement of the foundation (i.e. force, displacement, and acceleration).  Figure 32 shows the
setup for both an axial compression and lateral statnamic test setup.

Figure 32 Axial statnamic test setup (left), lateral statnamic test in progress (right).
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(1)

Analysis Procedures.  Typical analysis of Statnamic data relies on measured values of force,
displacement and acceleration.  A soil model is not required, hence, the results are not highly user
dependent. The Statnamic forcing event induces foundation motion in a relatively short period of
time and hence acceleration and velocities will be present.  The accelerations are typically small(1-
2 g’s), however the enormous mass of the foundation when accelerated resists movement due to
inertia and as such the fundamental equation of motion applies, Equation 1. 

where, F = forcing event
m = mass of the foundation
a = acceleration of the displacing body
v = velocity of the displacing body
c = viscous damping coefficient
k = spring constant of the displacing system
x = displacement of the body

The equation of motion is generally described using four terms: forcing, inertial, viscous damping,
and stiffness.  The forcing term (F) denotes the load application which varies with time and is
equated to the sum of remaining three terms.  The inertial term (ma) is the force which is
generated from the tendency of a body to resist motion, or to keep moving once it is set in motion
(Young, 1992). The viscous damping term (cv) is best described as the velocity dependant
resistance to movement.  The final term (kx), represents the classic system stiffness, which is the
static soil resistance.

When this equation is applied to a pile/soil system the terms can be redefined to more accurately
describe the system.  This is done by including both measured and calculated terms. The revised
equation is displayed below:

Statnamicwhere, F  is the measured Statnamic force, m is the calculated mass of the foundation, a is
the measured acceleration of the foundation, c is the viscous damping coefficient , v is the

staticcalculated velocity, and F  is the derived pile/soil static response.

staticThere are two unknowns in the revised equation F  and c, thus the equation is under specified.

staticF  is the desired value, so the variable c must be obtained to solve the equation.  Middendorp
(1992) presented a method to calculate the damping coefficient referred to as the Unloading Point
Method (UP). With the value of c known, the static force can be calculated.  This force, termed
“Derived Static,” represents an equivalent soil response similar to that produced by a traditional
static load test.

Unloading Point Method.  The UP is a simple method by which the damping coefficient can be
determined from the measured Statnamic data. It uses a simple single degree of freedom model
to represent the foundation/soil system as a rigid body supported by a non-linear spring and a

Staticlinear dashpot in parallel (see Figure 32).  The spring represents the static soil response (F )

(2)
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which includes the elastic response of the foundation as well as the foundation/soil interface and
surrounding soil response.  The dashpot is used to represent the dynamic resistance which depends
on the rate of pile penetration (Nishimura, 1995).
 

The UP makes two primary assumptions in its determination of “c.”  The first is the static capacity
of the pile is constant when it plunges as a rigid body.  The second is that the damping coefficient
is constant throughout the test.  By doing so a time window is defined in which to calculate the
damping coefficient as shown in Figure 33.  This figure shows a typical Statnamic load-
displacement curve which denotes points (1) and (2). 

The first point of interest (1) is that of maximum Statnamic Force. At this point the static
resistance is assumed to have become steady state, for the purpose of calculating “c”.  Thus, any
extra resistance is attributed to that of the dynamic forces (ma and cv).  The next point of interest
(2) is that of zero velocity which has been termed the “Unloading Point.”  At this point the

Figure 34  UP time window for c determination.

Figure 33  Single D.O.F. Model
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(3)

foundation is no longer moving and the resistance due to damping is zero.  The static resistance,
used to calculate “c” from point (1) to (2), can then be calculated by the following equation:

Statnamic Static UPWhere, F , m, and a are all known parameters; F  is the static force calculated at (2) and
assumed constant from (1) to (2).

Next, the damping coefficient can be calculated throughout this range, from maximum force (1)
to zero velocity (2). The following equation is used to calculate c:

Damping values over this range should be fairly constant.  Often the average value is taken as the
damping constant, but if a constant value occurs over a long period of time it should be used (see
Figure 34).  

Note that as v approaches zero at point (2), values of c can be different from that of the most
representative value and therefore the entire trend should be reviewed.  Finally the derived static
response can be calculated as follows:

Currently software is available to the public that can be used in conjunction with Statnamic test
data to calculate the derived static pile capacity using the UP Method (Garbin, 1999).  This
software was developed by the University of South Florida and the Federal Highway

Figure 35 Variation in c between times (1) and (2).

(5)

(4)
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Administration and can be downloaded from www.eng.usf.edu/ gmullins under the Statnamic~

Analysis Workbook (SAW™) heading. 

The UP has proven to be a valuable tool in predicting damping values when the foundation acts
as a rigid body.  However, as the pile length increases an appreciable delay can be introduced
between the movement of the pile top and toe, hence negating the rigid body assumption.  This
occurrence also becomes prevalent when an end bearing condition exists; in this case the lower
portion of the foundation is prevented from moving jointly with the top of the foundation. 

wMiddendorp (1995) defines the “Wave Number” (N ) to quantify the applicability of the UP.  The
wave number is calculated by dividing the wave length (D) by the foundation depth (L).  D is
obtained by multiplying the wave speed c in length per second by the load duration (T) in seconds.
Thus, the wave number is calculated by the following equation:

Through empirical studies Middendorp determined that the UP would predict accurately the static
capacity from Statnamic data, if the wave number was greater than 12.  Nishimura (1995)
established a similar threshold at a wave number of 10.  Using wave speeds of 5000 m/s and 4000
m/s for steel and concrete respectively and a typical Statnamic load duration, the UP is limited to
piles shorter than 50 m (steel) and 40 m (concrete).  Wave number analysis can be used to
determine if stress waves will develop in the pile.  However, this does not necessarily satisfy the
rigid body requirement of the UP.   

Statnamic tests cannot always produce wave numbers greater than 10, and as such there have been
several methods suggested to accommodate stress wave phenomena in Statnamically tested long
piles (Middendorp, 1995).  Due to limitations on paper length these methods are not presented.
  

Modified Unloading Point Method.  Given the limitations of the UP, users of Statnamic testing
have developed a remedy for the problematic condition that arises most commonly.  The scenario

winvolves relatively short piles (N >10) that do not exhibit rigid body motion, but rather elastically
shorten within the same magnitude as the permanent set.  This is typical of rock-socketed drilled
shafts or piles driven to dense bearing strata that are not fully mobilized during testing.  The
consequence is that the top of pile response (i.e. acceleration, velocity, and displacement) is
significantly different from that of the toe.  The most drastic subset of these test results show zero
movement at the toe while the top of pile elastically displaces in excess of the surficial yield limit
(e.g. upwards of 25 mm).  Whereas with plunging piles (rigid body motion) the difference in
movement (top to toe) is minimal and the average acceleration is essentially the same as the top
of pile acceleration; tip restrained piles will exhibit an inertial term that is twice as large when
using top of pile movement measurements to represent the entire pile.

The Modified Unloading Point Method (MUP), developed by Justason (1997), makes use of an
additional toe accelerometer that measures the toe response.  The entire pile is still assumed to be
a single mass, m, but the acceleration of the mass is now defined by the average of the top and toe
movements.  A standard UP is then conducted using the applied top of pile Statnamic force and

(6)
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Figure 36  Segmental Free Body Diagram

the average accelerations and velocities.  The derived static force is then plotted versus the top of
pile displacement as before.  This simple extension of the UP has successfully overcome most
problematic data sets.  Plunging piles instrumented with both top and toe accelerometers have
shown little analytical difference between the UP and the MUP.  However, MUP analyses are now
recommended whenever both top and toe information is available.

Although the MUP provided a more refined approach to some of the problems associated with UP
conditions, there still exists a scenario where it is difficult to interpret Statnamic data  with present
methods.  This is when the wave number is less than ten (relatively long piles).  In these cases the
pile may still only experience compression (no tension waves) but the delay between top and toe
movements causes a phase lag.  Hence an average of top and toe movements does not adequately
represent the pile.  

SUP Method.  The fundamental concept of the Segmental Unloading Point (SUP) method is that
the acceleration, velocity, displacement, and force from each segment of a pile can be determined
using strain gage measurements along the length of the pile (Mullins, et al., 2002).  Individual pile
segment displacements are determined using the relative displacement as calculated from strain
gage measurements and an upper or lower measured displacement.  The velocity and acceleration
of each segment are then determined by numerically differentiating displacement then velocity
with respect to time.  The segmental forces are determined by calculating the difference in force
from two strain gage levels.

Typically the maximum number of segments is dependent on the available number of strain gage
layers.  However, strain gage placement does not necessitate assignment of segmental boundaries;
as long as the wave number of a given segment is greater than 10, the segment can include several
strain gage levels within its boundaries.  The number and the elevation of strain gage levels are
usually determined based on soil stratification; as such, it can be useful to conduct an individual
segmental analysis to produce the shear strength parameters for each soil strata.  A reasonable
upper limit on the number of segments should be adopted because of the large number of
mathematical computations required to complete each analysis.  Figure 36 is a sketch of the SUP
pile discretization. 
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The notation used for the general SUP case defines the pile as having m levels of strain gages and
m+1 segments.  Strain gage locations are labeled using positive integers starting from 1 and
continuing through m.   The first gage level below the top of the foundation is denoted as GL1

where the superscript defines the gage level.  Although there are no strain gages at the top of
foundation,this elevation is denoted as GL .  Segments are numbered using positive integers from0

1 to m+1, where segment 1 is bounded by the top of foundation (GL ) and GL .  Any general0 1

segment is denoted as segment n and lies between GL  and GL .  Finally, the bottom segment isn-1 n

denoted as segment m+1 and lies between GL  and the foundation toe.m

Calculation Of Segmental Motion Parameters.  The SUP analysis defines average acceleration,
velocity, and displacement traces that are specific to each segment.  In doing so, strain
measurements from the top and bottom of each segment and a boundary displacement are
required.  Boundary displacement may come from the Statnamic laser reference system (top), top
of pile acceleration data, or from embedded toe accelerometer data.  

The displacement is calculated at each gage level using the change in recorded strain with respect
to an initial time zero using Equation 7.  Because a linearly-varying strain distribution is assumed
between gage levels, the average strain is used to calculate the elastic shortening in each segment.

Level displacements

where

 n     x  =  the displacement at the nth gage level

average seg n  ),  =  the average change in strain in segment n

seg n  L  =  the length of the nth segment

To perform an unloading point analysis, only the top-of-segment motion needs to be defined.
However, the MUP analysis, which is now recommended, requires both top and bottom
parameters.  The SUP lends itself naturally to providing this information.  Therefore, the average
segment movement is used rather than the top-of-segment; hence, the SUP actually performs
multiple MUP analyses rather than standard UP.  The segmental displacement is then determined
using the average of the gage level displacements from each end of the segment as shown in the
following equation:

seg nwhere x  is the average displacement consistent with that of the segment centroid.

The velocity and acceleration, as required for MUP, are then determined from the average
displacement trace through numerical differentiation using Equations 9 and 10, respectively:

(8)

(7)

(9)

(10)
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nwhere v = the velocity of segment n

na = the acceleration of segment n
)t = the time step from time t to t+1 

It should be noted that all measured values of laser displacement, strain, and force are time
dependent parameters that are field recorded using high speed data acquisition computers. Hence
the time step, )t, used to calculate velocity and acceleration is a uniform value that can be as small
as 0.0002 seconds.  Therefore, some consideration should be given when selecting the time step
to be used for numerical differentiation.

The average motion parameters (x, v, and a) for segment m+1 can not be ascertained from
measured data, but the displacement at GL  can be differentiated directly providing the velocitym

and acceleration.  Therefore, the toe segment is evaluated using the standard UP.  These segments
typically are extremely short (1 - 2 m) producing little to no differential movement along its
length.

Segmental Statnamic and Derived Static Forces.  Each segment in the shaft is subjected to a
forcing event which causes movement and reaction forces.  This segmental force is calculated by
subtracting the force at the top of the segment from the force at the bottom.  The difference is due
to side friction, inertia, and damping for all segments except the bottom segment.  This segment
has only one forcing function from GL  and the side friction is coupled with the tip bearingm

component.  The force on segment n is defined as:

nwhere S = the applied segment force from strain measurements

nE = the composite elastic modulus at level n

nA = the cross sectional area at level n

n, = the measured strain at level n

Once the motion and forces are defined along the length of the pile, an unloading point analysis
on each segment is conducted.  The segment force defined above is now used in place of the
Statnamic force in Equation 2.  Equation 12 redefines the fundamental equation of motion for a
segment analysis:

n Staticwhere, S =  the derive static response of segment n

 nm =  the calculated mass of segment n

 nc =  the damping constant of segment n

The damping constant (in Equation 13) and the derived static response (Equation 14) of the
segment are computed  consistent with standard UP analyses:

(11)

(12)

(13)
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Finally the top-of-foundation derived static response can be calculated by summing the derived
static response of the individual segments as displayed in the following equation:

Software capable of performing SUP analyses (SUPERSAW™) has been developed at the
University of South Florida in cooperation with the Federal Highway Administration (Winters,
2002). It can be downloaded from www.eng.usf.edu/ gmullins under the Statnamic Analysis~

Software heading.

(14)

(15)
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Drilled Shafts Mullins1

Drilled Shafts

Introduction

Drilled shafts are deep, cylindrical, cast-in-place concrete foundat ions poured in and formed by a
bored (i.e. “drilled”) excavation.  They can range from 2 to 30 feet in diameter and can be over 300
feet in length.  The term drilled shaft is synonymous with cast-in-situ piles, bored piles, rotary bored
cast-in-situ piles, or simply shafts.  Although once considered a specialty foundation for urban settings
where vibrations could not be tolerated or where shallow foundations could not develop sufficient
capacity, their use as structural support has recently increased due to heightened lateral strength
requirements for bridge foundations and the ability of drilled shafts to resist such loads. They are
particularly advantageous where enormous lateral loads from extreme event limit states govern bridge
foundation design (i.e. vessel impact loads).  Further, relatively new developments in design and
construction methods of shafts have provided considerably more economy to their use in all settings
(discussed in an ensuing section on post grouting drilled shafts).  Additional applications include
providing foundations for high mast lighting, cantilevered signs, cellular phone and communication
towers.  In many instances, a single drilled shaft can replace a cluster of piles eliminating the need
(and cost) for a pile cap.  

With respect to both axial and lateral design procedures for water crossing bridges, all foundation
types and their respective designs are additionally impacted by scour depth predictions based on 50
or 100 year storm events.  Scour is the removal or erosion of soil from around piles, shafts, or
shallow footings caused by high velocity stream flows.  It is particularly aggravated by constricted
flow caused by the presence of numerous bridge piers.  The scour-mandated additional foundation
depth dramatically changes driven pile construction where piles can not be driven deep enough
without over stressing the piles or without pre-drilling dense surficial layers.  Similarly, the increased
unsupported length and slenderness ratio associated with the loss of supporting soil can affect the
structural stability of the relatively slender pile elements.  In contrast, drilled shaft construction is
relatively unaffected by scour depth requirements and the tremendous lateral stiffness has won the
appeal of many designers.  

Construction Considerations

The design methods for drilled shafts presented in this chapter are largely based on empirical
correlations developed between soil boring data and measured shaft response to full-scale load tests.
In that the database of test cases used to develop these correlations included many different types of
construction, these methods can be thought  to address construction practices.   In reality, most of the
design methodologies are extremely conservative for some types of construction and only mildly
conservative for others.  The construction of drilled shafts is not  a trivial procedure.  Maintaining the
stability of the excavation prior to and during concrete placement is imperative to assure a structurally
sound shaft.  Various methods of construction have been adopted to address site-specific conditions
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(e.g. dry or wet drilling; slurry type; cased or uncased; tremie placed or free fall concrete).  All of
these approaches as well as the fresh properties of the concrete can affect the load carrying capability
of the finished shaft.  It is important that the design engineer be familiar with drilled shaft construction
methods and can assure that good construction practices are being used.

Dry / Wet Construction.  Dry construction can only be performed in soil formations that are
inherently stable when cut (e.g. clay or rock) and where ground water is not  present.  Any intrusion
of ground water into the excavation can degrade the structure of the surrounding soil and hence
reduce the capacity of the shaft .  In situations where the ground water is present and likely to intrude,
some form of wet construction should be used.  Wet construction implies that a slurry is placed in the
excavation that is capable of maintaining a net positive pressure against (or flow into) the walls of the
excavation. The slurry can be mineral, synthetic, or natural.  

Mineral slurries consist of a bentonite or attapulgite clay premixed with water to produce a stable
suspension.  As mineral slurries are slightly more dense than water, a 4 - 6 ft head differential above
the ground water should be maintained at all times during introduction and extraction of the drilling
tool.  This head differential initially causes a lateral flow into the surrounding soil which is quickly
slowed by the formation of a bentonite (or at tapulgite) filter cake.  Soil part icles can be easily
suspended in this slurry type for extended periods of time allowing concrete placement to be
conducted without significant amounts of debris accumulation.  However, no more than 4% slurry
sand content is permitted in most States at the time of concreting. 

Synthetic slurries consist of a mixture of polymers and water that form a syrupy solution.  A 6 - 8 ft
head differential should be maintained at all times during the introduction and extraction of the drilling
tool when using a synthetic slurry.  This head differential also causes lateral flow into the surrounding
soils, but a filter cake is not formed.  Rather, the long strings of the polymer stabilize the excavation
walls by clinging to the soil as they flow into the soil matrix.  As such, the flow remains relatively
uniform and generally will not slow.  The soil typically falls out of suspension relatively quickly when
using synthetic slurries which permits debris to be removed from the bottom in a timely fashion.  

Natural slurries are nothing more than readily assessable water (ground water, lake water, or salt
water).  An 8 - 10 ft  head differential should be maintained at all times during introduction and
extraction of the drilling tool when using a natural slurry.  This head differential causes a lateral flow
into the surrounding soil which is fast enough to induce outward lateral stress sufficient to maintain
the excavation stability.  Although it is possible to use this method in granular soils, it is not
recommended nor is it permitted by most State agencies.  Slight pressure differentials induced by tool
extraction can cause local excavat ion wall instabilities.  As such, this method is most commonly used
when excavating clay or rock where the ground water is likely to be present.  The above slurry types
and the time the slurry is left in an excavation can affect the capacity of the finished shaft (Brown,
2000).  To minimize these effects, local specifications have been imposed largely based on past
performance in similar soils (FDOT,2002).

Casing.  Wall stability can also be maintained by using either partial or full length casing.  A casing
is a relatively thin walled steel pipe that is slightly larger in diameter than the drilling tool.  It can be
driven, vibrated, jetted, or oscillated (rotated) into position prior to excavation.  The purpose of the
casing is to provide stability to weak soils where slurries are ineffective or to bring the top of shaft
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elevation to a level higher than the surface of free standing bodies of water.  When stabilizing weak
soils the casing is often temporary being removed after concreting.  Shafts constructed over water
must use permanent casing that can be removed after the concrete has fully cured.  The method of
installing and removing temporary casings can also affect  the capacity of the finished shaft.
Oscillation removal can increase side shear over vibrated or direct extraction methods.  Quickly
extracted casings can induce necking due to low pressure developed at the base of the extracted
casing. 

With the exception of full length temporary casing methods, the practical upper limit of shaft length
is on the order of 30D (i.e. 90 ft for 3ft diameter shafts) but can be as much as 50D in extraordinary
circumstances using special excavation methods.

Concreting and Mix Design.  Drilled shaft concrete is relatively fluid concrete that should be tremie
placed (or pumped to the base of the excavation) when using any form of wet construction to
eliminate the possibility of segregation of fine and coarse aggregate and/or mixing with the insitu
slurry.  A tremie is a long pipe typically  8 - 12 inches in diameter used to take the concrete to the
bottom of the excavation without being altered by the slurry (i.e. mixing or aggregate segregation).
Prior to concreting, some form of isolation plug should be placed in-line or at the tip of the tremie
to prevent contamination of the concrete flow as it passes through the initially empty tremie.  During
concrete placement, the tremie tip elevation should be maintained below the surface of the rising
concrete (typically 5 - 10 ft).  However, until a concrete head develops at the base of the excavation,
the potential for initial mixing (and segregation) will always exist.  In dry construction, free-fall
concrete placement can be used although it is restricted by some State agencies.  The velocity
produced by the falling concrete can induce higher lateral pressure on the excavation walls, increase
concrete density, and decrease porosity/permeability.  However, velocity-induced impacts on
reinforcing steel may mis-align tied steel stirrups and the air content (if specified) of the concrete can
be reduced.

The concrete mix design for drilled shafts should produce a sufficient slump (typically between 6 and
9 inches) to ensure that lateral fluid concrete pressure will develop against the excavation walls.
Further, the concrete should maintain a slump no less than 4 inches (slump loss limit) for several
hours.  This typically allows enough time to remove the tremie and any temporary casing while the
concrete is still fluid enough to replace the volume of the tremie or casing and minimize suction forces
(net negative lateral pressure) during extraction.  However, recent studies suggest that a final slump
in the range of 3.5 to 4 inches (or less) at the time of temporary casing extraction can drastically
reduce the side shear capacity of the shaft (Garbin, 2003).  As drilled shaft concrete is not vibrated
during placement, the maximum aggregate size should be small enough to permit unrestricted flow
through the steel reinforcing cage.  The ratio of minimum rebar spacing to maximum aggregate
diameter should be no less than 3 to 5 (FHWA, 1999).   
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Design Capacity of Drilled Shafts

The capacity of drilled shafts is developed from a combination of side shear and end bearing.  The
side shear is related to the shear strength of the soil and in sands can be thought of as the lesser of
the friction (Fr  = : N) that develops between the shaft concrete and the surrounding soil or the
internal friction within the surrounding soil itself.  Although a coefficient of friction (:) can be
reasonably approximated, the determination of the normal force (N) is more difficult due to lateral
stress relaxation during excavation.  In clayey soils or rock side shear is most closely related to the
unconfined compressive strength, qu.  The end bearing is analogous to shallow foundation bearing
capacity with a very large depth of footing.  However, it too is affected by construction induced
disturbances and like the side shear has been empirically incorporated into the design methods
discussed in the ensuing sections.  

The design approach for drilled shafts can be either allowable stress design (ASD) or load and
resistance factor design (LRFD) as dictated by the client, local municipality, or State agency.  In
either case, the concept of usable capacity as a function of ultimate capacity must be addressed.  This
requires the designer to have some understanding of the capacity versus displacement characteristics
of the shaft .  Likewise, a permissible displacement limit must be established to determine the usable
capacity rather than the ultimate capacity which may be unattainable within a reasonable
displacement.  The permissible displacement (or differential displacement) is typically set  by a
structural engineer on the basis of the proposed structure’s sensitivity to such movement.  To this
end, design of drilled shafts (as well as other foundation types) must superimpose displacement
criteria onto load carrying capability even when using a LRFD approach.  This is divergent from other
non-geotechnical LRFD approaches that incorporate design limit states independently (discussed
later).

The designer must be aware of the difference in the required displacements to develop significant
capacity from side shear and end bearing.  For instance, in sand the side shear component can develop
50% of ultimate capacity at a displacement of approximately 0.2% of the shaft diameter (D)
(AASHTO, 1997), and develops fully in the range of 0.5 to 1.0 % D (Bruce, 1986).  In contrast, the
end bearing component requires a displacement of 2.0% D to develop 50% of its capacity (AASHTO,
1997), and fully develops in the range of 10 to 15% D (Bruce, 1986).    Therefore, a 4 ft diameter
shaft in sand can require up to 0.5 inches displacement to develop ultimate side shear and 7.2 inches
to develop ultimate end bearing.  Other sources designate the displacement for ultimate end bearing
to be 5% D but recognize the increase in capacity at larger displacements (Reese and Wright, 1977;
Reese and O’Neill, 1988).  

In most instances, the side shear can be assumed to be 100% usable within most permissible
displacement criteria but the end bearing may not.  This gives rise to the concept of mobilized
capacity.  The mobilized end bearing is the capacity that can be developed at a given displacement.
Upon determining the permissible displacement, a proportional capacity can then be established based
on a capacity versus displacement relationship as determined by either load testing or past experience.
A general relationship will be discussed in the section discussing end bearing determination methods.

ASD vs. LRFD.  In geotechnical designs, both ASD and LRFD methods must determine an ultimate
capacity from which a usable capacity is then extracted based on displacement criteria.  As such the
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ultimate capacity is never used, but rather a displacement-restricted usable capacity is established as
the effective ultimate capacity.  For drilled shafts, this capacity typically incorporates 100% of
ultimate side shear and the fraction of end bearing mobilized at that displacement.  Once this value
has been determined, the following generalized equations represent the equality that must be satisfied
when using either an Allowable Stress Design or a Load and Resistance Factor Design approach,
respectively.

or

where, Pu represents the sum of factored or inflated service loads based on the type of loads, Pn

represents the effective ultimate shaft capacity, N is the number of shafts, and N (the resistance
factor) reduces the effective ultimate capacity based on the reliability of the capacity determination
method.  The use of LRFD in geotechnical designs is relatively new and as such present methods have
not yet completely separated the various limit states.  

Typically there are four LRFD limit states: strength, service, fatigue, and extreme event.  These limit
states treat each area as mutually exclusive issues.  Strength limit states determine if there is sufficient
capacity for a wide range of loading conditions.  Service limit states address displacement and
concrete crack control.  Fatigue addresses the usable life span of steel in cyclic or stress reversal
regions.  Extreme event limit states introduce less probable but more catastrophic occurrences such
as earthquakes or large vessel impacts.  Any of the four limit states can control the final design.  The
ASD method lumps all load types into a single service load and assumes the same probability for all
occurrences.  

Although LRFD strength limit states should be evaluated without regard to the amount of
displacement required to develop full ultimate capacity (Pn), present LRFD methods establish
geotechnical ultimate capacity based on some displacement criteria.  As a result, LRFD geotechnical
service limits states are relatively unused.  To this end, this chapter will emphasize the design methods
used to determine ultimate capacity and will denote (where applicable) the displacement required to
develop that capacity.  The following design methods are either the most up to date or the most
widely accepted for the respective soil type and/or soil exploration data.
 
SPT Data in Sand

Standard penetration test results are most commonly used for estimating a drilled shaft capacity in
sandy soils.  For some design methods direct capacity correlations to the SPT blow count (N) have
been developed; in other cases correlations to soil properties such as unit weight or internal angle of
friction are necessary.  Where the unit weight or the internal friction angle (sands) of a soil is required
the relationships shown in Figure 1 can be used.
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Side Shear.  The side shear developed between a shaft and surrounding sandy soils can be estimated
using the following methods in Table 1.  The ultimate load carrying capacity from side shear (Qs) can
be expressed as the summation of side shear developed in layers of soil to a given depth containing
n layers:

where fsi    is the estimated unit side shear for the ith soil layer
Li    is the thickness of (or length of shaft in) the ith soil layer
Di  is the diameter of the shaft in the ith soil layer

Table 1.  Drilled Shaft Side Shear Design Methods for Sand (adapted from AASHTO, 1998)

Source Side Shear Resistance, fs (in tsf)

Touma and Reese (1974) fs = KFvNtanN < 2.5 tsf

where
K = 0.7 for Db # 25 ft
K = 0.6 for 25 ft < Db # 40 ft
K = 0.5 for Db > 40 ft

Meyerhof  (1976) fs = N / 100

Figure 1 Estimated soil properties from SPT blow count.
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Quiros and Reese (1977) fs = 0.026 N < 2.0 tsf

Reese and Wright (1977) fs = N / 34, for N # 53
fs = (N - 53) / 450 +1.6, for 53 < N # 100
fs # 1.7

Reese and O’Neill (1988)
Beta Method

fs = $FvN < 2.0 tsf, for 0.25 # $ # 1.2

where
$ = 1.5 - 0.135 z 0.5 , z in ft

O’Neill and Hassan (1994)
Modified Beta Method

fs = $FvN < 2.0 tsf, for 0.25 # $ # 1.2

where
$ = 1.5 - 0.135 z 0.5 for N > 15
$ = N/15 (1.5 - 0.135 z 0.5) for N # 15

Using the above methods, the variation in estimated side shear capacity is illustrated for a 3 ft
diameter shaft and the given  SPT boring log in sandy soil in Figure 2.  Although any of these
methods may correlate closely to a given site or local experience, the author recommends the O’Neill
and Hassan approach in spite of its less conservative appearance.

Figure 2 Comparison of estimated side shear capacities in sandy soil (3 ft diam).

 “Design of Drilled Shafts,” Chapter 7, The Foundation Engineering Handbook 
Gunaratne, M. (ed), CRC Press, Taylor & Francis Group, Boca Raton, FL 
ISBN 0-8493-1169-4, pp.299-326.                      257



Drilled Shafts Mullins8

End Bearing.  Recalling the importance of the mobilized end bearing capacity concept, a parameter
termed the t ip capacity multiplier (TCM) will be used to quantify the relationship between ultimate
and usable end bearing capacity.  Four design methods using two different approaches to mobilized
capacity are discussed.  The first and second assume ultimate end bearing occurs at 1.0 inch
displacement (Touma and Reese, 1974; Meyerhoff, 1976).  The others assume ultimate end bearing
occurs at a 5% displacement as shown in Figure 3 (Reese and Wright, 1977; Reese and O’Neill,
1988).   This figure shows the lat ter relationship in terms of the permissible displacement expressed
as a percentage of the shaft diameter.  Therein, the TCM for convention shafts tipped in sand is
linearly proportional to the displacement where the TCM = 1 at 5% displacement.  This concept can
be extended to the first two design methods as well where TCM = 1 at 1.0 inches displacement.
Table 2 lists the four methods used to estimate the ultimate end bearing to which a TCM should be
applied. 

Figure 4 shows the calculated ultimate end bearing using each of the four methods in Table 2.  The
Reese and Wright or Reese and O’Neill methods are recommended by the author for end bearing
analysis.  Using the combined capacity from 100% side shear and TCM*qp using O’Neill and Hassan
and Reese and O’Neill methods, respect ively, the effective ultimate capacity of a 3 ft diameter drilled
shaft can be estimated as a function of depth, Figure 5.  This type of curve is convenient for design
as it is a general capacity curve independent of a specific design load.  However, when using a LRFD
approach, the factored load(Pu) should be divided by the appropriate resistance factor before going
to this curve.

Figure 3 End bearing response of sands as a funct ion of displacement
(based on Reese and O’Neill, 1988).

 “Design of Drilled Shafts,” Chapter 7, The Foundation Engineering Handbook 
Gunaratne, M. (ed), CRC Press, Taylor & Francis Group, Boca Raton, FL 
ISBN 0-8493-1169-4, pp.299-326.                      258



Drilled Shafts Mullins9

Table 2.  Drilled Shaft End Bearing Design Methods for Sands (AASHTO, 1998)

Source End Bearing Resistance, qp (in tsf)**

Touma and Reese (1974) Loose Sand,                          qp = 0.0
Medium Dense Sand,           qp = 16 / k
Very Dense Sand,                 qp = 40 / k

where
k = 1 for Dp = 1.67 ft
k = 0.6 Dp for Dp $ 1.67 ft
only for shaft depths > 10 D

Meyerhof (1976) qp = (2NcorrDb) / (15 Dp)
qp < 4/3 Ncorr for sand
qp < Ncorr for non-plastic silts

Reese and Wright (1977) qp = 2/3 N for N # 60
qp = 40 for N > 60

Reese and O’Neill (1988) qp = 0.6 N for N # 75
qp = 45 for N > 75

** For D > 4.17 ft, the end bearing resistance should be reduced to qpr  =  4.17qp / D.

Figure 4 Comparison of end bearing methods in sand (3 ft diam, Boring B-1).
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Triaxial or SPT Data in Clay

Unconsolidated, undrained (UU) triaxial test results are preferred when estimating the side shear or
end bearing capacity of drilled shafts in clayey soil. The mean undrained shear strength (Su) is derived
from a number of tests conducted on Shelby tube specimens where Su = 1/2 F1 Max .  In many
instances, both UU and SPT data can be obtained from which local SPT(N) correlations with Su can
be established.  In the absence of any UU test results, a general correlation from Kulhawy and Mayne
(1990) can be used 

Su = 0.0625 N, in units of tsf 

Side Shear (alpha method).  The alpha method of side shear estimation is based on correlations
between measured side shear from full-scale load tests and the clay shear strength as determined by
UU test results.  Therein, the unit side shear fs is directly proportional to the product of the adhesion
factor (") and Su.  

fs = " Su

Table 3.  Adhesion factor for drilled shafts in clayey soils.

Figure 5 Example design curve using Boring B-1 from Figure 1.
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Adhesion Factor, "
(dimensionless)

Undrained Shear
Strength, Su (tsf)

0.55 < 2.0

0.49 2.0 - 3.0

0.42 3.0 - 4.0

0.38 4.0 - 5.0

0.35 5.0 - 6.0

0.33 6.0 - 7.0

0.32 7.0 - 8.0

0.31 8.0 - 9.0

Treat as Rock > 9.0

The side shear developed around drilled shafts in clayey soil has several limitations that were not
applied previously applied to shafts cast in sand. Specifically, the top 5 feet of the shaft sides are
considered non contributing due to cyclic lateral movements that separate the shaft from the soil as
well as potential dessication separation of the surficial soil.  Additionally, the bottom 1D of the shaft
side shear is disregarded to account for lateral stresses that develop radially as the end bearing
mobilizes.  

Although rarely used today, belled ends also affect the side shear near the shaft base.  In such cases,
the side shear surface area of the bell as well as that area 1D above the bell should not be expected
to contribute capacity.

End Bearing.  The end bearing capacity of shafts tipped in clay is also dependent on the mean
undrained shear strength of the clay within two diameters below the tip, Su.  As discussed with shafts
tipped in sands, a TCM should be applied to estimated end bearing capacities using the relationship
shown in Figure 6.  At displacements of 2.5% of the shaft diameter, shafts in clay mobilize 75 to 95%
of ultimate capacity.  Unlike sands, however, there is little reserve bearing capacity beyond this
displacement.  Therefore, a maximum TCM of 0.9 is recommended for conventional shafts at
displacements of 2.5%D and proportionally less for smaller permissible displacements. 

Similar to shallow foundat ion analyses, the following expressions may be used to estimate the
ultimate end bearing for shafts with diameters less than 75 inches (AASHTO, 1998):

qp = Nc Su # 40 tsf

where Nc   =   6 [ 1 + 0.2(Z/D)] # 9 for Su > 0.25 tsf
Nc   =   4 [ 1 + 0.2(Z/D)] # 9 for Su < 0.25 tsf
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and Z/D is the ratio of the shaft diameter to depth of penetration.  For shafts greater than 75 inches
in diameter a reduction factor should be used as follows:

qpr = qp Fr

where:

and
a = 0.0071 + 0.0021 Z/P # 0.015

b = 0.45 (2 Su)
0.5                          

for    0.5 # b # 1.5

Figure 6 End bearing response of shafts tipped in clays
(Reese and O’Neill, 1988).
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Designing Drilled Shafts from CPT Data

Cone penetration test data is considered to be more reproducible than SPT data and can be used for
shaft designs in cohesionless and cohesive soils using correlations developed by Alsamman (1995).
Although that study provided design values for both mechanical and electric cone data, a single
approach is presented below that can conservatively be used for either based on that work.

Side Shear.  This method for determining side shear resistance in cohesionless soils is divided into
two soil categories: gravelly sand/gravel or sand/silty sand.  In each case below in Table 4, the side
shear is correlated to the cone tip resistance, qc, instead of the sleeve friction due to the absence of
that data from some case studies at the time of the study.  In cohesive soils, a single expression is
given which is also dependent on the total vertical stress,  Fvo.  The same regions of the shaft  should
be discounted (top 5 ft and bottom 1D) when in cohesive soils as discussed earlier.

Table 4.  Side Shear Resistance from CPT data

Soil Type Ultimate Side Shear Resistance, qs  (tsf)

Gravelly Sand / Gravel fs = 0.02 qc                             for qc # 50 tsf
fs = 0.0019 qc + 0.9 # 1.4      for qc > 50 tsf

Sand / Silty Sand fs = 0.015 qc                           for qc # 50 tsf
fs = 0.0012 qc + 0.7 # 1.0      for qc > 50 tsf

Clay fs = 0.023 (qc  - Fvo) # 0.9

The upper limits for side shear recommended by Alsamman are somewhat less than those cited from
AASHTO (e.g. 2.0 tsf for sands using the Beta Method). However, CPT data can also be used to
estimate the internal friction and soil density necessary for the Touma and Reese or Beta methods.

End Bearing.  Expressions for estimating the end bearing using CPT data were also recommended
by the same study (Alsamman, 1995).  Therein, the end bearing categories were limited to
cohesionless and cohesive soils.  Table 5 provides correlations based on those findings.

Table 5.  End Bearing Resistance from CPT data

Soil Type Ultimate End Bearing Resistance, qp  (tsf)

Cohesionless Soils qp = 0.15 qc                             for qc # 100 tsf
qp = 0.05 qc + 10 # 30            for qc > 100 tsf

Cohesive Soils qp = 0.25 (qc  - Fvo) # 25     

The capacities estimated from Table 5 expressions are ultimate values that should be assigned a
proportionally less usable capacity using the general relationships shown in Figures X and Y for sands
and clays, respectively.
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Designing from Rock Core Data

A common application for drilled shaft is to be socketed in a rock formation some distance, Hs.  In
these cases, the side shear of softer overlying materials is disregarded due to the mismatch in the
displacement required to mobilize both material types.  Rock sockets require relatively small
movements to develop full capacity when compared to sand or clay strata.  Further, although the end
bearing strength of a rock socket can be quite considerable, it too is often discounted for the same
reason.  Alternately, a rock socket may be designed for all end bearing instead of side shear knowing
that some side shear capacity will always be available in reserve.

Side Shear.  The side shear strength of rock-socketed drilled shafts is similar to that of clayey soils
in that it is dependent on the insitu shear strength of the bearing strata.  In this case rock cores are
taken from the field and tested in various methods.  Specifically, mean failure stress from two tests
are commonly used: the unconfined compression test, qu; and the splitting tensile test, qs.  The test
results from these tests can be used to estimate the side shear of a rock socket using the expressions
in Table 6.  The estimated side shear capacity can be reduced by multiply qs by either the rock quality
index, RQD, or the percent sample recovered from the rock core.  Local experience  and results from
load tests can provide the best insight into the most appropriate approach. 

Table 6.  Drilled Shaft Side Shear Design Methods for Rock Sockets

Source Side Shear Resistance, fs (tsf)

Carter and Kulhawy (1988) fs = 0.15 qu                     for qu # 20 tsf

Horvath and Kenney (1979) fs = 0.67 qu
0.5

                              for qu  > 20 tsf

McVay and Townsend (1990) fs = 0.5 qu
0.5 qs

0.5

End Bearing.  When determining the end bearing resistance (as well as side shear) of drilled shafts
in rock, the quality of rock and type of rock can greatly affect the capacity.  In competent rock the
structural capacity of the concrete will control the design.  In fractured, weathered rock or limestone,
the quality of the formation as denoted by the RQD or %recovery should be incorporated into the
capacity estimate.  However, these parameters are influenced by drilling equipment, driller experience
and the type of core barrel used to retrieve the samples.  The designer should make some attempt to
correlate the rock quality to load test data where possible.  The Federal Highway Administration
recommends the following expression for estimating the end bearing resistance in rock (FHWA,
1988):

qb = 2.5 qu %Rec # 40 tsf

The value of 40 tsf is undoubtedly conservative with respect to ultimate capacity, but when used in
conjunction with a rock socket side shear it may be reasonable.  Under any circumstances, load
testing can verify much higher capacities even though they are near impossible to fail in competent
rock.

 “Design of Drilled Shafts,” Chapter 7, The Foundation Engineering Handbook 
Gunaratne, M. (ed), CRC Press, Taylor & Francis Group, Boca Raton, FL 
ISBN 0-8493-1169-4, pp.299-326.                      264



Drilled Shafts Mullins15

Designing from Load Test Data

The use of an instrumented load test data for design is thought to be the most reliable approach and
is given the highest resistance factor (LRFD) or lowest safety factor (ASD) as a result.  This method
involves estimating the shaft capacity using one of the previously discussed method (or similar) and
verifying the estimated capacity using a full-scale prototype shaft loaded to ultimate capacity.  These
tests can be conducted prior to construction or during construction (denoted as design phase or
construction phase load testing, respectively).  In either event, the shaft  should be loaded well in
excess of the design load while monitoring the response (i.e.  axial displacement, lateral displacement
and/or  internal strains).

An instrumented load test  is one that incorporates strain gages along the length of the foundation to
delineate load carrying contributions from various soil strata.  The test can merely distinguish side
shear from end bearing or additional information from discrete shaft segments / soil strata can also
be obtained.  Any test method capable of applying the ultimate load can provide useful feedback to
the designer.  Tests conducted to lesser loads are still useful but provide only a “proof test” to the
magnitude of the maximum load and can only provide a lower bound of the actual capacity.  As such,
the designer should realize that a test shaft that fails geotechnically, thus providing the ultimate
capacity, is desirable in such a program so that the upper limit of capacity can be realized.  The
challenge then is to design a shaft that fails at a load reasonably close to the desired ultimate without
being too conservative.  However, the loading apparatus should have sufficient reserve to account
for a slightly conservative capacity estimate.

Side Shear.  The ultimate side shear can be determine from load testing by evaluating the response
from embedded strain gages at various elevations in the shaft.  It  is desirable to delineate bearing
strata by placing these gages at the interface between significantly different soil strata (e.g. clay / sand
interface).  At a minimum, one level of gages should be placed at the tip of the shaft to separate the
load carrying contributions from the side shear and end bearing.  By monitoring the strain at a given
level, the corresponding load and difference in load between levels can be determined.   It is further
desirable to use four gages per level to help indicate eccentricities in the loading as well as provide
redundancy.

The load at a particular level can be evaluated using strain gage data using the following expression:

Pi  =  gi Ei Ai

where
Pi is the load at the ith level
gi is the strain measured at the ith level
Ei is the composite modulus of the ith level, and
Ai is the cross sectional area of the ith level.

The side shear from a given shaft segment can then be calculated from the difference in measured load
from the two levels bounding that segment.

fs = (Pi - Pi+1) / (L B D)
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where L and D are the length and diameter of the shaft  segment, respectively.  If only using a single
gage level at the toe of the shaft, Pi  is the applied load to the top of the shaft and Pi+1 is the load
calculated from strain at the toe.

End Bearing.  The end bearing can be similarly determined from strain data.  However, the ultimate
end bearing is not necessarily established.  Rather, the effective ultimate capacity (usable capacity)
is determined on the basis of permissible displacement.  Although several approaches do exist that
attempt to extract a single capacity value from test data, the entire load versus displacement response
should be noted.  Figure 7 shows the end bearing response as measured from a load test.  A
comparison between the measured and predicted values should be prepared so that the original design
approach can be calibrated.  The end bearing strength is determined from strain gage data using the
following expression:

qb = Ptoe / A = gtoe Etoe 

Figure 7 End Bearing Load Test Results.
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Designing Post Grouted Shafts

The end bearing component of drilled shafts is only fractionally utilized in virtually all design methods
(TCM < 1.0) due to the large displacement required to mobilize ultimate capacity.  Consequently, a
large portion of the ultimate capacity necessarily goes unused.  In an effort to regain some of this
unusable capacity, mechanistic procedures to integrate its contribution have been developed using
pressure grouting beneath the shaft tip (also called post grouting or base grouting). Pressure grouting
the tips of drilled shafts has been successfully used worldwide to precompress soft debris or loose soil
relaxed by excavation (Bolognesi and Moretto, 1973; Stoker, 1983; Bruce, 1986; Fleming, 1993;
Mullins et al., 2000; Dapp and Mullins, 2002). The post-grouting process entails: (1) installation of
a grout distribution system during conventional cage preparation that provides grout tube-access to
the bottom of the shaft reinforcement cage, and (2) after the shaft concrete has cured, injection of
high pressure grout beneath the tip of the shaft which both densifies the in-situ soil and compresses
any debris left by the drilling process.  By essentially preloading the soil beneath the tip, higher end
bearing capacities can be realized within the service displacement limits.

Although post grouting along the sides of the shaft has been reported to be effective, this section will
only address the design of post grouted shaft tips.  The overall capacity of the shaft is still derived
from both side shear and end bearing where the available side shear is calculated using one or a
combination of the methods discussed earlier.  Further, the calculation of the available side shear is
an important step in determining the pressure to which the grout can be pumped. 

Post Grouting in Sand.  The design approach for post grouted drilled shaft tips makes use of
common parameters used for a conventional (un-grouted) drilled shaft design.  This methodology
includes the following seven steps:

(1) Determine the ungrouted end bearing capacity in units of stress.

(2) Determine the permissible displacement as a percentage of shaft diameter (e.g.1"/48"*100%
. 2%).

(3) Evaluate the ultimate side shear resistance for the desired shaft  length and diameter (in units
of force).

(4) Establish a maximum grout pressure that  can be resisted by the side shear (ultimate side shear
divided by the tip cross sectional area).

(5) Calculate the Grout Pressure Index, GPI, defined as the ratio of grout pressure to the
ungrouted end bearing capacity (Step 3 / Step 1).

(6) Using design curves from Figure 8, determine the Tip Capacity Multiplier, TCM, using the
GPI calculated in Step 5.

(7) Calculate the grouted end bearing capacity (effective ultimate) by multiplying the TCM by the
ungrouted end bearing (TCM * Step 1).
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The ungrouted capacity (GPI = 0) is represented by these curves at the y-intercept where TCM = 1
for a 5% displacement (no improvement). The 1% and 2% intercepts reduce the end bearing
according to the normal behavior of partially mobilized end bearing.  Interestingly, the grouted end
bearing capacity is strongly dependent on available side shear capacity (grout pressure) as well as the
permissible displacement.  However, it is relatively independent of the ungrouted end bearing capacity
when in sandy soils.  As such, the end bearing in loose sand deposits can be greatly improved in both
stiffness and ultimate capacity given sufficient side shear against which to develop grout pressure.
In dense sands and clays significant improvement in stiffness can be realized with more modest effects
on ultimate capacity.  Figure 9 shows the effective ultimate capacity that can be expected from a
grouted shaft similar to that from Example 1.

Figure 8 Correlations used in Step 6 to establish TCM (Mullins, et al., 2001).
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Post Grouting in Other Formations.   Post grouting shaft tips in other formations such as clays,
silts, and rock can be advantageous for the same reasons as in sand.  However, the degree of
improvement may be more modest.  In clays and plastic silts, the TCM can be assumed to be 1.0
although studies have shown it to be as high as 1.5 if sufficient side shear can be developed (Mullins
and O’Neill, 2003).  In non plastic silts, the TCM can be assumed to be 1.0 for initial designs but a
verification load test program is recommend as much higher values may be reasonable.  In rock, post
grouted shafts have the potential to engage both the side shear and end bearing simultaneously.  In
all soil types the achieved grout pressure can be used as a lower bound for usable end bearing and the
attainable grout pressure is always dependent on the available side shear against which to react.  In
contrast, sufficient side shear capacity does not assure that grout pressure can be developed without
excessive volumes of grout.  

Post grouting shaft tips provides a capacity verification for every shaft grouted.  To optimize its use
and design, a full load test program should be scheduled at the onset to confirm the TCM most
appropriate for a given site and soil type.

Figure 9 Post grouted shaft capacity extended from Example 1.
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Economy of Load Testing

Although the cost of foundations is most closely linked to the presence of an adequate bearing strata
and the applied load, it is also directly affected by the design approach and the diameter of the shaft
selected.  As such, a designer may employ a range of safety factors (or resistance factors) given the
level of confidence that can be assigned to a particular scenario.  The most common method of
establishing a particular level of certainty is via some form of testing.  This testing can range from
applying the full anticipated load (static or statnamic tests) to a minimum of a subsurface investigation
to estimate insitu soil properties.  Load tests result in the highest increase in designer confidence and
can be incorporated into the design in the form of adjusted/calibrated unit strengths, reduced safety
factors, or increased resistance factors.   The effects of design uncertainty can be illustrated by the
AASHTO (1998) specifications for driven piles where the designer must select from nine different
resistance factors ranging from 0.35 to 0.80 based on the design methodology.  Four of these
conditions are selected based on the level/quality of testing that is anticipated. Therein, the highest
resistance factor (0.8) and confidence is associated with a load test.   The next highest (0.65) is
assigned to test methods related to installation monitoring.  In contrast, the lowest confidence and
resistance factor (0.35 - 0.45) is assigned when a design is based solely on capacity correlations with
SPT data.  Although some resistance factors for drilled shafts are not given by AASHTO, the
resistance factors most commonly range from 0.5 to 0.8 for no testing to load testing, respectively.

The following two examples will use estimated costs to illustrate the impact of shaft size (diameter)
and design approach (N factor) on cost effectiveness.  The cost of shaft construction and testing can
vary significantly based on the number of shafts and type of material excavated as well as the physical
conditions and location of the site.  Even though a typical unit price of a drilled shaft includes each
of these parameters, this approach can be used for comparisons using updated site-specific values.

Given:
3 ft diameter shaft $100 / lineal foot excavation and concreting
4 ft diameter shaft $200 / lineal foot excavation and concreting
6 ft diameter shaft $400 / lineal foot excavation and concreting
Static load test $125 / ton of test 1% of shafts tested (1 min.)
Statnamic load test $35 / ton of test 1% of shafts tested (1 min.)

Use: Boring log and effective ultimate capacity calculations from Example 1, as well as the
following resistance values (slightly update from most recent AASHTO)

Static load test N = 0.75
Statnamic load test N = 0.73
No testing (SPT only) N = 0.55

Assume a maximum excavation depth of 30D  

Selecting the Most Economical Shaft Diameter.  Many options are available to the designer when
selecting the diameter of shaft to be used for a specific foundation.  For instance, a long, small
diameter shaft can provide equivalent axial capacity to a shorter, larger diameter shaft.  Figure 10
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shows the result of re-evaluating  Example 1 for 3, 4, and 6 ft diameter shafts while incorporat ing the
cost per ton of capacity using $100, $200, and $400 per ft of shaft, respectively.  These curves are
based on axial capacity and the cost may further vary given significant lateral loading and the
associated bending moment requirements.  In this case, the 3 ft diameter shaft is the most cost
effective at all depths.

Selecting the Most Economical Design Method.  The next comparison that can be made is that
which evaluates the cost effectiveness of various design/testing methods.  As additional testing
(beyond soil exploration) incurs extra expense, a break even analysis should be performed to justify
its use.  In this case, a 3 ft diameter shaft will be used due to the results shown in Figure 10 where
it was consistently less cost ly.  The maximum capacity that can be reasonable provided by a 3 ft
diameter shaft will be calculated to be 602 tons at a depth of 90 ft (30D)*.  The effective ultimate
capacity is then reduced based on the presumption of testing (or no testing)  and the appropriate
resistance factor.  Using these values a 3500 ton factored pier load (Pu) would require more or fewer
shafts given various resistance factors as shown in Table 7.

* NOTE: As deeper excavations are possible, the ultimate structural capacity based on concrete
strength should not be exceeded.

Figure 10  The effect of shaft size selection on cost.
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Table 7. The effect of various design approaches on required number of shafts.

Design
Method or

Test Scheme

Resistance
Factor

Eff. Ult. Capacity
@ 90'

Pn (tons)

Usable
Capacity 
NPn (tons)

Number of
Shafts Required
(Pu = 3500 tons) 

Total
Shaft
Costs

Static 0.75 602 451.5 7.75 (8) $69,750

Statnamic 0.73 602 439.5 7.96 (8) $71,640

No testing 0.55 602 331.1 10.57 (11) $116,640

The above shaft costs will also have to incorporate the cost of testing as well.  As such, larger
projects can justify more extensive testing, whereas very small projects may not warrant the expense.
Figure 11 incorporates the cost of testing while extending the above example to a wide range of
project sizes (expressed in terms of total structure load and not the number of shafts).  The individual
curves representing the various design approaches exhibit different slopes based on the permissible
load carrying capability per unit length of shaft. 

Figure 11 Break even analysis of various design / testing methods.
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Comparing the costs for each design and test approach it can be seen that for smaller projects up to
8 shafts (less than 3500 tons total), no testing (over and above SPT) is most cost effective.  Above
3500 tons, the cost savings produced by statnamic or static load testing become significant with
statnamic costs being slightly less in all cases.  The selection of load test method and the associated
cost is often based on the availability of test equipment capable of producing the ultimate geotechnical
capacity.

Further, the disparity between testing and no testing can be even more drastic when design phase
testing can be implemented.  Therein, the estimated ultimate capacity based on empirical design
methods is often conservative and can be raised using the results of a test program which further
widens the range of shaft numbers (testing versus no testing) required for a given pier.    

In general, load test results typically show that predictions of ultimate capacity are conservative.  This
form of verification can be helpful in all instances: when under-predictions are severe, the design
capacity of the foundations can be adjusted to provide cost savings; when over-predictions are
encountered, more moderate design values can be incorporated to circumvent possible failures.

List of Abbreviations

%R  = percent recovery of rock coring (%)

a  = adhesion factor applied to Su (DIM)

b  = coefficient relating the vertical stress and the unit skin
friction of a drilled shaft (DIM)

bm  = SPT N corrected coefficient relating the vertical stress
and the unit skin friction of a drilled shaft (DIM)

D  = diameter of drilled shaft (FT)
Db  = depth of embedment of drilled shaft into a bearing

stratum (FT)
Dp  = diameter of the tip of a drilled shaft (FT)

f, ff  = angle of internal friction of soil (DEG)
fs  = nominal un it side shear resistance (TSF)
g  = unit weight (pcf)
k  = empirical bearing capacity coefficient (DIM)
K  = load transfer factor
N  = average (uncorrected) Standard Penetration Test blow

count, SPT N (Blows/FT)
Nc  = bearing capacity factor (DIM)

Ncorr  = corrected SPT blow count
qb  = end bearing resistance (units of stress)
qc  = cone penetration tip resistance (uni ts of stress)
qs  = average splitting tensile strength of the rock core (TSF)
Qs  = side shear  capacity (uni ts of force)
qu  = average unconfined compressive strength of the rock

core (TSF)

s'v  = vertical effective stress (TSF)
Su  = undrain ed shear strength (TSF)
g  = measured strain from embedded strain gage
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Predicting End Bearing Capacity of Post-Grouted Drilled
Shaft in Cohesionless Soils

Gray Mullins, M.ASCE1; Danny Winters2; and Steven Dapp3

Abstract: Although pressure grouting beneath the tips of drilled shafts had been used successfully worldwide for close to 4 decades,
it has remained relatively unused in the United States in part due to the absence of a rational design procedure. Previous international
usage relied predominantly upon experience and unpublished proprietary approaches. More recently, research aimed at quantifying the
improvement that could be derived from postgrouting drilled shaft tips has resulted in a design methodology. This paper briefly discusses
the postgrouting process and outlines the full scale test programs used to identify parameters affecting postgrouting performance.
Correlations developed between applied grout pressure and end bearing improvement are presented along with a numerical example
illustrating the design procedure.
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Introduction

The unit ultimate end bearing of drilled shafts tipped in cohesion-
less soil can be on the order of 20 times the unit ultimate side
shear. However, this enormous capacity is rendered virtually un-
usable due to multiple mechanisms associated with construction
techniques and soil mechanics. The two primary construction-
related mechanisms that hamper end bearing development in-
clude: �1� soil relaxation beneath the shaft tip due to excavation
and �2� debris remaining after cleanout. Furthermore, even under
ideal shaft construction conditions, ultimate side shear is devel-
oped in only a fraction of the displacement required to develop
the ultimate end bearing. The side shear fully develops at a dis-
placement between 0.5 and 1.0% of the shaft diameter �D�;
whereas, the end bearing is fully mobilized at displacements of
10–15%D �Bruce 1986; Mullins et al. 2000�. Therefore, the end
bearing requires 10–30 times more displacement than side shear
in order to mobilize the same percentage of its ultimate value. As
a result, engineers typically must discount or significantly reduce
the end bearing contribution to the capacity of drilled shafts to
accommodate service/displacement limits.

In 1999, a 4 year study was initiated to quantify the effects of
pressure grouting beneath the base of drilled shafts and show its
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potential to mitigate the above mechanisms plaguing end bearing
capacity. This method was expected to be applicable to projects
with deep cohesionless deposits where the soil strata would re-
quire excessively long drilled shaft lengths without considerable
end bearing contribution and in urban areas where vibrations as-
sociated with pile driving are not well tolerated. This paper briefly
discusses the results from this study and introduces a new design
procedure for predicting end bearing capacity in postgrouted
drilled shafts tipped in cohesionless soils.

Background

In the early 1960s, efforts to improve the end bearing of drilled
shafts began outside the United States using high pressure grout
injected beneath the shaft tip �Bolognesi and Moretto 1973;
Gouvenot and Gabiax 1975; Sliwinski and Flemming 1984�.
Thereafter, numerous case studies have been documented stating
its effectiveness. This end bearing modification technique, also
called postgrouting or base grouting, has been used worldwide,
yet literature on its use lacks a rational design approach. As a
consequence, there has been little use in the United States. As this
paper focuses on the design of the end bearing capacity, a thor-
ough overview of postgrouting processes can be found elsewhere
�Bruce 1986; Mullins et al. 2000�.

In general, the postgrouting technique involves casting drilled
shafts with a grout delivery system incorporated into the reinforc-
ing cage capable of placing high pressure grout at the base of the
shaft �after the shaft concrete has cured�. This both densifies the
in situ soils and compresses any debris left by the drilling process.
Moreover, by preloading the soil beneath the tip, end bearing
capacity can be developed within service/displacement limits. In
previous studies, it was suggested that pressure-grouted shafts
tipped in loose to medium dense sand provided the most benefit,
but improvement was observed in all soil types cited. Specifically,
end bearing could be improved in sands and clays with ultimate
capacities as much as two to three times conventional ungrouted
shafts �Bruce 1986�. The same sources purported end bearing

improvement to be dependent on the volume of grout injected.
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However, the improvement was shown to be more directly related
to grout pressure by the authors and forms the basis of the new
design method.

During base grouting, the grout pressure produces a bidirec-
tional force at the shaft tip, wherein the development of the end
bearing is resisted by the skin friction of the shaft. Hence, longer
shafts or shafts that develop more side shear can resist higher
grout pressure. Previous studies that cited both the applied grout
pressure and shaft length �or depth� show an increasing trend of
grout pressure with depth �Fig. 1�. This is in keeping with the
understanding that the maximum grout pressure is dependent on
the available side shear on which the grout pressure can react.

In concept, the anticipated grout pressure for a given site can
be generalized with respect to the shaft length, diameter, and the
average unit side shear �Fig. 2�. As the grout pressure is a func-
tion of tip area, unit side shear, and shaft length, the expression
for anticipated grout pressure can be simplified as follows:

GPmax = side shear force/tip area �1�

GPmax = �qs�DL�/��D2/4� �2�

Fig. 1. Published grout pressure versus depth prior to this research
program �Mullins �1999�; Dapp �1998�; Bruce et al. �1995�; Fleming
�1993�; Mojabe and Duffin �1991�; Santosuossa et al. �1991�;
Troughton and Platis �1989�; Piccione et al. �1984�; Sliwinski and
Flemming �1984��

Fig. 2. Concept graph of pressure versus depth
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GPmax = 4qsL/D �3�

where GPmax=maximum predicted grout pressure; qs=unit side
shear; and L /D=shaft length to diameter ratio.

From a more practical perspective, several ranges are also
identified in Fig. 2 that denote applicable limits on grout pressure.
The lines denoting unit side shear values present upper bounds on
grout pressure for shafts constructed in soils with average unit
side shear values of 0.05, 0.1, and 0.2 MPa �0.5, 1.0, and 2.0 tsf�.
For all soils and L /D ratios, an upper limit on grout pressure is
typically applied that considers the construction limitations of the
grout pump, grout tubes, or the working life of the neat cement
grout. Although pressures as high as 11 MPa �1,600 psi� are
attainable, a 6.9 MPa �1,000 psi� upper limit is more realistic
without having to use specialized equipment.

An example lower limit is also presented that represents the
hydrostatic pressure of wet concrete for a 1 m diameter shaft.
Assigning a grout pressure at or below this level does not provide
a benefit worthy of the effort. Although in some instances the
process of merely flushing grout through the tubes and grouting
cell has shown grout volume taken into soft areas or unexpected
voids, far more can be derived from a pressure grouting protocol
that takes full benefit from an optimized design.

End Bearing Development

Reese and O’Neill �1988� showed that the end bearing capacity of
conventional ungrouted shafts could be expressed as a function of
shaft diameter and the permissible settlement �Fig. 3�. Therein,
the ultimate design capacity based on 5% displacement was given
by

qb = 0.057N �4�

where qb=ultimate unit end bearing capacity �MPa�; and
N=uncorrected standard penetration test �SPT� blow count.

At displacements less than 5%D, a reduced capacity should be
assigned using a tip capacity multiplier �TCM�1� based on the
above relationship and the permissible displacement; at larger

Fig. 3. Usable end bearing as function of permissible displacement
�adapted from Reese and O’Neill 1988�
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displacements beyond 5%D even more end bearing can be devel-
oped �TCM�1�. Eq. �5� provides a convenient curve fit for the
TCM trend shown in Fig. 3

TCM =
%D

0.4�%D� + 3.0
�5�

TCM values greater than 1.0 corroborate Bruce’s �1986� state-
ment that shafts tipped in sand could continue to develop capacity
up to 15%D. Unfortunately, large displacements such as these are
rarely permissible due to service limits. For example, a 1.2 m
�4 ft� diameter shaft would have to displace 61 mm �2.4 in.� in
order to achieve ultimate capacity; whereas the side shear would
develop in 6–12 mm �0.24–0.48 in.�, shown in Fig. 4. At full
side shear development, only about a third of the design end
bearing has been developed. As an alternate, postgrouting beneath
the shaft tip provides a method to avail higher usable end bearing
at more reasonable displacements.

Effects of Side Shear Capacity on Grout Pressure

The grout pressure required to affect end bearing improvement in
cohesionless soil is dependent on the available side shear. As
such, uplift of the shaft is possible as the force from the applied
grout pressure over the area of the toe approaches the ultimate
side shear capacity. At this point, the grout pressure has both
displaced/compressed the soil beneath the toe and strained the
side shear in uplift. Depending on whether the grout pressure is
maintained or released during the curing of the grout, two stress
states may exist. Figs. 5 and 6 conceptually show the load history
of the side shear and soil beneath the toe during the grouting and
structural loading phases for maintained and released grout pres-
sure, respectively. Four points are highlighted on each graph
showing pertinent phases: Point �1�, the initial unstressed state;
Point �2�, the maximum applied grout pressure; Point �3�,
the grout cured, prior to structural loading; and Point �4�, after
structural loading assuming a 1%D settlement. Although the
mechanism by which the load is transferred into the soil is
significantly different for the two approaches, the net effect is
virtually identical with regards to load carrying capabilities.

When the grout pressure is maintained or locked-in during
curing �Fig. 5�, the toe load required to hold the shaft in negative

Fig. 4. Typical displacement mismatch between end bearing and side
shear
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side shear increases slightly as applied structural loads overcome
the negative side shear �small displacements�. In effect, the side
shear load required to hold the soil beneath the toe in compression
is replaced by the structural loading until the negative side shear
is completely overcome, after which, additional load can be de-
veloped by positive side shear and a further increase in end bear-
ing. The load carrying mechanism from precompressing the toe
soils is analogous to pretensioning bolts used for tensile loading.
Therein, bolts are commonly pretensioned during installation to
over 90% of the usable capacity. This causes a clamping force
that equals the sum of the bolt group pretensioning. The tensile
loads in the bolts remain the same throughout the life of the
connection but are ultimately resisted by a combination of struc-
tural loads and clamping forces. If the structural loads exceed the
initial clamping force, plate separation occurs and the remaining
10% of the bolt capacity can be mobilized as needed up to the
ultimate load. Fig. 7 shows the similarities between postgrouted
shaft tips and a bolted tension connection �the bolt analogy is
explained in italics�.

When the grout pressure is released before curing or unlocked
�Fig. 6�, the soil beneath the toe is loaded normally during grout-
ing, allowing large precompressing displacements to occur
followed by a relatively stiff unloading. The side shear is stressed

Fig. 5. Conceptual load/displacement history for locked-in grout
pressure

Fig. 6. Conceptual load/displacement history for unlocked grout
pressure
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upward and returned to its unstressed state. Upon application of
structural loading, the side shear develops normally �acting up-
ward� while the end bearing is reloaded along a much stiffer path
where the displacement required to fully develop the end bearing
is commensurate with that of the side shear.

Minimal differences have been observed in the resultant
capacity from these two mechanisms �Frederick 2001; Mullins
and Winters 2004�. In reality, some relaxation occurs in the soil
beneath the toe even when the pressure is locked in. Conse-
quently, the actual response in these cases reflects a combination
of both scenarios.

The design method presented herein stems from a database of
26 grouted and ungrouted test shafts tipped in sand, silt, and clay
at eight different sites which incorporated both locked-in and un-
locked approaches. Five of these sites had shafts tipped in sand,

Fig. 7. Comparison of bolt pretensioning to shaft tip precompression

Fig. 8. Soil boring logs for site I �a� flat-jack and �b� sleeve-port test
shafts
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silty sand, shelly sand, or slightly cemented sand. This paper
focuses on the improvement in cohesionless soils. Therefore, a
discussion of the sites in cohesive soils is not presented within
this paper.

Full-Scale Field Study

The research program consisted of both model-scale and full-
scale testing. Model-scale testing was carried out within a frustum
confining vessel and explored parameters affecting postgrouting
performance and cavity expansion where the shafts could be eas-
ily exhumed �Frederick 2001; Mullins et al. 2001; Dapp 2002;
Mullins and Winters 2004�. The objective of the field studies were
threefold: �1� to quantify the improvement that could be devel-
oped by pressure grouting the tip of the shaft; �2� to develop
design recommendations for the use of pressure grouting drilled
shaft tips; and �3� to establish criteria/guidelines for effective
grouting. Although, the majority of sites included a control shaft
�conventional, with no postgrouting�, the response of the grouted
shafts was also compared to end bearing design capacity predic-
tions from soil boring logs �i.e., AASHTO 1999�.

Two different grout distribution systems were used throughout
the study: the flat jack and the sleeve port �also known as tube-
a-manchette�. Each system has associated advantages, but both
provided similar end bearing improvement. A full discussion of
these systems can be found elsewhere �Mullins et al. 2001; and
Dapp 2002�. The ensuing sections outline the site conditions and
load test results for each of the sites where shafts were tipped in
sandy soils.

Sites I and II: Clearwater, Fla.

A total of eight shafts were constructed and tested within two
adjacent sites located in Clearwater, Fla. These shafts each had a
diameter of 0.61 m �2.0 ft� and were 4.57 m �15 ft� in length.
Five shafts, including one control shaft, were tested in Site I
�loose to medium dense shelly sand�; while three shafts, including
one control shaft, were tested in Site II �loose silty sand�. Soil
exploration involved minicone �2.5 cm2� and full-size �10 cm2�
cone penetration soundings as well as standard penetration test-
ing. The minicone was used to quickly delineate site variability,
the 10 cm2 cone was used at each shaft location, and the SPT
borings were conducted between the shaft locations. Excavation
was conducted using polymer slurry for stabilization. Full details

Fig. 9. Site II soil boring logs for test shafts �a� S2-FJ and �b� S2-TM
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Fig. 10. Load test results for site I
Fig. 11. Load test results for site II
82 / JOURNAL OF GEOTECHNICAL AND GEOENVIRONMENTAL ENGINEERING © ASCE / APRIL 2006

Downloaded 14 Sep 2009 to 131.247.9.208. Redistribution subject to ASCE license or copyright; see http://pubs.asce.org/copyright



                     282
can be found elsewhere �Mullins et al. 2000; 2001; Dapp and
Mullins 2002�. Figs. 8 and 9 show the soil profiles for Sites I and
II, respectively. Likewise, Figs. 10 and 11 show the load-
displacement responses for each test shaft for the two sites as well
as the applied grout pressure load and AASHTO predicted end
bearing values. In each graph the capacities at displacements of 1,
2, and 5%D are indicated for future reference �also provided in
Table 1�.

Site III: Palm Beach, Fla.

Three test shafts, grouted and ungrouted, were constructed and
tested in slightly cemented coquina sand located at the Royal Park
Bridge crossing the Intracoastal waterway in Palm Beach, Fla.
One of these shafts, LT-3, was a 1.22 m �4.0 ft� diameter, 34.80 m
�114.2 ft� long grouted shaft. A combination of temporary and
permanent casing was used with a sea water drill slurry. Fig. 12

Table 1. Full-Scale Field Study Results

Shaft
I.D.

qp Ultimate
a

�kPa�

Grouted

1%D 2

S1-FJ1 574 1.22

S1-FJ2 574 1.21

S1-SP1 287 3.48

S1-SP2 287 3.09

S2-FJ 344 1.69

S2-TM 258 3.33

S3-LT3 2,178 0.60

S4-LT2 630 3.15

S5-S2 3,969 1.05
aReese and O’Neill �1988� �Eq. �4��.
bUnable to fully mobilize test shaft during testing �see Fig. 12�.

Fig. 12. Site III �a� soil boring log and �b�
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shows the SPT soil boring and the end bearing results for LT-3.
Additional information for Site III can be found in Dapp and
Mullins �2002�.

Site IV: West Palm Beach, Fla.

Two test shafts, grouted and ungrouted, were constructed and load
tested as part of the PGA Blvd Grade Separation Bridge Project in
West Palm Beach, Fla. The load test program for this site re-
volved around the relative end bearing performance of two
0.91 m �3 ft� diameter, 18.3 m �60 ft� long test shafts constructed
in loose to medium dense shelly sand. Test shaft LT-1 served as
the ungrouted control while LT-2 was grouted. Each shaft was
constructed with a mineral slurry. A SPT boring was performed at
the centerline of each test shaft. The SPT soil boring and end
bearing results for LT-2 are shown in Fig. 13.

y TCM Applied grout
pressure

�kPa� GPI5%D

1.79 586 1.02

1.91 462 0.80

5.51 1,138 3.96

6.18 1,220 4.25

4.18 683 1.98

7.09 862 3.34

N/Ab 3,447 1.58

5.84 5,240 4.68

1.63 1,157 0.69

earing load test results for test shaft LT-3
capacit

%D

1.50

1.67

4.44

4.06

2.58

4.72

N/Ab

4.40

1.30
end b
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Site V: Houston, Tex.

Testing at Site V �dense sand� was a collaboration between the
Univ. of Houston �UH� and the Univ. of South Florida �USF�
to demonstrate to the Texas Department of Transportation the
effectiveness of post grouting drilled shafts in soils native to the
Houston region. A total of four 1.22 m �4.0 ft� diameter drilled
shafts were constructed. A target load of 17.8 MN �2,000 t� was
used in determining the shaft lengths. Two shafts were tipped in
sandy soil while the other two shafts were tipped in clayey soil.
Each pair of test shafts included a control shaft and a grouted
shaft. The subsurface investigation of the test site was performed
using three primary methods of exploration: standard penetration

Fig. 13. Site IV �a� soil boring log and �b

Fig. 14. Site V �a� soil boring log and �b
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tests �SPT�; Texas cone penetration tests �TCP�; and cone pen-
etration tests �CPT�. All shafts were constructed using mineral
slurry. Fig. 14 shows the SPT soil boring and load test results for
test shaft S-2 �tipped in sand and grouted�. A full geological and
load test discussion for this site can be found in Mullins and
O’Neill �2003�.

End Bearing Results

Many design methodologies exist for the calculation of drilled
shaft tip capacities in sandy soils. For example, AASHTO �1999�
presents four methods from which this determination can be

earing load test results for test shaft LT-2

bearing load test results for test shaft S-2
� end b
� end
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made. These methods vary in the required parameters but use
either SPT N values, the relative density state, and/or the depth of
embedment expressed as a multiple of the diameter to calculate
the end bearing capacity. An important aspect of this capacity
determination is the displacement at which the capacity will be
developed. Some methods clearly state this criterion as a percent-
age of the shaft diameter or as some service limit displacement
�e.g., 5% of D, or 1 in.�, while other methods do not.

This research project used the Reese and O’Neill �1988�
method �Eq. �4�� to predict the ultimate end bearing capacity from
SPT values as well as load test data. Table 1 provides details from
each of the full-scale grouted test shafts expressed as a multiple of
the Reese and O’Neill predicted capacity. The end bearing
improvement is given in terms of the tip capacity multiplier
�TCM�, for the measured end bearing at 1, 2, and 5%D displace-
ments. As the end bearing improvement is dependent on the
applied grout pressure, the grout pressure is also listed both di-
mensionally �in kPa� and nondimensionally �as the grout pressure
index �GPI��. The GPI is defined as a nondimensional ratio of the
applied grout pressure to the ungrouted end bearing at a displace-
ment of 5%D �Eq. �4��. The applied grout pressure was taken as
the maximum sustained grout pressure and not a short duration
pressure spike.

Fig. 15. Full-scale field study results

Fig. 16. Surface defined by TCMs derived from load test data
dependent on grout pressure and displacement
JOURNAL OF GEOTECHNICAL AND
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Design of Postgrouted Tip Capacity

To quantify the improvement with respect to standard design
practice, a predictive approach was established on the basis of the
TCM and the GPI. The TCM was defined as a function of dis-
placement and grout pressure. By plotting the results from Table 1
�Fig. 15�, a surface can be defined that incorporates both the
effects of grout pressure and permissible displacement �Fig. 16�.
Dashed lines in Fig. 16 show lines of constant TCM while solid
lines show lines of constant displacement and grout pressure.

The plane defined by the displacement and TCM axes inter-
sects the surface forming a hyperbolic relationship identical to the
centerline trend that Reese and O’Neill published in 1988 shown
in Figs. 3 and 15. Therein, when the GPI=0 no improvement is
expected and it therefore predicts the same capacity as an
ungrouted shaft. Likewise, when the permissible displacement
approaches zero, so does the predicted mobilized capacity. A
more usable form of this surface is given in Fig. 17 which shows
the TCM contours. Given the GPI and displacement, the TCM
can be estimated using Fig. 17 or with the following empirical
relationship:

TCM = 0.713�GPI��%D0.364� +
%D

0.4�%D� + 3.0
�6�

The surface defined by Fig. 16 is nonlinear with respect to %D
but linear with respect to variations in GPI. As the GPI and the
TCM are both ratios based on the ungrouted end bearing, both the
TCM and GPI increase or decrease similarly dependent on the
ungrouted end bearing selected. Therefore, the TCM is only
mildly affected by the method of determining the ungrouted end
bearing. At high GPI values and low %D values, the TCM is
insensitive to the ungrouted prediction method. As GPI ap-
proaches zero, the grouted end bearing approaches the ungrouted
capacity and therefore is subject to the conservatism or unconser-
vatism associated with whatever method was used to estimate the
ungrouted capacity.

Design Procedure

For a given shaft diameter and embedment length, the method for
estimating the unit end bearing of grouted shafts involves the

Fig. 17. TCM contours easily adapted for design applications
following steps:

GEOENVIRONMENTAL ENGINEERING © ASCE / APRIL 2006 / 485

 ASCE license or copyright; see http://pubs.asce.org/copyright



                     285

1. Calculate the ungrouted end bearing capacity at 5%D dis-

placement, qp Ultimate.
2. Calculate the ultimate side shear resistance, Fs, for the total

length of embedded shaft.
3. Divide the ultimate side shear resistance by the cross-

sectional area, A, of the shaft to determine the maximum
anticipated grout pressure, GPmax

GPmax =
Fs

A
�7�

4. Calculate the GPI as the ratio of the maximum anticipated
grout pressure �Step 3� to the ungrouted unit tip resistance
�Step 1�

GPI =
GPmax

qp�Ultimate
�8�

5. Establish the maximum permissible service displacement as
a ratio of the shaft diameter, %D.

6. Determine the tip capacity multiplier given the grout pres-
sure index �Step 4� and the permissible displacement �Step 5�
using Fig. 17 or Eq. �6�.

7. Estimate the grouted unit tip resistance as the product of the
tip capacity multiplier �Step 6� and the ultimate ungrouted
end bearing capacity �Step 1�

qgrouted = �TCM��qp�Ultimate� �9�

For example, a 0.91 m �3 ft� diameter drilled shaft with an ulti-
mate side shear resistance of 1,780 kN �200 t� will have a grouted
end bearing capacity of 3.97 MPa �41.8 tsf�. This is with a per-
missible shaft displacement of 25 mm �1 in.� and an ungrouted
end bearing capacity of 1.71 MPa �18 tsf� using Eq. �4� �N=30�.

Summary and Conclusions

A rational method of predicting the end bearing capacity of post-
grouted shafts tipped in cohesionless soils has been developed
based on the performance of full scale grouted shaft load tests.
The new approach incorporates input parameters such as the ser-
vice displacement criteria, the attainable grout pressure, and the
estimated conventional ungrouted shaft end bearing. Unlike con-
ventional shaft construction and the associated quality assurance
methodologies, each and every shaft is tested via the grouting
process. Inherently, the grouting then provides quantitative data
on the skin friction and end bearing capacity of each shaft. There-
fore, grouting verifies a lower limit of total shaft capacity that
equals two times the grout pressure acting over the entire tip area.
The actual capacity, which is predicted using Eq. �9�, is somewhat
higher due to an increase in the mobilized end bearing during
downward structural loading and the �30% increase in side shear
from downward instead of upward movement �O’Neill 2002�.

As the attainable GPI relies on the side shear capacity on
which the grout pressure can react, the aspect ratio �embedment
length/diameter� of the drilled shafts should be carefully consid-
ered in order to provide the most cost efficient design. Note that
potentially stringent lateral loading conditions may govern the
foundation design, and may further define the shaft geometry that
best supplies the capacities required �both axial and lateral�. The
methodology presented herein only addresses axial capacity.

The use of grouted shafts has long reaching implications with
regards to the state of drilled shaft construction and design. This

stems from the unparalleled quality assurance that accompanies
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the process. Shaft lengths can be reduced and an associated cost
savings realized. Further, by statically grout testing each shaft, an
increased resistance factor �or lower safety factor� may likely
result for shafts constructed in this fashion. Such an increase in
the resistance factor can lead to additional economy.
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In the tropical climates of the Southeastern United 
States, concrete piles exposed to tidal waters are highly 

prone to corrosion-induced damage. Chlorides from 
seawater penetrate the concrete cover and destroy  
the passive layer that normally protects steel from 
corrosion. The high temperatures and high humidity in 
this region accelerate the corrosion process, leading,  
in some cases, to signs of visible damage within as little 
as 18 months.

Jacketing, in which concrete is cast around the 
damaged pile, is the most common method of pile repair 
(Fig. 1). Typically, stay-in-place fiberglass forms are used, 
and the annular concrete inside the form is reinforced if 
damage is severe. Unfortunately, such repairs have 
proven ineffective, as the corrosion process is not 
stopped, and the opaque jacket and form prevent inspectors 
from detecting corrosion activity during routine biennial 
inspections. As a result, corrosion is detected only when 
it reaches an advanced stage. Since the mid-1990s, a new 
type of pile jacket, incorporating a cathodic protection 
system,1 has been introduced. In this system, a sacrificial 
zinc anode corrodes preferentially, thereby protecting 
the steel.

The cost of corrosion damage can be high, especially 
when frequent re-repairs are needed. This has led 
highway authorities to explore alternate repairs using 
fiber-reinforced polymers (FRPs). In 1994, the Vermont 
Agency for Transportation2 opted to repair corrosion-
damaged columns using FRP, and several other highway 
agencies have since experimented with this technique  
in demonstration projects. These repairs show little 
distress after several years of service.3 However, this 
practice remains controversial and is not recommended 
by ACI Committee 440.4 

A Demonstration  
of Underwater  

FRP Repair  
A water-activated resin matrix is used to repair piles 

BY GRAY MULLINS, RAJAN SEN, KWANG SUK SUH, AND DANNY WINTERS

In this article, we describe a field demonstration study 
in which corroding reinforced concrete piles in tidal 
waters were wrapped using a unique FRP system. This is 
part of an ongoing research program conducted by the 
University of South Florida to evaluate the feasibility of 
using FRP for repairing corrosion-damaged piles.5

DESCRIPTION 
The Gandy Boulevard bridges comprise three side- 

by-side structures over Tampa Bay, between St. Petersburg 
and Tampa, FL. The bridges are approximately 2.6 miles 
(4.2 km) long, with the oldest dating from 1956. Although 
this bridge was slated for demolition in 1997, the community 
rallied to have it refurbished. In 1999, it was reopened  
as the “Friendship TrailBridge,” the longest over-water 
recreational (pedestrian) trail in the world. The bridge 
has 275 spans supported by 254 reinforced concrete pile 
bents and 22 column-type piers located at the main 
channel crossing.

The salinity of Tampa Bay fluctuates with the seasons, 
but normally exceeds 30 parts per thousand, thus 
creating a highly corrosive environment. In fact, our 
inspection showed that 77% of the 254 pile bents had 
been jacketed or otherwise repaired.

The main goal of our study was to evaluate the 
feasibility of making underwater pile repairs without 
using cofferdams. For simplicity and to avoid remnants 
and effects of previous repair efforts, only pile bents 
with no repair history were considered for this  
demonstration. Further preference was given to  
adjacent bents in similar condition. This reduced the 
potential for spatial variation of geotechnical effects 
(differences in stresses imposed during pile driving)  
and also minimized mobilization efforts. 
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DEMONSTRATION
The bents and piers are numbered 1 through 276, 

starting on the St. Petersburg side. Piles in Bent 99 were 
selected as control piles, and those in Bents 100 and 101 
were wrapped (Fig. 2). These bents were close to the 
piers of the new Gandy Bridge, which provided a convenient 
staging area. The four piles in Bent 100 were wrapped 
using glass or carbon fibers in a unique, water-activated 
resin matrix. Two piles in Bent 101 were wrapped using a 
different epoxy system also developed for underwater 
use. In this article, we discuss the installation of the 
wraps in Bent 100 only.

The 20 x 20-in. (510 x 510-mm) piles were originally 
reinforced with eight No. 8 (25 mm) Grade 60 bars. Using 
an assumed uniform 20% steel loss, we determined the 
amount of carbon or glass required to restore full capacity. 

For carbon fibers, this translated into one unidirectional 
(longitudinal) layer, rated at 3400 lb/in. (600 kN/m) 
capacity, followed by two bidirectional wrapped layers, 
rated at 2400 lb/in. (420 kN/m) per layer in each direction. 
Equivalent strengthening using glass fibers required almost 
double this amount. That is, we used two unidirectional, 
longitudinal layers, each rated at 2400 lb/in. (420 kN/m),  
and four bidirectional wrapped layers, rated at 1200 lb/in. 
(210 kN/m) per layer in each direction. 

Pre-wrap measurements 
The chloride content was estimated by taking four 

concrete cores at two different elevations: the high water 
line and 18 in. (460 mm) above. The total chloride content 
was measured every 1 in. (25 mm) down to the level of 
the steel. The chloride content at the level of the steel 

Fig. 1: Piles of the Friendship TrailBridge  
that have been previously repaired using 
concrete jackets

Fig. 2: The four piles of Bent 100 selected 
for FRP repair

Fig. 3: Corrosion assessment using 
surface potential measurements per 
ASTM C 8767 prior to repair

Fig. 4: Installation of scaffold around the 
four piles in Bent 100. Wood railing was 
subsequently bolted to the steel angles  
to delineate the extent of the underwater 
platform

Fig. 5: Pressure-washing of repair zone 
using fresh water

Fig. 6: Installation of unidirectional wrap 
on primed surface

Fig. 7: Installation of bidirectional wrap to 
provide transverse reinforcement

Fig. 8: Placement of glass fiber veil over 
bidirectional wrap

Fig. 9: Placement of plastic shrink-wrap 
over glass fiber veil
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exceeded the threshold value6,7 of 1 to 2 lb/yd3 (0.6 to  
1.2 kg/m3) in two of the four measurements. Likewise, 
measurements of surface potential taken using a copper-
copper sulfate reference electrode registered values more 
negative than –350 mV, indicating there was a 90%  
probability of active corrosion7 in regions more than 2 ft 
(610 mm) below the pile cap (Fig. 3).

Scaffold construction 
In an earlier demonstration study on the Allen Creek 

Bridge,8 piles could be wrapped by standing on ladders in 
the shallow water. In Tampa Bay, however, the water is 
much deeper (about 16 ft [4.9 m]) and the tidal currents 
are relatively strong. Ladders were therefore not practical, 
so we devised a simple, inexpensive, and lightweight 
scaffolding system that was both easy to assemble and 
sufficiently rigid to support personnel during wrapping. 

The scaffold comprised expanded steel grating and steel 
angles and was configured in four sections with appropriate 
cutouts for the piles. When assembled, the platform was  
33 ft (10 m) long by 7 ft (2.1 m) wide and was suspended 9 ft 
(2.7 m) from the top of the pile cap. This meant the work 

platform was 2 ft (0.6 m) below the nominal low tide 
elevation and 0.5 ft (150 mm) below the lowest point of the 
wrap, allowing workers to wrap the piles over a 5.5-ft-long 
(1.7 m) zone, starting from the underside of the cap. Figure 4 
shows the scaffolding being installed around the piles.

Surface preparation 
To prepare the surfaces for wrapping, we removed 

marine growth and loose concrete and then filled undulations 
with a quick-setting hydraulic-cement mortar to provide a 
smooth surface. We used an air grinder to round each of 
the chamfers at the pile corners to a 3/4-in. (19-mm) 
radius. Just before wrapping, the surfaces were pressure- 
washed using fresh water to remove dust, debris, and 
marine growth (Fig.5).

Underwater wrapping 
Because the repairs were made using a water-activated 

resin, the fiber mats were cut to manageable lengths, 
impregnated with the resin, and packed in hermetically 
sealed pouches to prevent ambient water vapor from 
initiating curing of the resin. Sealed pouches containing 
the various resin-impregnated pieces of mat were brought 
to the site and opened just before wrapping. On-site  
adjustments to material lengths were made as necessary.

Similar procedures were used for applying the carbon 
fiber and glass fiber wraps. A primer was first applied over 
the surface of the pile. For the carbon fiber system, this 
was followed by the positioning of a longitudinally-
oriented, unidirectional layer (Fig. 6). Next, two bidirec-
tional wrap layers (Fig. 7) were spirally wrapped with no 
overlap from top to bottom for Layer 1, and from bottom 
to top for Layer 2. The same sequence was used for the 
glass fiber system, but it was carried out twice for both the 
unidirectional and wrap layers. Following placement of the 
structural FRP, a single spirally-wrapped layer of a finely-
woven glass veil was applied starting from the bottom with 
a 2-in. (50-mm) overlap to consolidate the structural fibers 
(Fig. 8). This was followed by application of plastic shrink- 
wrap to secure the wrap in place while curing (Fig. 9).

In regions above the water line, water was sprayed on 
the wrap as it was being placed. Also, because the reaction 
process during resin curing yields gaseous products, the 
shrink-wrap was punctured over its entire length to allow 
these gases to escape. Following a day of curing, the shrink-
wrap was removed and the FRP wrap was painted with a 
UV-resistant coating (Fig. 10). It took a total of 3 hours to 
complete wrapping of the four piles. Figure 11 shows the 
pile bent after all four piles had been wrapped. 

SYSTEM POTENTIAL 
Our pilot study showed that a water-cured resin 

system makes it possible to install an FRP wrap for the 
repair of piles, even in open-water conditions. The ease of CIRCLE READER CARD #22 
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installation of this system, coupled with the previously-
observed reduction in corrosion rate3 made possible by 
FRP wraps, suggest this approach has tremendous merit. 
We are continuing to monitor the long-term performance 
of the system.
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FACTORS AFFECTING CONCRETE FLOW IN DRILLED SHAFT
CONSTRUCTION

Gregory G. Deese, M.S.C.E., E.I. and Gray Mullins, Ph.D., P.E.1 2

ABSTRACT

In recent years, it has become apparent that concreting during drilled shaft construction
does not necessarily scour the excavation walls as previously thought.  In fact, the flow
pattern of fluid concrete is highly non-uniform with the preferential path flowing up
along the side of the tremie pipe.  The primary variable affecting flow was speculated to
be concrete slump although other variables such as cage spacing have been hypothesized.
This paper discusses several studies conducted by the University of South Florida in
conjunction with the Florida Department of Transportation and Auburn University to
evaluate construction practices that lead to anomalies.  As a result, several parameters
that affect concrete flow were identified and are presented herein along with case studies
where field measurements documented these effects.  

INTRODUCTION

Implementation of drilled shaft foundations has increased significantly since their
inception.  Their immense lateral stiffness and applicability to geological formations not
conducive to pile driving has secured their place as a common, cost-effective type of
deep foundation.  However, it has become clear that sensitivity to the construction
process is paramount for this type of foundation.  

The construction process consists of three distinct steps: (1) excavate the borehole, (2)
position the reinforcement cage in the shaft, and (3) place concrete into the borehole.
There are numerous methods (and numerous problems) for completing each of the three
steps, however, the geological environment can govern which is the appropriate course
of action to create a reliable structural element.  

Due to the host of logistical problem facing the drilled shaft contractor, strict regulations
and standards have been imposed on shaft construction by several state DOTs and
FHWA.  Even so, documented cases of anomalies and/or poorly performing shafts
continue to arise. This prompted a deeper look into the mechanics of the construction
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process.  

Recent research indicates that tremie poured concrete does not flow as commonly
thought in a drilled shaft.  Instead of evenly rising and scouring of the filter cake on the
walls of the borehole (if slurry displaced), a differential between the height of concrete
inside and outside of the reinforcement cage has been observed.  The development of
pressure inside the cage (in the form of concrete head) serves to push the concrete
through the cage in concert with a tumbling action flowing over the stirrups.  In reality,
design values of side shear based on empirical studies have unwittingly incorporated the
presence of the filter cake despite the likely misconceived notion of the concrete’s
perceived flow patterns.  The concern, therefore, it not the affect on side shear but rather
the potential to encapsulate settled debris, slurry, or other deleterious material that
degrades structural performance or durability. This paper quantifies this differential head
and relates it to pertinent parameters of the drilled shaft design and/or construction
process.    

BACKGROUND

Wet concrete flow through steel reinforcement is a behavior dependent on many
characteristics.  However, the relative size of the coarse aggregate of the concrete and the
minimum space between reinforcement bars is one of the most relevant factors.  The ACI
Code (2002) recommends the maximum coarse aggregate diameter be 3/4 of the clear
spacing between rebar.  Further, it waives this spacing requirement altogether, if concrete
workability is good and consolidation (vibrating) methods may be employed.  However,
due to the nature of drilled shafts, consolidation methods are often not applicable.
Therefore, recommendations call for a minimum cage spacing of 3 to 5 times the coarse
aggregate diameter to allow for “free” flow of concrete past the reinforcement into
annular area of the shaft FHWA (O’Neill and Reese, 1999).      

The first cited occurrence of differential head rising behavior was observed by Fleming
and Sliwinski (1977).  They briefly described a pour where, due to tight reinforcement
spacing, tremie-placed concrete rose up inside the reinforcement cage and only after a
critical head differential was reached, “fell” past the cage to the cover area.  

Brown (2003) offered a general discussion of this phenomenon and a case study.  He
suggested two types of problems may result in regard to rebar cages with small clear
spacing due to high amounts of steel.  The first involves sediment settling out of slurry
onto the top of rising concrete.  If the concrete does in fact slough off to the side, the
sediment will as well.  This accumulation may decrease bond that exists between
concrete and the bearing formation.  He suggests that even with clean slurry, concrete can
be impeded enough to create voids outside the cage and likely diminish side shear
capacity. 
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In the case study described by Brown, two shafts were excavated and poured.  The first
utilized standard Alabama DOT approved concrete which consisted of #57 crushed
aggregate (1.9 cm (0.75 in.) maximum diameter) and a slump of 20.3 cm (8 in.).  The
minimum clear spacing of the reinforcement cage was 12.7 cm (5 in.).  He stated the
concrete was observed to flow around the tremie pipe and fall out, radially, toward the
annular space of the shaft.  The concrete was seen to fall through the cage to the cover
region at a differential height of about 0.5 m (1.6 ft.).  The second shaft, constructed
identically, except for the reduction of the 1.9 cm (0.75 in.) aggregate to 1.27 cm (0.5
in.).  There was much less falling out observed in this shaft.  

A one-tenth scale study to examine the flow of tremie-place concrete in drilled shafts was
also recently completed (Mullins et al., 2004).  Therein, a device, called a Lateral
Pressure Cell (LPC), was developed to study various parameters of concrete flow.  The
LPC was constructed of clear Lucite pipe and incorporated lateral pressure transducers
as well as a total weight load cell.  A circular wire mesh of different clear spacings was
used to simulate a reinforcing cage inside the lab-scaled drilled shaft.  Cement mortar
was used to simulate concrete.  The primary objective of the LPC was to test the effect
of concrete slump on the lateral pressure of the finished shaft, but it was discovered in
these small tremie pours that the level of rising concrete inside of the wire mesh was
higher than outside the wire mesh.  This prompted researchers to run other series of tests
to examine this phenomenon more fully.  

The subsequent tests incorporated three different cage spacings.  A clear spacing to
diameter ratio (CSD)  defined the relationship between mortar (concrete) aggregates and
reinforcement cage spacings.  This ratio served to normalize the size of the rebar spacing
to the largest aggregate in the concrete mix.  

It was discovered that the mortar in the LPC never rose uniformly as it was assumed.
Instead, it would flow up, inside the rebar cage, until a critical point was reached, and fall
through the clear spacing to the outside.  It was noted that when the cage spacing was
small (i.e. smaller CSD) the differential became higher indicating some correlation
between CSD and head differential.  Further, when the tremie was not perfectly centered
(the more common field occurrence), the differential was more drastic with the level
outside the cage behind the tremie being the lowest (Figure 1).  This was confirmed by
full scaled testing done in conjunction with Auburn University at the National
Geotechnical Experimentation Site (NGES) in Opelika, Alabama.  Figure 2 depicts the
relationship found between CSD and head differential in the mortar pours as well as full
scale testing completed (Mullins et al., 2004).

This head differential phenomenon causes a flow in the borehole that is completely
different from that idealized.  The behavior not only brings into question the idea that the
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Figure 2  CSD Ratio Versus Head Differential for LPC and NGES Testing

Figure 1  Behavior of Rising Concrete in Tremie Poured Drilled Shaft
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rising concrete scours off the filter cake left by bentonite slurries, but also introduces the
possibility of inclusions in the shaft due to concrete falling onto settled material in the
borehole outside the cage after longer wait periods between concrete trucks.

DATA COLLECTION AND ANALYSIS

The discovery of a head differential in rising mortar between the inside and outside the
reinforcement cage during LPC testing series spawned the desire to better define and
understand the phenomenon.  To this end, a field testing program was established to
survey this behavior in full scale drilled shaft construction of various cage and aggregate
combinations.  The main objective of this testing was to quantify head differential
behavior with variables such as CSD, rising concrete velocity, and fresh concrete
properties. 

Multiple field visits across several sites were conducted to ascertain the amount of wet
concrete head differential in various types of drilled shaft construction.  In order to obtain
an assortment of data, researchers deliberately chose sites with a large variety of shaft
diameters and CSD ratios.  The testing sites were: Essex Cement Silos, Crosstown
Expressway, and Port Manatee, in addition to data collected from the NGES test site
conducted in 2002.  

To quantify the head differential, researchers used a weighted tape system, similar to
what drilled shaft inspectors use to measure rising concrete between buckets or trucks.
Typically, two tapes were dropped before the first concrete was poured, one inside the
reinforcement cage and one outside to take initial depths.  During the pour, head
differential readings (Figure 3) were taken every 30 seconds until the entire truck had
been pumped into the shaft, then the final height was measured.  In between the 30
second measurements, the weighted tapes were kept slightly above the level of rising
concrete during the pour.  This process was repeated until the entire shaft had been
poured.  To ensure precise measurement, the top of the temporary casing was typically
used as a datum for both tapes.     

Essex Cement

Construction of cement storage silos at Berth 219 in the Port of Tampa for Essex Cement
Company called for 177 drilled shafts, 0.9 m (3 ft.) in diameter.  The shafts were drilled
to a depth of approximately 24 m (79 ft.) and were installed using full length temporary
casing with a sidewall thickness of 1.3 cm (0.5 in.).  The reinforcing cages were 15.85
m (52 ft.) in length and were designed to terminate at the top of the rock socket.  Stirrup
spacing and mix specifications yielded at CSD ratio of approximately 27 (minimum clear
spacing was 50.8 cm (20 in.) and diameter of coarse aggregate was 1.9 cm (0.75 in.)).
The construction site is shown in Figure 4.   

Proceedings of the ADSC - GEO3 Construction Quality Assurance / Quality Control Conference 
             Bruce, D. and Cadden, A. (eds), Dallas, Texas  November, 2005, pp. 144-153.                      295



6 Deese and Mullins

Figure 3 Rising Concrete Level Measured Inside and Outside Reinforcing Cage

Figure 4  Shaft Construction at Port of Tampa
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The concrete was poured via a pump truck and the tremie remained fully inserted in the
shaft during the entire pour.  Each shaft had a volumetric requirement equivalent to two
concrete trucks (approximately 11.5 m  (15 yd ), slump was approximately 24 cm (9.53 3

in.) on all shafts measured.  The water table was near the surface.    

Successful collection of 4 data sets was completed for this site. It is interesting to note
that head differentials varied regardless of a constant CSD ratio.  This suggested that
another variable, perhaps pour rate, could be key in affecting the wet concrete flow
behavior.  Upward velocity versus measured head differential trends were examined,
although it was difficult to derive any trend from such a small amount of data.   

Crosstown Expressway Reversible Lanes Bridge

Construction on the Crosstown Expressway Reversible Lanes Bridge project began in
2003 (Figure 5).  The bridge was designed to facilitate three lanes of traffic westward
from Interstate 75 into Tampa during morning hours then reverse flow eastward during
the afternoon.  The bridge utilizes a mono-pier foundation system, meaning that each
column rests atop a single large diameter drilled shaft.  The design loads for this bridge,
which was being built above the existing Crosstown Expressway, required a large
amount of reinforcement with tightly-spaced cages to resist overturning moments.  Shaft
diameters varied from 1.2 to 2.4 m (4 to 8 ft.) with depths of up to 24.4 m (80 ft.).  CSD
ratios for all shafts were 6 (minimum clear spacing was 15.2 cm (6 in.) and coarse
aggregate diameter was 2.5 cm (1 in.)) with slumps ranging from 17.8 cm to 22.9 cm (7
to 9 in.).    

Figure 5  Drilled Shaft Construction at the Crosstown Expressway
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Three shafts were investigated at two points along the route that offered a significant
variation in the construction atmosphere.  The first two shafts (piers 167 and 156) were
1.8 and 2.4 m (6 and 8 ft.) in diameter, respectively, and located within close proximity
to an already existing roadway.  The third shaft (pier 18) was 2.4 m (8 ft.) in diameter and
positioned within the Palm River.  Construction methods were similar to those used at
the Port of Tampa in that a full length temporary casing was vibrated to the top of rock,
the reinforcing cages were designed to terminate at the rock socket, and concrete was
pumped from ready-mix trucks through a tremie. The larger diameter shafts required
upwards of 15 concrete trucks (approximately 92 m  (120 yd ) and 5 hours to complete3 3

which afforded several data sets per shaft.

The CSD ratio versus head differential again clearly demonstrates no direct correlation
between these two variables.  Plotting the recorded head differential against the upward
concrete velocity, however, reveals clear relation for these shafts of constant CSD ratios.
This evidence suggested that perhaps a family of curves of head differential versus
upward velocity exists for different ranges of CSD ratios.  It is evident that another
variable may affect the range of head differential fluctuation within a particular shaft.
Also observed is the increase in differential range in shaft 167 which was twice as large
as the range for shafts 18 and 156.     

While waiting between arrival of concrete trucks, differential measurements were taken
in the stagnant boreholes.  In time periods of up to one hour, it was observed that the wet
concrete differential did not decrease appreciably.  

Port Manatee

Construction of high mast security lighting at Port Manatee called for 6.1 m (20 ft.) deep,
1.5 m (5 ft.) diameter drilled shafts to support 36.5 m (120 ft.) tall steel poles.  Due to
height and wind requirements, these shafts had a CSD ratio of 8 (15.2 cm (6 in.)
minimum clear spacing and the maximum coarse aggregate diameter of 1.9 cm (0.75 in.).
The required concrete volume of these shafts called for two concrete trucks.  

As the site is comprised predominantly of dredged clay spoils, a natural slurry was used
to maintain hole stability.  The concrete was tailgated and a sectional tremie was used.
This resulted in relatively low upward velocities at a lower CSD similar to data collected
at the NGES site with Auburn University (Mullins et al., 2004).  

It can be seen in this series of data that similar head differentials exist for these shafts.
Comparing the CSD ratio versus the measured head differentials produces a narrower
band of results relative to the other sites, suggesting some correlation.  However, the
velocity versus head differential shows that a good correlation between increasing
velocity and increasing head differential exists for upward velocities between 15.2 - 45.7
cm (0.5-1.5 ft.) per minute.  
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Figure 6  Summary of CSD Ratio Versus Head Differential

Summary

Figure 6 summarizes the head differential data from the Essex Cement, Crosstown, Port
Manatee and the NGES sites as a function of the CSD.  Clearly, the CSD is not the only
parameter affecting the buildup of concrete head inside the reinforcing cage.  Figure 7
shows the same data as a function of velocity for each group of common CSDs observed.
A second order trend appears to exist for different CSD values, verifying the concept that
head pressure is directly proportional to the square of the velocity head.  Given a constant
upward velocity, a drastic difference in head differential occurs as the CSD increases
from 6 to 8; for CSD values above 8, however, the head differential is much less
significant for all velocities.  It should be noted that the head differential in the
Crosstown drilled shafts did not appreciably decrease during wait time between concrete
trucks, despite high slump concrete.      

Since there are few alternate configurations for a given reinforcement cage, it may be
necessary to adjust the coarse aggregate size so as to minimize concrete build-up inside
the cage.  Therefore, using the results shown in Figure 7, any set of head differential data
at a constant velocity will show the CSD limit below which should be avoided.  Figure
8 shows that a minimum CSD of 8 is recommended.  The FDOT has already taken steps
to recommend a minimum CSD in the range of 10 as a result of this project’s findings.
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Figure 7  Summary of Velocity Versus Head Differential

Figure 8  Recommended CSD Range for Drilled Shaft Construction
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CONCLUSION

The original basis for this research stemmed from anomaly formations in drilled shafts
(such as soil inclusions) that had been noted to occur in the vicinity of the groundwater
table (GWT) elevation.  Although not found to be directly correlated to inclusion
potential, the GWT does affect wet method construction by influencing the borehole
stability.  To this end, the project was expanded to observe concrete flow behavior with
regards to anomaly formation. As a result, over 40 sets of data were taken in full-scale
shafts at four sites.  This testing was conducted to quantify head differential as a function
of CSD ratio, rising concrete velocity, and wet concrete properties.  The full scale testing
showed that the CSD ratio was not the sole variable with regard to head differential.
Instead, it was found that as upward velocity increased, larger head differentials could
be observed.  It was also apparent that shafts with similar CSD ratios showed similar
head differentials with respect to velocity.  The largest head differentials (upwards of
0.75 m) were observed for shafts with CSD ratios of approximately 6.  Based on the
conclusions derived herein, recommendations for changes in the pertinent sections of
drilled shaft construction specifications were as follows:

CSD > 8.  Current FHWA recommendations suggest that a CSD ratio as low as
5 is reasonable.  However, concrete flow observed (Figure 1) support an increase
in this recommended value.  This applies to structural, geotechnical, and
materials engineers alike.  As the size and configuration of rebar in drilled shaft
cages cannot always be altered, smaller maximum aggregate diameter may be
appropriate.  Smaller sized coarse aggregate, such as #7 stone, should be
considered for tremie-placed drilled shaft construction.  This would help to
increase the CSD and thereby lower the potential head differential that could
develop.  This means less concrete back pressure would be needed to adequately
penetrate the cage.  Where practical, this limit should be applied to the worst case
spacing in the cage, such as spliced cage segments.      

Further topics of study include the continued development of a family of curves to
correlate upward velocity in shafts with similar CSD ratios to head differential.  Also, the
potential relationship between radial velocity of concrete in the shaft versus the head
differential should be investigated.  This would further quantify the phenomenon of head
differential and allow designers to create drilled shafts which not only have adequate
strength, but also easily construct-able while minimizing the chance of anomaly
formation.  
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Introduction

Concrete’s alkaline environment normally prevents steel
corroding by forming a passive oxide layer on its surface
limits access of oxygen and moisture. However, the combin
of high humidity and high temperature is lethal even for h
quality concrete, as it allows chloride ions to penetrate to the
of the reinforcement. When the chloride concentration reach
critical threshold value of 0.6–1.2 kg Cl−/m3, the passive layer
destroyed and corrosion is initiated~Mindess et al. 2003!. Suc
conditions are commonplace in coastal regions of southea
United States, where concrete piles corrode rapidly.

The requirements for durable repair of corrosion-damage
daunting. All chloride-contaminated concrete must be rem
and replaced with low shrinkage, low modulus, high creep,
tensile strength patch material having the same thermal expa
and oxygen permeability~Vaysburd and Emmons 2000!. Beca
the boundaries of the chloride-contaminated region are not k
with any precision, such conditions can rarely be met for rep
carried out under dry conditions; they are unrealizable for
corroding in tidal waters. Cathodic protection provides the
proven~Scheffy 1981!means for ensuring durable repairs. Ho
ever, the cost of such repairs may not always be affordable

Fiber-reinforced polymers~FRP!have the potential of being
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lower cost alternative that can match the performance of cat
cally protected piles. Cost is critically important and, inde
lower costs were responsible for the selection of FRP in the
place. In 1994, the Vermont Agency of Transportation opted
FRP to repair corrosion-damaged columns because the fibe
system led to an estimated cost savings of 35% over conven
repairs ~Tarricone 1995!. After nine years of service, rep
showed little sign of deterioration~Graham, personal commu
cation, 2003!. This can be attributed to FRP’s high ten
strength, which can be aligned to withstand forces in any d
tion, and its excellent durability.

A recent state-of-the-art paper on using FRP for corro
mitigation ~Sen 2003!found that the vast majority of the applic
tions to date are similar to those conducted in Vermont. Typic
bridge columns or bents corroded by salt-water spray from
speed traffic or due to salt water trickling down leaky expan
joints were repaired. Even where repairs were carried out i
tidal zone, they were done under dry conditions~Neale and La
bossiere 1998!.

Similar FRP repairs of prestressed piles using cofferdam
struction were recently completed~Shahawy et al. 2004!. How
ever, the high cost of cofferdam construction reduces FRP’s
petitiveness in the marketplace. As with the initial st
conducted in Vermont, FRP systems will only gain widesp
acceptance if their use leads to lower costs and improved p
mance as compared to conventional repairs.

This paper describes a demonstration study in which
sized, square prestressed piles were wrapped underwater
FRP. The aim of the study was to assess the performance
wrap and also to determine the ease with which it could be ca
out. For this purpose, a robust instrumentation system was d
oped that was simple to install yet eliminated the need for j
tion boxes and wiring. The field demonstration was the culm
tion of a comprehensive laboratory study in which simul
repairs were carried out in a salt-water tank and their perform
evaluated through ultimate strength tests. A brief descriptio
the findings from this laboratory study is included for compl

ness.
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Laboratory Study

The FRP repair of corroded piles is a hybrid application in th
is bond-critical in terms of flexural strengthening but cont
critical in terms of resisting expansion forces caused by pos
continuing corrosion inside a wrapped specimen. In view of
laboratory trials were carried out to simulate field repairs an
evaluate their performance.

Eleven one-third scale, 1.8 m long, 15315 cm prestresse
specimens were used in the laboratory study. The specimens
prestressed using four 0.8 cm, 1,724 MPa strands and wer
with a 55.9 cm chloride-contaminated region~3% chloride ion by
weight of cement!. This type of specimen had been used in
eral previous projects~e.g., Sen et al. 1999; Fischer et
2000!. Nine of the specimens were subjected to an accele
corrosion regime using a constant current system to a tar
metal loss of 25% verified by gravimetric testing.

An underwater demonstration was conducted in which
specimens were wrapped with the FRP impregnated with the
cial water-activated urethane resin; one of the five wrapped s
mens was used for the qualitative assessment of bond. Th
maining six were used as unwrapped controls tested
eccentrically loaded columns~two uncorroded, two at 25% ste
loss, and two at 50% steel loss!. A 331.8 m tank was filled with
3% salt water to a depth of 1.2 m~Fig. 1!. Air Logistics of Pasa
dena, CA, who developed the water-activated resin system
vided the materials and expertise for the demonstration.

Following cure of the FRP material, the wrap was remo
from one of the five specimens to evaluate its bond with conc
It came off relatively easily~Fig. 2!as compared to wraps appli

Fig. 1. Simulated underwater wrap
to dry surfaces, indicating that the bond was inferior. However,
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eccentric ultimate load tests indicated that the bond was suffi
to restore full capacity when compared with uncorroded con
~Fig. 3!. The remaining two wrapped specimens and their con
were subjected to additional accelerated corrosion to a tar
metal loss of 50% and subsequently tested in the same m
The results from these tests were similar to those obtained e
However, full restoration was not realized because of end fa
caused by corrosion outside the wrapped region. Nonetheles
results reaffirmed the satisfactory performance of the wrap. C
plete details may be found in the interim final report~Suh et al
2004!.

Field Demonstration

A field demonstration study was conducted to evaluate the e
tiveness of two alternate systems:~1! a “dry” wrap requiring cof
ferdam construction; and~2! an underwater system. This pa
focuses on the latter system. Information on the dry system
be found in Shahawy et al.~2004!.

Fig. 2. Removal of wrap

Fig. 3. Ultimate strength test
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Allen Creek Bridge Site

The Allen Creek Bridge site used in the demonstration pro
was recommended by the Florida Department of Transporta
It met critical access requirements, e.g., shallow waters and
imity to the university, yet provided an aggressive environm
with a long history of severe substructure corrosion problem
piles.

Allen Creek Bridge is located in the city of Clearwater on
busy U.S. Highway 19, 2.3 km north of SR 686. Originally c
structed in 1951, its 4.57 m spans are supported by 50350 cm
reinforced concrete piles. In 1982, the bridge was widene
accommodate six lanes of vehicular traffic. The widened se
is supported by 35335 cm piles. These are prestressed with e
1.27 cm 1.86 GPa stress-relieved strands.

An elevation view of the bridge is shown in Fig. 4. The wa
from the creek flow east into Old Tampa Bay, which in turn jo
the Gulf of Mexico to the south. The environment is very agg
sive; all the reinforced concrete piles from the original const
tion have been rehabilitated several times. At low tide, the w
level in the deepest portion of the creek was about 0.8 m. M
mum high tide is about 1.9 m. This shallow depth meant tha
underwater wrap would not require divers and could be ca
out on a ladder.

Fig. 4. Allen Cre

Fig. 5. Schematic of electrical connections
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Prewrap Corrosion State

Much of Allen Creek is knee-deep at low tide; therefore, it
possible to access all the piles excepting those forming the
channel. A prewrap inspection was carried out of the entire s
evaluate the corrosion state and also to select the piles tha
to be wrapped in the study. None of the piles displayed any
ible signs of corrosion. Nor was there any evidence of delam
tion detectable by tapping the pile gently with a hammer.

Several concrete cores were taken to determine the ch
variation in the cover. The first sample was at the elevation
responding to high tide. The second was 0.9 m above high
The total chloride was determined every 25 mm down to the
of the steel by the Florida Department of Transportation’s S
Materials Office. Results indicated that the threshold for corro
was easily exceeded at the high tide location. The chloride
varied between 3.98 and 3.32 kg/m3. Values were much great
0.9 m above high tide, where it was 7.43 kg/m3 in the initial 25
mm cover, reducing to 0.51 kg/m3 in the vicinity of the prestres
ing steel, 75 mm from the surface~Lasa, personal communic
tion, 2003a!. This is typical of chloride variation observed
specimens exposed to tidal waters—it is always much h
above the high tide region. This information is useful for de

idge looking west

Fig. 6. Template for measuring corrosion potential
ek Br
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mining the extent of the pile wrap above the high water lin
has been observed that encapsulation of chloride-contam
regions sometimes leads to an upward shift in the corrosion
~Lasa, personal communication, 2003b!.

Corrosion Instrumentation

Field instrumentation for long-term monitoring is never a sim
task. This is especially so for piles because of accessibility p
lems at high tide and the aggressive marine environment. Pa
lar attention must be paid to ensure that electrical contacts a
corroded and moisture is not trapped inside junction boxes. M

Fig. 7. Marine

Fig. 8. Discovery o
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over, accessibility of instrumentation ports makes them vu
able to vandalism. Thus, making instrumentation as unobtr
as possible is a basic requirement for successful long-term
toring. In the study, a system suggested by Sagues~personal com
munication, 2002!was used. It is simple to install and does
require any wiring or corrosion protection.

Four piles—B2, E2, F1, and G1—were instrumented to d
mine the prewrap corrosion state. The letters signify the pos
of the bent from the south abutment, and the numbers 1 a
signify the row starting from the east. The piles in row 1 are a
the outside row visible from the water looking west. Two of
instrumented piles~B2,G1!were retained as unwrapped contr
The remaining piles were used for monitoring the performan

on pile surface

e in piles E1 and F2
growth
f splic
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the carbon wrapped~F1! and the fiberglass wrapped~E2! piles.
Instrumentation was intended to allow monitoring of both
corrosion potential and the corrosion rate.

Ground Connection

Before any corrosion measurement can be made, an ele
connection has to be made to the prestressing strands. A
diameter hole was drilled above the high water line of the
about 0.3 m below the underside of the pile cap. The hole
drilled at the center of the pile where a strand was located.
cm long, 0.5 cm diameter 316 stainless steel rod was connec
the strand by brazing. No special preparation was needed, be
the strand was in good condition. The 316 stainless steel
was especially chosen because of its superior corrosion resi

Fig. 9.
as compared to the less expensive 304 grade.
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e

Although a single connection would have sufficed, four sim
holes were drilled, one on each pile face, and identical br
connections were made to ensure there was continuity betwe
the strands. The 7.5 cm deep holes were then filled with m
leaving a 2.5 cm section of the stainless rod protruding from
face. Potential readings can be taken by connecting a sta
copper-copper sulfate half cell to the negative terminal of a
impedance voltmeter while attaching the positive terminal to
steel strand via the stainless steel rods protruding from each
~Fig. 5!.

To ensure that potential measurements were consistently
at the same location, a special template was prepared us
flexible plastic sheeting material. The width of the sheet equ
the pile width, and holes were punched along a 15 cm grid w

probe
USF
readings were to be taken. Sponges were attached to one side of
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the sheeting. This setup ensured that, once the template wa
rectly positioned~Fig. 6!, all readings could be quickly and ac
rately taken. This was very important, because measurem
took on an average 6 h, during which the tide could come in

Before readings could be taken, all marine growth cove
the pile surface below the high water line~Fig. 7!was scraped o
and removed. When this was done, it was found that two o
piles, E1 and F2, were spliced~Fig. 8!. In addition, remnants
lifting hooks were detected from unexpectedly high corrosion
tential readings on one face of instrumented pile B2~unwrapped
control!. However, as there was a second “perfect” control,
was not a problem.

Corrosion Rate

Corrosion potential can only be measured where the concret
face is accessible. Thus, it can be used for unwrapped co
specimens and for the unwrapped portions of wrapped speci
Corrosion potential is, however, only indicative of probability

Fig. 10. Schematic setup for linear polarization measurements
USF probe

Fig. 11. Schematic used for calculation of strand surface are
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corrosion. For example, readings more negative than −35
have a 90% probability of corrosion. Thus, corrosion monito
requires measurement of the corrosion rate. This is determ
from linear polarization measurement. Linear polarization r
on the linear relationship between the corrosion current an
potential when the equilibrium potential is perturbed by the
plication of an incremental current~“galvanostatic”!or incremen
tal voltage~“potentiostaic”!. Several portable devices are av
able that can be used to make the measurement. In this st
PR-Monitor Model 4500, manufactured by Cortest Instrum
Systems, Inc., was used.

The measurement of the corrosion rate requires:~1! a working
electrode—the element whose corrosion rate is to be determ
~2! a reference electrode to measure the electrical potential
working electrode; and~3! an auxillary or counter electrode
apply a current and complete the circuit. The PR-Monitor sy
has a built-in power supply and its own reference and co
electrodes.

The original plan was to use commercially available probe
had been used in other studies, e.g., Halstead et al.~2000!. Thes
probes have a connection cable containing wires from refer
counter, and working electrodes that can be directly connec
a PR-Monitor. However, the installation of such probes in
“splash zone” is problematic, requiring cofferdam construc
Moreover, extensive wiring would have to be run from the p
and multiple junction boxes installed so that the length of
wiring would not exceed 6.1 m to ensure readings were acc
In view of this, an alternative scheme was developed that e
nated both the need for wiring and potential corrosion prob
of electrical connections.

USF Probe

The corrosion rate is determined from the change in the corr
potential due to the application of an incremental current or
age. Therefore, any system that allows this change to be mea
can be used as a probe. As mentioned earlier, in this stu
system proposed by Sagues~personal communication, 2002!was
used. The system is simple to install and does not require
wiring or corrosion protection.

A schematic of the probe is shown in Fig. 9. It consists of a
cm diameter 316 stainless steel rod that is embedded rela
close ~1.9 cm! to the surface. Four rods were used to allow

Fig. 12. Half-cell potential at 1.22 m from pile cap before wrapp
corrosion rate of strands on each face to be determined. The rods
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were 1.07 m long and extended 7.5 cm above the top of the
where they terminated in a 90° hook to facilitate electrical c
nection using alligator clips. Because no cofferdam was use
length of the rod was limited to 1.07 m, as it was the maxim
length that could be installed in the pile at low tide. This is sho
than the 1.52 m wrapped length that extended nearly 0.5 m
ther. The corrosion rate determined from the testing corresp
to the 1.07 m length of the stainless steel rods.

The probe determines the average corrosion rate, becau
the strands are connected to each other~Fig. 10!. Usually four set
of measurements were taken and the readings averaged. Fo
set, the working electrode~strand!, the reference electrode~one
stainless steel rod!and counter electrodes@the remaining three~or
two in the case of pile B2!are connected to each other#were
connected to the PR-Monitor. The next reading is taken by a
nating the positions of the reference and counter electrodes

Table 1. Material Properties of Fiberglass and Carbon Used in A
Creek Bridge

Material

Tensile
strength
~MPa!

Elastic
modulus
~MPa!

Load
~kN!

per layer
~per meter!

Glass: unidirectional 586 35,853 420.5

Glass: bidirectional 324 20,684 210.2

Carbon: unidirectional 827 75,842 595.7

Carbon: bidirectional 586 22,063 420.5

Fig. 13. Initial half-cell pote
142 / JOURNAL OF COMPOSITES FOR CONSTRUCTION © ASCE / MARC
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h

tentiostatic testing was used, in which the voltage was in
mented in steps from 0 to 15 mV, with the current adju
accordingly. The slope of the change in potential and ap
current gives the polarization resistance,Rp. Concrete has a hig
resistance that needs to be considered in the calculation of
ization resistance. Usually,Rp is corrected by subtracting the co
crete resistance from originalRp.

The corrosion rate is found in the usual manner: the pola
tion resistance,Rp, is related to the corrosion rateicorr by a pro-
portionality constant given by the well-known Stern-Geary e
tion. In this study,B was assumed as 26 mV. The polarized st
length was assumed to be the same as counterelectrode
~1.07 m!. The surface area of the strand was calculated ass
that each wire subtended a 240° angle~Fig. 11!. This gave a pe
rimeter of 5.3 cm for each strand. Because the assumed pol
steel length was 1.07 m and the pile has eight strands, the
surface area was calculated as 4,534 cm2, neglecting the ti
area~Suh 2002!.

Prewrap Corrosion Results

Weekly measurements of the corrosion state were planned.
ever, because of rain, seven sets of measurements were
prior to the wrap.

Fig. 12 shows the variation of the half-cell potential@versus
Copper Sulfate Electrode~CSE!#measured 1.22 m below the p

ap for south face~units: mV!
ntial m
cap before wrapping. All piles showed more negative than
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−350 mV, indicating there was a 90% probability corrosion
occurring ~ASTM C-87-91!. Fig. 13 shows the distribution
initial half-cell potential value measured on the south face of
pile. Values are lower near the top but increase with depth. T
values corroborate the chloride levels discussed earlier.

Prewrap corrosion rates were also determined from linea
larization. Rates were small~less than 0.2 mils per year!. They
shown with the postwrap corrosion rate plots later for co
nience.

Wrap Design

The use of FRP for corrosion mitigation is relatively new, and
approved design procedure is currently available. The wrap
for the underwater repair was designed to match an iden

Fig. 14. Rou

Fig. 15. Pressure
JOURNAL OF COMP
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layup requiring cofferdam that was part of this demonstration
this wrap, a two-step design procedure was developed. In th
step, a strain compatibilty analysis was carried out to restor
pacity for an assumed 20% metal loss. The fiber layup req
for this strength gain was then checked to determine if it c
withstand postrepair expansion due to deleterious ma
trapped inside the wrap. Complete details including nume
examples may be found in Shahawy et al.~2004!.

Underwater Wrap

The underwater wrap was carried out using Aquawrap 22-77~Air
Logistics 2002!. This is a water-cured polyurethane resin sy
that can be used with woven glass fabric, unidirectional g
fabric, woven carbon fabric, and unidirectional carbon fabric.

sharp corners

ing with fresh water
nding
wash
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composite is a prepreg and is delivered in hermetically se
pouches that are opened at the jobsite as they are applied
first ever application of this technology was in the wrap of
uninstrumented reinforced concrete piles in North Carolina~Ba-
zinet et al. 2003!. This was the first application on prestre
piles.

Two different fibers—glass and carbon—were used for the
derwater demonstration study. The fiber layout was select
ensure that they provided comparable strength gain. Ma

Fig. 16. Applying adhesive on pile surface

Fig. 17.
144 / JOURNAL OF COMPOSITES FOR CONSTRUCTION © ASCE / MARC
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properties as provided by the manufacturer are summariz
Table 1~Air Logistics 2002!.

Inspection of Table 1 shows that carbon has a higher te
strength and modulus as compared to glass. Both unidirect
i.e., the fibers provided tensile strength in one direction, an
directional, i.e., the fibers provided strength in two orthog
directions, were used. The unidirectional fibers were applie
the longitudinal direction to increase flexural capacity. The b
rectional fibers added capacity in the transverse or hoop dire
to provide increased resistance against expansive forces
due to steel corrosion.

ing wrap

Fig. 18. Wrapping witness panel for bond test
Apply
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Aquawrap Carbon Fiber

One layer of unidirectional carbon fiber~tensile strengt
595.7 kN/m! using strips that were 30.53152.4 cm long wa
applied on each face of the 35 cm pile. This was wrapped
spirally in the hoop direction by two continuous layers of bidir
tional carbon fiber material~tensile strength 420.5 kN/
32 layers=841 kN/m!. One layer of glass fiber veil was appli
to cover and protect the carbon.

Aquawrap Glass Fiber

Two layers of unidirectional glass fiber~tensile strengt
420.5 kN/m32 layers=841 kN/m! using the same sized stri
as the carbon 30.53152.4 cm were applied on each face of the
cm pile. This was wrapped over spirally in the hoop direction
four continuous layers of bidirectional carbon fiber material~ten-
sile strength 210.2 kN/m34 layers=841 kN/m!. One layer o
glass fiber veil was applied to cover and protect the carbon.

Surface Preparation

The pile surface had to be smooth and sharp corners round
avoid stress concentrations. All marine growth was removed
the region to be wrapped with a scraper. Subsequently, two o
four corners that were not rounded~chamfered during castin
were ground down using an air-powered grinder~Fig. 14!. This
was a difficult operation, particularly for sections that were be
the water line. Quick-setting hydraulic cement was used to fill
depressions, discontinuities, etc., to provide a smooth su
The entire surface was pressure washed using freshwater
move all dust and/or marine algae just prior to wrapping~Fig. 15!.

Application

Carbon

Pile F1 was wrapped using three layers of carbon fiber~one lon-
gitudinal and two lateral!. First, an underwater epoxy adhe
was applied to the prepared surface of the pile that was
wrapped~Fig. 16!. The FRP layout required one unidirectio
longitudinal layer that was overlaid by two bidirectional laye
The longitudinally aligned layer~unidirectional!consisted of fou

Fig. 19. Corrosion rate measurements of wet wrapped piles
30.53152.4-cm-long strips, one on each face of the pile. These

JOURNAL OF COMP
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strips were held in place by the already applied adhesive un
subsequent wrapped layers could secure them. The bidirec
carbon layers were then applied starting at the top. These
were designed to be wrapped around the pile in a contin
fashion with easily manageable rolls~e.g., 30.5 cm wid
35–6 m long!. After one full horizontal wrap around the p
subsequent wraps were applied spirally downward with no o
lap until the lowest point was reached where the process
reversed and the wrap was applied spirally upward to com
the second layer. No resin was required, because it was a pr
However, in regions above the water line, water was spray
allow the resin to cure. Upon completion of the structural wra
single layer of a 25.4 cm wide prepreg fiberglass cloth~veil! was
spirally applied, moving from bottom to top, to consolidate
wrap and provide a better finish. A 5 cm~2 in.! overlap was
provided for this layer. The entire wrap was then secured w
plastic stretch film, Stricture Banding.

Fiberglass

Pile E2 was wrapped using the fiberglass wrap. The procedu
wrapping was identical except that the fiber layout required
unidirectional layers in the longitudinal directions and four b
rectional in the transverse direction. The wrap was allowe
cure for one day, following which the plastic stretch film w
removed and the wrap painted over using polyurethane-b
paint to provide protection against ultraviolet radiation~Fig. 17!.

The entire operation went without a hitch and each pile
less than an hour to wrap.

Witness Panels

To allow future evaluation of the FRP/concrete bond, witn
panels were prepared in which a 0.3 m length of the pile a
high tide was wrapped identically to the afirementioned ma
for future bond testing~Fig. 18!.

Postwrap Corrosion Monitoring

The wrapping was completed in the second week of March 2
For the first month after wrapping, corrosion measurements
taken weekly. Subsequently, they were taken every month. T
measurements included corrosion potential and linear polariz
measurements, from which the corrosion rate was calcu
Temperature readings were also taken regularly.

Results of the postwrap corrosion rate up to April 2004~413
days after wrapping!are shown in Fig. 19. Rates continue to
small. Fluctuations in the rates may be observed particularl
the unwrapped controls, B2 and G1. This is most probably
cause of temperature, which affects the corrosion rate. The
formance of the carbon fiber originally appeared to be be
However, in the most recent measurement, the performan
carbon and glass were comparable. The performance of bot
bon and glass are, however, better than those for the unwr
controls.

Conclusions

This paper describes a field demonstration study to evalua

application of FRP for the underwater repair of corroding pre-
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stressed piles. A total of four full-sized 35335 cm square pre
stressed piles were wrapped, two with carbon and two with g
Two of these wrapped piles—one carbon and one glass—
instrumented to allow evaluation of their postwrap performa
Two other unwrapped piles serve as controls. Instrumentatio
lowed determination of the corrosion potential over the
wrapped surface and the corrosion rate for the wrapped pil
unique feature of the instrumentation was the use of stainless
rods with protruding hooks that eliminated the need of wiring
junction boxes. Connections only require alligator clips.

The study showed that underwater wrapping is a viable
tem. As with most FRP retrofits, surface preparation is of p
mount importance. In this case, surface preparation req
equipment capable of operating underwater to grind sharp
ners. Although initial field tests on the witness panels indic
that the bond between the wet concrete and the FRP was
tively poor, laboratory tests showed the bond was sufficien
restore the full undamaged capacity. Corrosion rate measure
indicate that the performance of the wrapped piles is consist
better that the unwrapped controls.

Underwater FRP repair technology is very new and is u
development. The ease and speed with which the repairs
made is very promising. In the study, each pile was wrappe
less than one hour. Corrosion monitoring data suggests th
performance of the underwater wrapped piles is comparab
those wrapped inside a cofferdam in a parallel study being
ducted at the same site. All these portend well for the futur
this technology.
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FRP Application in Underwater Repair of Corroded Piles 
 

Rajan Sen, Gray Mullins, Kwangsuk Suh and Danny Winters 
 
 
 

Synopsis: The poor durability of conventional corrosion repairs has led to increased 
interest for its replacement by fiber reinforced polymers (FRP). Over the past decade, 
several highway agencies completed demonstration projects in which FRP was used to 
repair corrosion damage on surfaces that were dry. These repairs have held up well and 
show little sign of deterioration. The availability of resins that can cure in water has made 
it possible to explore the application of FRP for the underwater repair of corrosion-
damaged piles. This paper presents findings from three demonstration projects in which 
corroding reinforced and prestressed piles at two contrasting locations were repaired 
using two different FRP systems. Several piles were instrumented to allow long-term 
corrosion monitoring. The projects confirm the feasibility of conducting underwater FRP 
repairs in tidal waters. Preliminary data suggests that the wrap leads to a reduction in the 
prevailing corrosion rate.   
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Keywords: Corrosion, FRP, Instrumentation, Piles, Repair, Underwater 
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INTRODUCTION 

 
The high concentration of chloride ion in seawater allows it to penetrate to the level 

of steel even in high-quality concrete. As a result, the passive layer that normally protects 
steel is destroyed making corrosion of reinforcing or prestressing steel inevitable. This 
problem is particularly severe in tidal waters in sub-tropical environments where the 
combination of wet/dry cycles and high temperature/high humidity can lead to rapid 
deterioration that necessitate costly repairs.  

 
Corrosion repairs are only durable if the conditions responsible for the original 

deterioration are removed. This means that all chloride-contaminated concrete including 
the concrete behind the steel must be removed1. Since the boundaries of the chloride 
contaminated region are not known with any precision this is daunting task even under 
dry conditions. For half-submerged piles in salt water this is a near impossibility.  

 
Not surprisingly, corrosion repair of piles is seldom durable with the exception of 

the Life Jacket system2-3 developed through the pioneering efforts of the Florida 
Department of Transportation4-7. In this system, corrosion is stopped by integrating a 
sacrificial cathodic protection system within the repair. Unfortunately, the Life Jacket 
system may not always be affordable. In such instances there is a need for alternative, 
cost effective “temporary” repairs that are more durable than conventional ‘chip and 
patch’ type of repairs.   

 
 Fiber reinforced polymers (FRP) offer the prospect of such a cost effective repair. 

Its lightweight, high strength and resistance to chemicals offer obvious cost advantages. 
In fabric form, it offers unprecedented flexibility in construction. Moreover, as fibers can 
be oriented as required they can provide strength in any desired direction. This versatility 
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has led to several research studies to investigate if FRP’s strength and durability can be 
harnessed to successfully repair corrosion damage. 

 
It should be noted that the use of FRP for corrosion repair is deemed controversial. 

For example, ACI 440 Committee Guidelines8 states “The application of FRP systems 
will not stop ongoing corrosion …If steel corrosion is evident ….placement of FRP 
reinforcement is not recommended without arresting the ongoing corrosion and repairing 
any degradation to the substrate”.   

 
Economics has been largely responsible for disregarding this valid warning. When 

faced with the prospect of closing a bridge or a temporary FRP repair, highway 
authorities have usually opted for the latter. However, the performance of these 
“temporary repairs”, in some cases extending over ten years of service, has been 
exceptional9. 

 
It should be noted that the vast majority of the studies attempted were carried out 

under dry conditions that are favorable for applying FRP. With the emergence of resin 
systems that can cure in water it has become possible to conduct corrosion repairs under 
water10-11.  

 
This paper describes three field demonstration studies in which FRP repairs were 

carried out on corroding, partially submerged piles in tidal waters. An important element 
in all these applications was that several piles were fully instrumented to allow the 
corrosion rate to be monitored. Thus, these studies have the potential to yield data on the 
role FRP plays in slowing down the corrosion rate. Complete descriptions may be found 
elsewhere12-15. This paper provides a brief overview to highlight some of the more 
important lessons learnt relating to the underwater application of the wrap. 

 
RESEARCH SIGNIFICANCE 

 
This paper summarizes information from three separate field demonstration projects 

relating to an emerging new application of fiber reinforced polymers, namely underwater 
corrosion repair of piles. Corrosion of piles in tidal waters is a common problem and this 
information will be helpful in advancing the state of practice. 

 
PROBLEM STATEMENT 

 
The application of FRP for corrosion repair of piles serves the dual purpose of 

enhancing flexural strength and providing confinement to withstand expansive forces set 
up by corrosion products. Thus, this application is part bond-critical and part contact-
critical.   

 
As with any bond-critical application, surface preparation is important; good bond 

requires the substrate to have an open pore structure to assure capillary suction of the 
epoxy. In underwater application, however, pores will be saturated with water or small 
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marine organisms or algae. This is likely to adversely affect bond and alternative 
measures, e.g. bonding agents, may be required to ensure satisfactory performance. 

 
The logistics of saturating FRP with resin and installing it in underwater 

applications are more complex given unpredictable environmental conditions. Wind, 
waves and tides play a critical role and unless they are factored in, wrapping is unlikely 
to be successful. New techniques have to be established for installation that minimizes 
the impact of these unfavorable conditions. 

 
As stated earlier, FRPs are only viable for corrosion repair if they are cost effective. 

Given the high material cost, pile repairs must be properly engineered. Unfortunately, not 
all relevant information is available, e.g. relationship between corrosion and expansion.  

 
Safety is of paramount important issue and must be factored in all operations. 

Normal as well as extraordinary measures need to be taken to avoid potentially 
unfavorable conditions. Meticulous planning and coordination is required to prepare for 
unexpected situations.    

 
DESIGNING CORROSION REPAIR 

 
The role of FRP in pile repair is twofold: first to restore lost flexural capacity due to 

steel corrosion; second to provide resistance to withstand expansive forces caused by 
corrosion of steel. The former requires fibers to be oriented parallel to the direction of the 
reinforcing or prestressing steel, i.e. along the length, while the latter requires fibers in 
the transverse or hoop direction, i.e. perpendicular to the steel. This can be met either by 
using two different sets of uni-directional fibers one for each direction or preferably, by 
using bi-directional FRP material that requires less labor.  

 
An estimate of the required strength in the longitudinal direction may be made 

based on the steel cross-section that was lost by corrosion. A large body of laboratory test 
data relating ultimate capacity to metal loss is available in the published literature and 
this provides a means for developing a rational procedure. Alternatively, a conservative 
capacity loss may be assumed. This was the case in the demonstration projects where 
capacity loss was assumed to be 20%.   

 
Currently, there is a lack of reliable information on transverse expansion caused by 

corrosion. Most available experimental transverse expansion data was obtained from 
accelerated corrosion tests that resulted in symmetric cracking. In practice, the combined 
action of wind and waves result in uneven chloride penetration that inevitably results in 
asymmetric cracking. More importantly, the solubility of corrosion products from 
accelerated testing may be different. Thus, laboratory data may not be appropriate. In 
view of this, a simplified procedure was developed12, 16. In design, the expansion strain 
was assumed as 0.1% (approximately 3 times the ultimate concrete tensile strain assumed 
to be 10% of the ultimate concrete failure strain).  
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Using the above assumptions, a two step design procedure was developed that was 
used in all the demonstration projects. In the first step, strain compatibility analysis was 
used to develop interaction diagrams to determine the number of FRP layers required to 
make up for the assumed shortfall in flexural capacity due to corrosion. In the second 
step, the confining lateral strain provided by this strengthening was checked to ensure 
that this did not exceed an assumed expansion strain of 0.1%. Results obtained using this 
method were found to be reasonable. For the bi-directional carbon fiber, only two FRP 
layers were required. Twice as many layers were required for fiberglass because of its 
lower strength and stiffness.   

  
DESCRIPTION OF DEMONSTRATION PROJECTS 

 
Three field demonstration studies were conducted at two contrasting sites. The first, 

Allen Creek Bridge, Clearwater is in shallow, relatively calm waters; the remaining two 
studies were carried out on piles supporting Gandy Boulevard bridges spanning Tampa 
Bay. The first of these two bridges is the Friendship Trails Bridge that is now a 
recreational trail for pedestrians and cyclists. The second is the Gandy Bridge. The waters 
of the Tampa Bay are much deeper and more turbulent than those of Allen Creek.   

 
These sites were selected because the environment is extremely aggressive. This 

was confirmed from chloride content analysis of concrete cores taken from the piles. The 
chloride content at the level of the reinforcement exceeded the threshold required for 
corrosion to be initiated.  

 
FRP material -- Two differing systems were used in all three demonstration 

projects. One was a pre-preg, the other a wet lay up. The pre-preg system was from Air 
Logistics in which all the FRP material was cut to size, resin saturated in the factory and 
sent to the site in hermetically sealed pouches (Fig. 1). The wet lay up system used for 
wrapping the piles under wet conditions was from Fyfe. An additional wet lay up system 
was also used but this was carried out under dry conditions inside a cofferdam. For this 
reason, it is not discussed in this paper. Both carbon and fiberglass were used. Details of 
the properties of the fiber and the resin as provided by the suppliers are summarized in 
Tables 1 to 4. 

  
Allen Creek Bridge 
 

Allen Creek Bridge is located on the busy US 19 highway connecting Clearwater 
and St. Petersburg, FL. The original bridge built in 1950 was supported on reinforced 
concrete piles driven into Allen Creek. In 1982, the bridge was widened and this new 
section was supported on 35 cm (14 in.) square prestressed piles.  

 
The waters from Allen Creek flow east into Old Tampa Bay that in turn joins the 

Gulf of Mexico to the south. The environment is very aggressive; all the reinforced 
concrete piles from the original construction had been rehabilitated several times. At low 
tide, the water level in the deepest portion of the creek is about 0.76 m (2.6 ft). Maximum 
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high tide is about 1.89m (6.2 ft). This shallow depth meant that the underwater wrap 
could be carried out on a ladder.  

 
Preparatory work -- Pile surfaces were covered with marine growth (Fig. 2) that had 

to be scraped off. Additionally, two of the four corners that were not rounded but 
chamfered had to be ground using an air-powered grinder. This was a difficult operation 
particularly for sections that were below the water line. A quick-setting hydraulic cement 
was used to fill any depression, discontinuities and provide a smooth surface. Just prior to 
wrapping the entire surface was pressure washed using freshwater to remove all dust and 
marine algae.  

 
Instrumentation -- Instrumentation was installed to allow linear polarization and 

corrosion potential measurements to be made. An innovative instrumentation scheme was 
developed that eliminated the need for wiring and junction boxes14. This was an 
important consideration since the piles were located in relatively shallow waters that were 
accessible on foot. Several piles supporting the structure had been defaced and the 
probability of vandalism was very real.  

 
FRP wrapping -- Two different schemes using two different materials were 

evaluated. In each scheme four piles were wrapped with two other instrumented piles 
serving as controls. In the first scheme, cofferdam construction was used and the piles 
wrapped using a bi-directional FRP in a wet lay up under dry conditions. As this was 
wrapped under ‘perfect’ conditions, its performance provided a means for evaluating 
piles that were directly wrapped in water using a new water activated resin (Fig. 3). The 
latter scheme was a pre-preg system developed by Air Logistics.  

 
The pre-preg was easy to install since all the material came in labeled hermetically 

sealed packets. After applying an initial epoxy layer, the packets were opened according 
to the layout scheme and the FRP material applied. A shrinkage wrap was applied at the 
end to allow the FRP to cure. On an average, it took between 30 minutes to 45 minutes to 
wrap a pile over a 1.5 m depth depending on the number of layers of material that had to 
be applied.  

 
Friendship Trails Bridge 
 

This is the oldest of the Gandy Boulevard bridges crossing Tampa Bay. It was 
originally constructed in 1956 and was slated for demolition in 1997. Thanks to 
community activists, the bridge was saved, refurbished and rehabilitated. In 1999, the 
bridge was re-opened as a pedestrian bridge and re-christened as the “Friendship Trails 
Bridge”. The 4.2 km (2.6 mile) structure is now the longest over-water recreational trail 
in the world. The bridge has 275 spans supported by 254 reinforced concrete pile bents 
and 22 column type piers located at the main channel crossing. Seventy seven percent of 
the 254 piers supporting this bridge have needed to be repaired indicating that the 
environment is very aggressive. 
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Preparatory work -- All piles wrapped were 50.8 cm x 50.6 m (20 in. x 20 in.) 
reinforced concrete piles and wrapped over a depth of 1.5 m that extended all the way to 
the underside of the pile cap. The waters are approximately 4.88 m (16 ft) deep. This 
meant that ladders could no longer be used to apply the FRP in this situation. An 
innovative scaffolding system was designed and fabricated. It was lightweight, modular 
yet sufficiently rigid when assembled to support 4-6 people. The scaffolding was 
suspended from the pile cap and extended 2.74 m (9 ft) below. Its mesh flooring provided 
a secure platform around the pile that allowed the wrap to be carried out unimpeded in 
knee deep waters (Fig. 4).  

 
Instrumentation -- Unlike the Allen Creek Bridge where vandalism was a real 

concern, the piles of the Friendship Trails Bridge are located in deeper and more 
turbulent waters. Moreover, as the majority of the piles supporting this bridge had been 
repaired and some were instrumented, the element of novelty was absent making 
vandalism less likely. In view of this, an instrumentation system developed by the Florida 
Department of Transportation was selected. This required both wiring and junction 
boxes. The scheme uses rebar probes (Fig. 5) that are installed at different elevations 
close to the reinforcing steel. Changes in the direction of the corrosion current between 
these locations can indicate if the FRP is working as expected. Reductions in the 
measured current compared to unwrapped controls were also expected to provide an 
index of the efficacy of the FRP wrap. The drawback with this system is that it takes time 
for the equilibrium state around the probe to be attained. Until this time, data may not be 
meaningful. 

 
FRP wrapping -- Two different FRP systems were used. One was the same pre-preg 

system with a water-activated resin used in the Allen Creek Bridge. The other was Fyfe’s 
system that used resins that cure in water. The pre-preg system was used to wrap four 
piles – two using carbon and two using glass. The wet-lay up system from Fyfe required 
on-site saturation of the fibers. Two piles were wrapped with fiberglass using this system. 
Of the two, one was an experimental FRP system that combined wrapping with a 
sacrificial cathodic protection system. Two other unwrapped piles in a similar initial state 
of disrepair were used as controls to evaluate the performance of the wrapped piles. 
Application was facilitated through the use of a scaffolding system mentioned earlier 
(Fig. 6).  

 
The pre-preg system was applied as in the Allen Creek Bridge and posed no 

problems. The Fyfe system was more challenging since the FRP material had to be 
saturated on-site. Access to foundations of an adjacent bridge provided a convenient 
staging post for the on-site impregnation (Fig. 7). On an average the operation took 90 
minutes to complete. 

 
Gandy Bridge 

 
The Gandy Bridge built in 1970’s connects St. Petersburg to Tampa.  The bridge 

has approximately 300 piers comprising five or eight prestressed concrete piles with 50.8 
cm x 50.8 cm (20 in x 20 in.) cross section. The original plan was to just wrap one 
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heavily corroded pile (Fig. 8). Later, the scheme was revised to include three piles. An 
additional unwrapped but instrumented pile served as control (Fig. 9). 

     
Preparatory work -- Though the scaffolding system used at the Friendship Trail 

Bridge provided a safe and stable working space, it required at least four to five people to 
install and move because of its large size and weight.  In view of this, a new scaffolding 
system was developed that was geared towards wrapping individual piles. This was in 
two parts that were readily assembled in the field and suspended from the pile cap using 
steel chains rather than welded angles used earlier. The system could be installed by 2-3 
people easily and quickly, and provided a good working space for 3 people (Fig. 10).  
Prior to applying the wrap, the severely damaged pile (Fig. 8) was repaired. The surface 
of the exposed concrete and steel was cleaned by sand blasting and the damaged section  
restored using an underwater patch material, Tyfo PUWECC, manufactured by FYFE 
Co. LLC. All procedures recommended by the manufacturer were followed.  

 
Instrumentation -- Since it was expected that FDOT would take over monitoring of 

the performance of the piles after the project was over, the same rebar probes used in the 
Friendship Trails Bridge were retained. Additionally, a commercial probe was used. This 
was relatively bulky in size but could just be accommodated within the cover. The benefit 
of the new system was it also allowed the corrosion rate to be monitored. Rebar probes 
were positioned at four different levels for measuring current flow and commercial 
probes were installed at two levels for performing the linear polarization measurement.   

 
FRP wrapping -- The same two systems used in the Friendship Trails Bridge were 

also used in the Gandy Bridge. The operation was identical excepting that the system 
used for saturating the fibers for the Fyfe system was modified. Instead of using the 
saturating machine, hand methods were used as they were found to be speedier and 
equally effective. The entire operation went smoothly and the wraps were installed in 
about an hour each (Fig. 11).   

 
DISCUSSION 

 
 The use of FRP for corrosion repair of piles in tidal waters poses many problems 

relating to surface preparation, wrapping, instrumentation and monitoring long term 
performance. In this study the modus operandi was modified to accommodate the 
contrasting demands of the different sites and also the differing conditions of the piles.  

 
Fig. 12 shows the condition of the wrapped piles in the Allen Creek Bridge after 

almost two years. The FRP appears to be in reasonable condition although marine growth 
has formed on the surface of the wrap. This is borne out by corrosion rate measurements 
shown in Fig. 13. These cover a period of nearly two years from the time the piles were 
first wrapped in March 2003.  

 
Fig. 13 shows the average corrosion rate measurements in unwrapped controls, and 

piles wrapped under dry (cofferdam) and wet conditions. The variation in temperature is 
also shown. Inspection of Fig. 13 shows that the corrosion rate in the wrapped piles is 
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low and stable while that of the unwrapped piles showed continual fluctuation possibly 
due to environmental factors such as temperature and tide change. According to criteria 
proposed by Clear17, corrosion is not expected in the wrapped piles and it may occur in 
10–15 years in the unwrapped piles.  

 
Fig. 13 also shows that the corrosion rates for the piles wrapped under dry or wet 

conditions are quite similar. This suggests the underwater epoxies performed well and the 
piles are being provided comparable protection.  Since strengthening is a bond critical 
application, bond tests are planned before the project ends to evaluate the relative quality 
of the bond in the two systems.  

  
CONCLUSIONS 

 
This paper provides a brief overview of three demonstration projects in which 

instrumented reinforced and prestressed piles were wrapped using different FRP systems. 
Wrapping was carried out directly under water using ladders and innovative scaffolding 
systems suspended from the pile cap. The research team was pleasantly surprised at the 
ease with which the underwater wrapping was carried out.  

 
Procedures that worked best can be summarized as:  
 

1. Transverse wrapping is easiest – longitudinal pieces are awkward to handle and 
difficult to position. Bi-directional material is best.  

2. Scaffolding ensures safety and simplifies installation.  
3. Pre-preg is easier to use. On-site FRP saturation can be problematic. 
4. High winds and high tides should be avoided. 
 
The instrumentation system used in the Allen Creek Bridge, Clearwater requiring no 

wiring and junction boxes has proved to be robust and effective. Corrosion rate 
measurements over 2 years suggest that the performance of piles wrapped under dry 
conditions, i.e. using cofferdam construction and wet conditions was comparable. This 
could be because the measured corrosion rates are still low.  

 
Underwater wrap for pile repair is relatively new and many innovations may be 

expected in the future that will make applications simpler. Should repairs prove durable, 
highway agencies will have access to another method of pile repair that may be 
economical in particular situations.  
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Table 1 -- Properties of Aquawrap® Fabric 
 

Fiber 
 

Material 
Tensile 

Strength 
(MPa) 

Tensile 
Modulus 

(GPa) 

Load per Ply 
(kN/m) 

Uni-directional  GFRP 590 36 420 
Bi-directional GFRP 320 21 210 

Uni-directional  CFRP 830 76 596 
Bi-directional CFRP 590 22 420 
 
 

Table 2 -- Properties of Aquawrap® Base Primer #4 
 

Properties Quantities 
Compressive Strength 69 MPa 

Tensile Strength 33 MPa 
Elongation at Break 40% 

Flexural Strength 46 MPa 
Shore Hardness 91 

 
 

Table 3 -- Properties of Tyfo® SEH-51 Composite 
 

Properties Quantities 
Tensile Strength 3.24 GPa  
Tensile Modulus 72.4 GPa 

Ultimate Elongation 4.5 % 
Laminate Thickness 0.127 cm 
Dry Fiber Weight 915 g/m2  

Dry Fiber Thickness 0.038 cm 
 
 

Table 4 -- Properties of Tyfo® SW-1 Epoxy 
 

Properties Quantities 
Mixing Ratio, by wt 100:56 

Specific Gravity 1.6 
Gel Time, 18 °C, hours 2.5-3.5 

7 day Compressive Strength 48-55 MPa 
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Figure 1 -- Prepreg FRP Material 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Figure 2 -- Marine Growth, Allen Creek Bridge, Clearwater 
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Figure 3 -- Underwater Wrapping, Allen Creek Bridge, Clearwater 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Figure 4 -- Scaffolding System, Friendship Trails Bridge, Tampa, FL 
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Figure 5 -- Rebar Probe Installation 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Figure 6 -- Underwater Wrapping, Friendship Trails Bridge, Tampa 
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Figure 7 -- On-Site Saturation, Friendship Trails Bridge, Tampa 
 
 
 
 
 
 
 
 
 
 
 
 

 
 
 
 
 
 
 
 
 
 
 
 

Figure 8 -- Heavily Corroded Pile, Gandy Bridge, Tampa 
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Figure 9 -- Selected Piles, Gandy Bridge, Tampa 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

 
 
 

Figure 10 -- Scaffolding System, Gandy Bridge, Tampa 

Selected piles 
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Figure 11 -- Underwater Wrapping, Gandy Bridge, Tampa 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Figure 12 -- View of Wrapped Piles, Allen Creek Bridge, Clearwater after Two Years  
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Figure 13 -- Results of Corrosion Rate Measurement at Allen Creek Bridge, Clearwater  
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Blast-induced liquefaction experiments have been conducted at a num-
ber of test sites to evaluate lateral foundation resistance and soil im-
provement techniques. Tests can be constructed at full scale without
waiting for an earthquake. In this extreme environment, pore pressure
transducers must survive transient blast pressures of 41.4 MPa (6,000 psi)
yet have enough resolution to measure residual pore pressures of
�0.69 kPa (0.1 psi). Three transducer types were evaluated under these
demanding conditions, and the piezoresistive transducer was found to
be the most robust. These sensors were repeatedly subjected to extreme
blast pressures and vibration, but they still provided accurate time his-
tories of residual pore pressure. Although these piezometers are more
expensive than other types, installation techniques allowed them to be
recovered and reused in subsequent tests and thus reduced overall costs.
These pore pressure sensors make it possible to define the extent of the
liquefied zone during blast liquefaction experiments and to understand
the soil behavior during cyclic loading of deep foundations.

During the past several years, a procedure has been developed to
simulate the earthquake-induced liquefaction process by using con-
trolled blasting. This procedure makes it possible to conduct full-
scale testing inside a liquefied soil volume to evaluate foundation
behavior and soil improvement techniques without waiting for an
earthquake or relying on scale models. This procedure has now been
used at a number of sites to evaluate a variety of issues. For example,
testing on Treasure Island in California’s San Francisco Bay evaluated
the lateral resistance of piles and pile groups in liquefied sand (1, 2).
Testing in Charleston, South Carolina, evaluated the lateral resis-
tance of an 8.5-ft-diameter drilled shaft in liquefied sand for the
Cooper River Bridge and included lateral statnamic loading after
blasting (3). Tests in Vancouver, British Columbia, evaluated the
ability of prefabricated vertical drains to dissipate pore pressure and
prevent liquefaction (4 ). Testing in Maui, Hawaii, evaluated the
liquefaction resistance of coralline sands (5). Testing in Hokaido,
Japan, evaluated the lateral resistance of sheet pile walls and pile
groups subjected to a blast-induced lateral spread after liquefaction

(6 ). Future studies will evaluate the reduction in axial capacity and
the development of downdrag forces on piles after liquefaction.

A critical component in the success of this new field testing ap-
proach has been the development of pore pressure sensors that can
withstand the high transient blast pressure produced by explosive
charges and still record the relatively small residual excess pore pres-
sure with acceptable accuracy and resolution. The piezometers are
useful in confirming the development of liquefaction after blasting
and in evaluating the pore pressure distribution during foundation
testing. A number of sensor types and installation procedures have
been used, and successful techniques have been developed through
extensive research.

This paper describes the pore pressure sensors and installation pro-
cedures that have proven successful in full-scale blast liquefaction
experiments. In addition, the results from several experiments will
be described to show the value of the pore pressure measurement
system in understanding the soil behavior in these experiments.

PORE PRESSURE SENSORS AND
INSTALLATION TECHNIQUES

Potential Sensors

On the basis of empirical relationships, a pore pressure sensor might
be subjected to peak transient pore pressures as high as 41.4 MPa
(6,000 psi) at a distance of 5 ft from a 0.45-kg explosive charge. How-
ever, it is desirable to be able to measure the residual pore pressure
with an accuracy of ±0.69 kPa (0.1 psi), because liquefaction is usu-
ally a phenomenon that occurs at relatively shallow depths. Although
it is possible to obtain a variety of pore pressure sensors that can mea-
sure accurately within one of these pressure ranges, it is impossible
at present to find a sensor that can measure accurately within both
pressure ranges. If a sensor is selected to measure the high pressures,
the resolution at low pressures is generally inadequate. Therefore, it
is generally necessary to select a sensor that can measure with ade-
quate resolution at the low pressure range and then ensure that the
sensor can survive the highest pressures but not necessarily measure
them. Although no stock transducer met all these requirements,
several possible transducers were evaluated. These transducers in-
cluded a piezoresistive transducer, a vibrating wire transducer, and an
electric resistance transducer.

Piezoresistive Transducer

The stock transducer that came closest to meeting the various re-
quirements was the P-100MV model produced by Sensotec, Inc.,
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shown in Figure 1a. Design modifications specifically made for
these tests produced a model that has a pressure range from 0 to
6.9 MPa (0 to 1,000 psi) with the ability to withstand pressures six
times the maximum pressure. The resolution is 0.01% of the full
range or 690 Pa (0.1 psi). The transducer is equipped with 30.5 m
(100 ft) of waterproof cable that had been hermetically sealed to the
instrument.

The sensing element in this transducer is a thin circular silicon
diaphragm embedded with four nearly identical piezoresistors. The
silicon is an ideal material for the diaphragm, because it is a perfect
crystal and has extremely good elasticity. This means that the ma-
terial can be strained, and it will always return to the original form.
The embedding of the piezoresistors in the silicon eliminates prob-
lems that have occurred with the bonding of dissimilar materials,
such as thermoelastic strain, complex fabrication, and degradation
of the bond (7 ). When a pressure is applied to the diaphragm, it
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bends and induces a strain in both the diaphragm and the resistors.
This strain causes a change in the resistance, which can then be used
to determine the deflection of the diaphragm and the pressure required
to cause the change.

The transducer by itself cannot be installed into the ground with-
out significant damage. Therefore, a nylon casing with a conical tip
was designed to protect the instrument during installation. A nylon
casing also was used to minimize the difference between the unit
weight of the soil and the sensor. The casing used for this trans-
ducer was developed with the assistance of Professor T. Leslie
Youd at Brigham Young University and was patterned after a cas-
ing used in measuring liquefaction at the Wildlife site (8 ). The cas-
ing, shown in Figure 1b, consists of two parts: the sleeve and the
tip. The sleeve is a solid nylon cylinder with the primary purpose of
protecting the transducer. A rope is attached through a hole in the
sleeve to help during installation and retrieval of the transducer.

FIGURE 1 (a) Piezoresistive pressure transducer, (b) transducer inserted into nylon cone tip housing with
access holes to water, and (c) nylon cone tip mounted on push rod with electric cable and retrieval rope.

(c)

(a) (b)
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The tip contains 125-mm-diameter holes leading to a central cav-
ity. This allows water to be in contact with the tip of the transducer
so that the change in water pressure can be measured. The holes in
the tip are stuffed with cotton to prevent sand from entering the tip
during installation, allowing water pressure to be transmitted to the
transducer.

Vibrating Wire Transducer

The vibrating wire transducer was a Rocktest, Inc., model PWP
piezometer. The transducer has a nominal range of 0 to 690 kPa
(0 to 100 psi) with a resolution of 0.1% of full scale or 690 Pa 
(0.1 psi). Although the transducer was tested at a pressure equal to
150% of full scale by the manufacturer, a vendor indicated that the
transducer had withstood pressures of 6.9 MPa at a test site near
Mt. St. Helens by orienting the portholes so they faced away from
the blast. The pore pressure on the diaphragm is related to the nat-
ural frequency of the vibrating wire in the sensor. The natural fre-
quency is obtained by plucking the wire and timing 100 cycles of
vibration.

The vibrating wire sensor was inserted into a stainless steel cylin-
der with a cone tip that could be pushed into the ground using EW
drill rods. Three portholes were located just above the tip and con-
tained filters. The sensor was attached to a cable that was hermetically
sealed to the instrument.

Electrical Resistance Sensor

The electrical resistance piezometer was based on a Honeywell/Data
Instruments model ABHP-10k strain gauge pressure transducer with
two thermally matched strain gauges bonded to the inner face of a
stainless-steel diaphragm. The transducer has a nominal range of 0
to 69 MPa (0 to 10,000 psi), a burst pressure of 345 MPa (50,000 psi)
or five times the full-scale pressure, and is capable of withstanding a
peak shock of 50 g, where g is the acceleration due to gravity. There-
fore, the sensor should be capable of withstanding blast-induced
transient pressure and shock. On the downside, the transducer has a
manufacturer’s reported accuracy of only 0.25% of full scale, which
is 172.5 kPa (25 psi). However, when used in conjunction with the
MEGADAC data collection system as in this study, the device can
indicate pressure to the nearest 6.9 kPa (1 psi). The transducer was
housed in a direct burial steel casing affixed to a 150-mm-long nylon
porous element that allowed access to the groundwater. Aside from
providing a convenient connection, the steel housing also was in-
tended to isolate the edge of the instrumented diaphragm from un-
desirable lateral soil pressure, which could cause strain in the plain
of the diaphragm.

Installation and Extraction Procedures

Piezoresistive Piezometer

A standardized procedure was used to ensure that accurate pore pres-
sure measurements were made. If an air bubble were present in the
tip, errors would occur, and the data would be useless; therefore,
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every effort was made to eliminate air bubbles and saturate the probe.
After new cotton was inserted into the holes, the tips were boiled to
saturate the material and remove the air. The transducer was then
submerged in deaired water, and the air bubbles were tapped out.
While still submerged, the tips were screwed onto the end of the
transducer, and then that unit was screwed onto the sleeve. Before
the cone assembly was removed from the deaired water, a rubber
membrane was placed around the casing to keep the tip saturated
and prevent contamination in the drilling mud until the transducer
could be pushed into the ground.

The installation process began by drilling 100- to 125-mm holes
at desired locations using rotary mud, drilling to a depth that was
approximately 0.3 m short of the desired sensor depth. The drill bit
was then replaced by a push rod with the transducer fitted on the end,
as shown in Figure 1c. Using the rope to hold the transducer tight
against the push rod, the assembly was lowered into the hole. A notch
cut along the length of the push rod accommodated the cable, which
was fed into the hole. When the bottom of the borehole was reached,
the cone tip was pushed into the soil approximately 0.3 m to the
design depth, causing the rubber membrane to rupture. This proce-
dure enabled the apparatus to be completely encased in the soil and
to remain saturated during installation. The hole was bored to re-
duce the distance that the transducer needed to be pushed into the
ground; however, it also created a large void and provided a drain-
age path to the surface. Therefore, the borehole was filled with
bentonite drilling mud.

Because of the high cost of the piezoresistive transducers, their
recovery after the testing was important. After the blast-induced
liquefaction, sand typically flowed into the boreholes when thin
slurry was used in the borehole. To retrieve the piezometers in this
case, water jetting is used to reopen the hole and extract the trans-
ducer. When the piezometer was located more than approximately
8 m below the ground surface, it became very difficult to success-
fully extract the piezometer using the jetting technique. In sub-
sequent tests, a thicker drilling mud (25 lb/100 gal) was used in the
boreholes above the sensor. In this case, the sand did not flow into
the hole, and the sensors could be successfully extracted simply by
pulling the piezometer out of the ground. With the bentonite slurry
approach, piezometers were successfully extracted to depths of up
to 13.5 m.

Vibrating Wire Piezometer

The vibrating wire sensors were installed using essentially the same
procedure as described for the piezoresistive sensors. However, the
EW rod used to push the piezometer into the ground was left attached
to the piezometer so that it could be removed after the test blast. The
extraction procedure was successful in all cases.

Electrical Resistance Piezometer

The electrical resistance piezometers were installed by drilling to the
desired depth, inserting a polyvinyl chloride (PVC) casing to stabi-
lize the hole, lowering the saturated piezometer to the bottom of the
hole, and then extracting the PVC while backfilling the hole with
approximately 1.3 m of sand. Because the piezometers were of lower
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cost, no effort was made to extract the piezometers from the ground
after the blast-induced liquefaction.

Piezometer Evaluation

Field evaluations of the vibrating wire and piezoresistive piezome-
ters were conducted at a test site on Treasure Island in San Francisco
Bay before the blast liquefaction experiments involving full-scale
test foundations were conducted. Because the vibrating wire trans-
ducer could be purchased at approximately one-third the cost of a
more robust piezoresistive transducer, considerable cost savings
could be realized if the vibrating wire transducer proved successful.

Vibrating Wire Piezometers

The layout of Test Area A involving vibrating wire piezometers is
shown in Figure 2. Three vibrating wire piezometers were installed
to a depth of 3.66 m below grade along a line at a spacing of 2.13 m
on center. Binary explosive charges (Kinepak), also located at a
depth of 3.66 m, were then detonated on a line beyond the outer
piezometers, as shown in Figure 2. The soil profile consisted of
poorly graded sand (D50 = 0.2 mm) with a water table 0.85 m below
the ground surface. The unit weights were approximately 19.95 and
19.47 kN/m3 above and below the water table, respectively. Although
the vibrating wire sensors offered the potential for significant cost
savings, their performance was unsatisfactory. The first blast (Blast
1), destroyed the transducer at a distance of 2.13 m from the 0.50-kg
charge, and the third blast (Blast 3), destroyed the transducer at a
distance of 1.98 m from the 0.25-kg charge. These results disquali-
fied the vibrating wire sensor from further use in the testing pro-
gram. Pressures from both blasts were sufficient to permanently
deform the diaphragm.
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Despite the failure of the transducers at the higher peak pressures,
the sensors that did survive recorded the residual pore pressure dur-
ing Blast 1, as shown in Figure 3. The peak residual pore pressure
at each piezometer location (Δu) was divided by the initial vertical
effective stress (σ′o) to obtain the excess pore pressure ratio (Ru). An
Ru value of 1.0 indicates full liquefaction. The peak residual Ru val-
ues for Blast 1 were 0.54 and 0.31 at a distance of 4.3 and 6.4 m,
respectively from the 0.50-kg blast charge.

Piezoresistive Piezometers

The layout of piezoresistive piezometers and blast holes in Test
Area B is shown in Figure 4. Three piezoresistive piezometers were
installed in a line at a spacing of 2.13, m on center, to a depth of 3.66
m below grade, as was the case in Test Area A. Explosive charges,
located at a depth of 3.66 m below grade, were detonated at a dis-
tance of 2.13 m on the line beyond the outer piezometer in Blasts 4
and 5. All three piezometers survived the blast and recorded peak
residual excess pore pressure ratios of 0.9, 0.57, and 0.28.

Because of the success of the piezometers for the single 0.50 kg
blast, an additional test was performed in which two 0.75-kg charges
were detonated simultaneously at a distance of 2.13 m from the first
piezometer. After approximately 2 min, this blast was followed by
the simultaneous detonation of two additional 0.75-kg charges, as
shown in Figure 4. Time histories of the residual excess pore pres-
sure ratios (Ru = Δu/σ′o) measured by the three piezometers during
Blast 6, are shown in Figure 5. In all cases, the peak residual excess
pore pressure ratio increased to approximately 1.0 immediately after
the blast and then gradually dissipated with time. The second deto-
nation once again brought the excess pore pressure ratio to approx-
imately 1.0, after which the ratios dissipated to approximately 0.1
after about 30 min. As expected, the dissipation rate was highest at
greater distances from the blast charge where radial drainage was
more pronounced. The dissipation rate for Blast 6 (Figure 5) was

Scale m

Blast 3
(W=0.25kg)

Blast 2
(W=0.25kg)

Blast 1
(W=0.50kg)

Vibrating Wire Transducers

Blast Points
0.0 3.0

1.0 5.0

FIGURE 2 Layout of Test Area A for evaluating vibrating wire piezometers at
Treasure Island, San Francisco. Test area, 0.61 m below surrounding grade; blast
charge locations, 3.66 m below grade in test area; transducer locations, 3.66 m
below grade in test area; water table location, 0.85 m below grade in test area.

                     336



also much slower than that in Blast 1 (Figure 3), because the radius
of the liquefied zone was much larger in Blast 6 (more charges and
greater charge weights were used). The noise evident in the plots
was traced to a bad board, not the piezometers themselves.

Electrical Resistance Sensors

The response of the piezometer was evaluated by installing one
electrical resistance piezometer and one piezoresistive piezometer
at opposite corners of a 1.83-m square to a depth of approximately
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3 m. At the other two corners of the square, 0.52-kg explosive
charges were placed at a depth of 3 m and backfilled with sand.
Two blast tests were then conducted by detonating each charge
individually at the test site in Tampa, Florida, which consisted of
silty sand with a water table approximately 0.3 m below the ground
surface. During the test blasts, both piezometers appeared to per-
form with comparable success; however, the noise associated with
the electrical resistance piezometer was much larger than that for
the piezoresistive piezometer. To minimize this problem, it was
recommended that sampling be performed at a minimum rate of
1,000 Hz and that an averaging procedure be used for each data
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Piezoresistive Transducers

Blast Points
0.0 3.0

1.0 5.0

FIGURE 4 Layout of Test Area B for evaluating piezoresistive piezometers at
Treasure Island. Test area, 0.61 m below surrounding grade; blast charge locations,
3.66 m below grade in test area; transducer locations, 3.66 m below grade in test
area; water table location, 0.85 m below grade in test area.
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point. Both piezometers indicated that liquefaction was achieved
during the test blast.

Although the electrical resistance piezometers performed well
during the test blasts, during subsequent full-scale testing involving
repeated blasting and larger charge weights (1 to 2 kg), the electri-
cal resistance piezometers experienced a very high failure rate. In
many cases, the transducers underwent a large, but undeterminable,
offset in pressure after the test blast and showed only minor pressure
dissipation with time. In fewer cases, the piezometer indicated that
dissipation was occurring and that the pore pressure would finally
stabilize at a new but higher static pressure value. These failures
were attributed to insufficient lateral isolation of the instrumented
diaphragm, which would therefore indicate a change in lateral soil
pressure but of an undetermined magnitude.

APPLICATIONS FOR BLAST 
LIQUEFACTION TESTING

Blast Liquefaction Testing of Pile Group 
at Treasure Island

Blast liquefaction testing was performed in 1999 at a test site on
Treasure Island in San Francisco Bay to evaluate the lateral resis-
tance of pile groups and drilled shafts. The ultimate goal of the
research was to develop “p-y” curves to define the lateral resistance
of the liquefied sand as a function of lateral pile deflection; the
development of these curves is described elsewhere (1, 2). The lay-
out of the test foundations, blast holes, and pore pressure transduc-
ers is shown in Figure 6. The test foundations consisted of a
0.9-m-diameter cast-in-steel-shell (CISS) pile and a nine-pile group
of 0.324-m-diameter steel pipe piles driven open ended. A high-
speed hydraulic actuator was placed between the two foundations
so they could react against each other. Eight 0.5-kg explosive
charges were arranged in a ring around each test foundation and
were detonated two at a time with a delay of approximately 250 ms
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to produce a volume of liquefied sand around the test foundations.
Vertical arrays of piezoresistive pore pressure transducers were
installed at locations adjacent to each test foundation and at several
distances beyond the foundations in the direction of loading, as
shown in Figure 6. These transducer arrays were designed to define
the extent of the liquefied zone and to evaluate the variation of the
pore pressure as cyclic lateral load was applied by the hydraulic
actuator.

Generally, the transducers performed very well during the inves-
tigation. Only four of the 30 transducers failed to function properly.
Three of the piezometers failed because of cable damage during
installation, which allowed water to reach the transducers, whereas
the fourth was damaged by the transient blast pressure that appar-
ently exceeded 41.4 MPa (6,000 psi) for this piezometer, which was
located only 1.5 m from one of the charges.

Time histories of the excess pore pressure ratio along with the
total lateral load are provided in Figure 7 at four depths near the
nine-pile group and at four depths approximately 3.2 m in front of
the row of piles in the group for the first 10 min after blasting. Dur-
ing this time interval, the average excess pore pressure ratios were
typically greater than 95% around the test foundations except at
depths of approximately 0.76 and 1.52 m, where the interpolated
ratio was approximately 76% and 85%, respectively. These ratios
decreased to approximately 85% to 95% at a distance of 3.2 m (9.9
pile diameters) away from the pile group and approximately 40% to
60% at a distance of 5.3 m (16.4 pile diameters). In addition to the
evidence of liquefaction provided by the piezometers, a number of
large sand boils developed around the test piles a few minutes after
the blasting.

Measured pore pressure ratios fluctuated in response to the dis-
placement of the pile group. As shown in Figure 7, pore pressure
ratios decreased significantly at shallow depths near the pile group
as the lateral load increased. The magnitude of the pressure fluctu-
ations decreased with depth and distance from the pile group. At
greater distances from the pile group, the pore pressures tended to
increase rather than decrease during loading. The fluctuations can
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be attributed to at least two reasons. First, as the pile displaced lat-
erally, sand and water flowed behind the piles, filling the gaps that
formed. Second, pile movement strained the soil, resulting in an ini-
tial pore pressure increase, and, at large strains, a phase transforma-
tion occurred with subsequent pore pressure decrease. At distances
close to the pile, where near-field strains were larger, this phase
transformation typically led to a decrease in Ru, which corresponded
to the increase in lateral load. At greater distances, strains were
smaller and generally insufficient to induce a phase transition except
near the ground surface. Therefore, increases in Ru corresponded to
the increase in lateral load at these locations.

Contours showing the distribution of the excess pore pressure
ratio on a cross-section through the two foundations are shown in
Figure 8 and provide further insight regarding pore pressure
response during loading. Figure 8a shows contours at the maximum
load and deflection as the two foundations are pushed apart. At this
point, the Ru values in the immediate vicinity of the foundations
decrease, particularly at the surface. However, at points in front of
the foundations, the excess pore pressure increased. By contrast,
Figure 8b shows contours when the foundations have been pulled
back to their original starting point, which required a tensile force
because sand had flowed behind the pile during loading. At this point,
the Ru values increase near the surface around the test foundations,
but decrease at a distance away from the piles.

Blast Liquefaction Testing of Drilled Shaft 
at Cooper River Bridge

Blast liquefaction testing also was performed in 2001 at a test site
near the proposed Cooper River Bridge between Mt. Pleasant and
Charleston, South Carolina. Liquefaction was expected to develop
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to a depth of 12 m in saturated loose silty sand around the founda-
tion during a repeat of the M7.3 1886 Charleston earthquake (9).
Liquefaction to this depth could significantly reduce the lateral resis-
tance of the drilled shaft foundations for the bridge. Therefore, full-
scale testing was undertaken to evaluate lateral resistance of the
bridge foundations after liquefaction.

The layout of the test foundation, blast holes, and pore pressure
transducers is shown in Figure 9. The test foundation consisted of
a 2.6-m-diameter drilled shaft, 30.5 m long, which extended
through the liquefied sand and into a plastic clay known as
Cooper Marl below a depth of 12 m (3). A series of three lateral
load pulses were produced using the statnamic loading system
mounted on a sled. This sled produced lateral forces up to 2,300
kN with a duration of approximately 0.3 s. Before each statnamic
test, 1- to 2-kg explosive charges located at three to four depths
in each of eight blast holes were detonated to produce a liquefied
test volume. The eight blast holes were equally spaced around one
of the rings surrounding the test shaft, as shown in Figure 9.
Charges in adjacent blast holes were detonated simultaneously
from the bottom upward with delays of approximately 200 ms
between explosions. Vertical arrays of piezoresistive and electri-
cal resistance pore pressure transducers were installed at radii of
1.83, 7.32, and 10.36 m from the center of the test shaft at depths,
as shown in Figure 9. These transducer arrays were designed to
define the extent of the liquefied zone and to evaluate the varia-
tion of the pore pressure as the statnamic lateral load was applied
to the shaft.

On the basis of previous test blast experience at the site, elec-
trical resistance piezometers were used only at relatively large
distances from the explosive charges because of very high failure
rates. The piezoresistive transducers generally performed very
well during this study also; however, there were some cases in
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FIGURE 6 Layout of nine pile group and 0.9-m cast-in-steel-shell (CISS) pile along with locations of blast holes and piezoresistive
piezometers for Treasure Island testing (PPT = pore pressure transducer).
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which an offset in the baseline pressure was observed following
blasting.

Contours showing the distribution of the excess pore pressure
ratio on a cross-section through the test shaft are presented in Fig-
ure 10. Figure 10a shows contours approximately 30 s after the
detonation of the explosives and immediately before the statnamic
test firing. Excess pore pressure ratios near the shaft had dissipated
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somewhat from their initial peak values but were still generally
above 80% to 90%, which indicates that the sands were essentially
liquefied around the test shaft. Figure 10b shows contours for the
foundations immediately after the statnamic test firing. In essen-
tially all instances, the Ru values increased as the statnamic load
was applied because the shaft deflection was limited to less than
90 mm.

FIGURE 7 Time histories of total load and excess pore pressure ratios at four depths adjacent to nine-pile group, (a) to (d), and four depths
3.2 m in front of group, (e) to (h).
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FIGURE 9 Layout of test shaft in relation to blast holes and piezometers at
Cooper River Bridge testing.
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FIGURE 8 Contours of excess pore pressure ratio (Ru) on
cross section through nine-pile group and CISS pile at
Treasure Island (a) while foundations are pushed apart and
(b) while foundations are pulled together. (White triangles
indicate piezometer locations. Ru equals 1.0 or 100% at
liquefaction.)

CONCLUSIONS

On the basis of the test results and analysis performed on this full-
scale fixed-head pile group, the following conclusions can be made:

1. The performance piezoresistive transducer was superior to that
of the vibrating wire and resistance type strain–gauge piezometers.

2. The piezoresistive piezometer could repeatedly survive a tran-
sient blast pressure of up to 41.4 MPa, yet record with a resolution
of 690 Pa.

3. Installation and extraction procedures that allowed the piezom-
eters to be reused at other sites, thereby reducing the cost of
instrumentation for blast liquefaction testing, were developed.

4. Monitoring of pore pressure response using an array of piezo-
resistive piezometers made it possible to confirm the development
of liquefaction surrounding test foundations and to evaluate the pore
pressure response during cyclic loading.
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(b)

(a)

FIGURE 10 Contours of excess pore pressure ratio (Ru) on cross section through drilled shaft at Cooper River
(a) immediately before and (b) immediately after statnamic test firing.
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The Statnamic Analysis Workbook: A Tool for
Automated Data Analysis and Storage

Edward J. Garbin * A. Gray Mullins

Introduction
The importance of accurately determining the

load-bearing capacity of a foundation system
cannot be overstated. Structures are designed for
certain limit state conditions that, when exceeded,
could result in catastrophic failure. To ensure such
tailure does not occur, both the anticipated loading
of the structure and the foundation's available
resistance to this load must be determined.

Several full-scale load test methods have been
devised to establish the load-carrying capacity of
a foundation. Generally, these test methods can
be grouped into three categories: static. rapid.
and dynamic. Static load tests such as those
outlined by the American Society for Testing and
Materials (ASTM) specifications DI 143 and
Dl 194 are considered by industry as highly
reliable since they most closely recreate the load
duration consistent with the intended use of the
foundation.I In such tests, the foundation is
slowly loaded until it demonstrates sufficient
capacity or until it displaces excessively.

Rapid load tests such as statnamic testing,
discussed in the 2000 ASTM submission, are
becoming more popular because of the economic
advantages of their usage. 2 The time required
to complete a test, the amount of necessary
equipment, and the manpower needed to perform
these tests all are substantially less than those
required to execute comparable static load tests.
Although dynamic effects are introduced due to
the rapid rate of loading, the mechanism by
which the soil develops capacity is essentially
the same as static tests. Thereby, the pile com-
presses elastically and distributes load to the
bearing strata proportional to the displacement
and the associated capacity from that soil layer.
Regardless, dynamic effects are introduced that
must be quantified and removed from the mea-
sured data in order to obtain an equivalent static
system response profile.

Dynamic tests such as those specified by
ASTM D4945 are conducted during pile driving
and therefore utilize the least amount of extra
equipment and manpower.3 As this mechanism
of loading (installation) differs drastically from
the intended structural loads, the analysis for
each of the installation blows is necessarily
complex. Stress wave considerations become
paramount in these tests and serve to complicate
the data analysis process. Signal matching is the
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preferred technique used to derive static capacity from this
type of data, and the engineer's experience becomes a con-
trolling factor in the validity of the results.

Valid results demand extreme care during every stage of
the data reduction process, and reproducibility can only
manifest itself in scientifically correct, unbiased data inter-
pretation. For statnamic testing, this is addressed by the
development of several computer software tools. The focus
of this paper is on one such software package developed by
the University of South Florida (USF) for the purpose of
reducing axial statnamic test data. The Statnamic Analysis
Workbook (SAW) is a custom-written, highly automated
Microsoft Excel workbook developed as part of a project spon-
sored by the Federal Highway Administration (FHWA). The
goal was to remove user subjectivity from the data reduction
process and develop a program that could deliver unbiased,
reproducible results.

Statnamic Background
Developed by Berminghammer Foundation Equipment,

the statnamic load test is founded upon the principles of
Newton's second and third laws of motion. Newton's
second law states that "the acceleration of an object is
directly proportional to the resultant force acting on it and
inversely proportional to its mass."4 Newton's third law
states "if two bodies interact, the force exerted on body 1 by
body 2 is equal to and opposite the force exerted on body 2
by body 1."4 Whereas dead-weight (Kentledge) static load
testing requires the use of large masses whose total force is
proportional to the acceleration due to gravity, statnamic
load testing uses much smaller reaction masses that are
subjected to as much as twenty times the acceleration due to
gravity (20 gs). By utilizing the inertial force associated
with this accelerated mass, large capacity load tests are
possible with comparatively small equipment. A detailed
description of the test procedure can be found elsewhere. 5 '6'7

When first introduced in the late 1980s, statnamic testing
was performed while monitoring only the applied load and
resulting displacement at the top of the foundation. It is
commonplace now to also monitor top-of-pile acceleration as
well as toe acceleration and strain at various elevations along
the pile. This additional information can be used to further
describe the reaction of the soil-pile system to the applied
statnamic load.6' 8 However, as this paper will show, it is
possible to obtain very precise and reproducible system
response using only top-of-pile information, provided the pile
is not extraordinarily long (<1 00 feet for concrete piles).6 '9

The statnamic test is a subset of rapid load tests as
described by the 2000 ASTM submission.2 The implication
of this loading classification is that the load duration is long
enough that it does not introduce stress waves. Secondly,
the pile can be analyzed essentially as a rigid body. As this
classification encompasses loadings that may induce accel-
eration and velocity of the rigid body. any analysis must
address the associated resistance to movement.

Figure 1 shows the types of error that can accumulate in
the data when these forces are not properly quantified and
removed. The left-most curve represents the static load
displacement response. Proceeding to the right, increased

dynamic effects tend to cause an overestimation of elastic
stiffness and ultimate capacity. Additionally, long-term
foundation response to any loading is soil-dependent and may
not be reflected by some load tests (static, rapid, or dynamic).
In such instances the analysis of foundations may incorpo-
rate a rate effect factor to mitigate these discrepancies.

E

=a)
E

C,L

.0
U)

Load (kN)
'0 -150 -250

Figure 1. Dynamic force effects on foundation load-
displacement response

Statnamic Data Regression
The data recorded during a basic statnamic test includes

elapsed time, magnitude of applied load, top-of-pile
acceleration, and top-of-pile displacement. The velocity of
the moving pile can therefore be determined by either
integration of the acceleration-time data or differentiation
of the displacement-time data. Both methods should be
incorporated for verification of data quality. Knowing the
acceleration, velocity, and displacement of the pile during
the test event, there is sufficient information to describe
the forces acting on the pile using the general equation of
motion. This section provides an explanation of the mod-
eling and numerical analysis process.

A single degree-of-freedom dynamic system can be rep-
resented with the Kelvin-Voigt constitutive model shown
in Figure 2.10 Here, the mass represents the mass of the
pile that is supported by soil having both static (spring) and
viscous (dashpot) resistance components. Excitation of this
system is obtained by providing a statnamic load pulse to the
top of the pile. The reaction forces that develop in response
to this excitation include the acceleration-dependent inertial
force of the pile (ma). the velocity-dependent viscous
resistance of the soil (cv), and the displacement-dependent
static resistance of the soil (kx). At equilibrium, a summation
of vertical forces leads to

(1)Fstn(t) = ma(t) + civ(t) + kx(t),

where

t = time
Fstn(t) = applied statnamic force
kx(t) = static resistance
cv(t) = damping resistance of the soil
ma(t) = inertial force .
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Applied Force = Fstn(t)

Lumped imass

Nonlinear Spring
(Static Resistance) ma(t) Viscous Dashpot

.

the point of maximum displacement, the static resistance at
this point can be determined as

kX2 = F -a(t2)-ma(t 2), (2)

where

t2
FStn(t2)

ma(t2)
kx2

Figure 2. Constitutive model used in data regression

= time at which maximum displacement occurs
= applied statnamic force
= inertial force
= static resistance at point of maximum

displacement.

To successfully obtain the static resistance of the pile
from a statnamic excitation, equation 1 must be solved for
the quantity kx(t). Reviewing each of the terms reveals there
are two unknowns in this equation: the spring coefficient k
and the damping coefficient c. The system is underspecified
and does not possess a closed-form solution.

Middendorp's Unloading Point Method (UPM) is a
numerical procedure developed specifically to solve for the
damping coefficient.5 Several assumptions must be made to
apply the UPM. First, it is assumed that the pile behaves as a
rigid body, that is, there is no appreciable elastic compression
as load is applied. Secondly, once the pile fails, it does so by
plunging at a constant static capacity. Finally. the damping
coefficient does not change during the test.5 The validity of
these assumptions varies from system to system; however, in
noncohesive soils and with piles below the aforementioned
critical length, there is good agreement between UPM-based
results and those measured during static testing.1I

Middendorp defines a time window in the statnamic
load-displacement data as beginning at the point of max-
imum force (tl) and ending at the point of maximum
displacement (t2). These points are shown as points 1 and 2
in figure 3.

E
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-0.020
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-0.040
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-100 -150
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Figure 3. Region in which static capacity is assumed
constant

Within this region the static force is assumed constant.
This assumption is based on the shear characteristics of a
plunging pile and agrees well with actual static load-
displacement behavior. Since the velocity becomes zero at

Having now solved for the static resistance at this
particular time, and assuming that this force remains
constant between t, and t2, the damping coefficient can be
calculated for every point in this region as

Fstn(t) - ma(t) -kx2
c - v (t) (3)

Finally, the median value of all calculated c terms is
computed, and this value is used for the entire test. Having
now determined this median value, equation 1 can be solved
for the static resistance at each time t during the test with

F,.,,,. = kx(t)
= Fs,0(t) - cmedianV(t) - ma(t) . (4)

The Statnamic Analysis Workhook
The process of completing just one UPM on a typical

statnamic data set can be arduous at best. Because the test
event is so small, usually 120 ms to 250 ms, high sampling
rates are used to collect the data. This process results in
thousands of lines of recorded data for each test, further
complicating the issue of determining the static capacity of
the system.

To address this concern, USF personnel in conjunction
with the FHWA developed SAW, a sophisticated data
analysis package based on a Visual Basic for Applications
(VBA)-enhanced Microsoft Excel spreadsheet. Now in its
fourth revision, SAW is a powerful tool that allows for the
quick, unbiased determination of the static capacity of a
foundation given its statnamic response information. The
following sections of this paper explain the development
and use of SAW on typical statnamic data.

Data Import
At the root of any data analysis application is the data

itself, Issues such as the type of data file, the number of
records within the file, and the arrangement of those records
all must be addressed. Statnamic data files typically are tab-
delimited, ASCII text files, regardless of the data acquisition
system used to record them. However, the arrangement and
content of these files varies greatly for different acquisition
systems. As a result, analysis programs must be able to dis-
tinguish various data file formats and properly import the
data from each. Because the final data file format is highly

20 Journal of Engineering Technology * Fall 2004
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dependent on the input given during a test, it becomes
impossible to provide for every possible arrangement.
Therefore, additional functionality must be included in the
analysis program to allow data from unknown file formats
to be imported.

To meet this demand, SAW is equipped with a strong
parsing algorithm that is comprised of a collection of several
independent VBA modules. The first is a control module
that prompts the user for the name of the data file to be
imported, and then transfers this information to the parsing
module. The parsing module opens the file, reads a specified
section of it, and then transfers the contents of this section to
the data type library. The data type library contains entries
that are compared to the data that was read in with the pars-
ing module. Once a match is found, a flag is set and then
used by the importer module to determine where individual
records are located within the data file. If the data is stored
in an unrecognized format, another module allows this data
to be manually imported. The user simply highlights the
data that will be read into SAW and selects a command
button to complete the import process, as shown in figure 4.

Figure 4. Primary user interface in SAW

Once the data being imported has been identified, either
automatically or manually, the import process commences
in two stages. First, the number of records in the data file
is determined. Because most of the workbook is generated
dynamically depending upon the length of the data file,
SAW is equipped with code that allows it to precisely
determine the number of records contained in the file, using
low-level file manipulation commands embedded in a Do-
Until loop. The function of this looped code is to essentially
count the number of lines of data in the file. After each line
is counted, an integer variable is incremented by one. Once
the loop finishes, the value of the integer variable corre-
sponds to the number of lines of data in the file.

Having determined the quantity of data being imported,
the second stage of the import process is to actually import
the data and write the associated worksheet formulas for
zero-correction, units conversion, numerical integration, and
numerical differentiation. At this time a number of key
values are also determined. The maximum value of applied
load is identified and its location within the workbook is
specified. The algebraic signs of the imported data are also
determined, an important feature because the use of an
inconsistent sign convention will lead to erroneous calcu-
lations. The algebraic sign of each measured parameter
depends upon the instrumentation and acquisition system
used. It is standard practice in the study of physics to assign
a negative sign to acceleration vectors that are directed
toward the center of the earth, and also the standard chosen
for data imported into SAW. All values of load and dis-
placement that are directed into the foundation are assigned
a negative sign. Similarly, acceleration is assigned an
algebraic sign such that when it is integrated twice with
respect to time, the resulting displacement is in the same
direction as that value measured during the test.

66 Rapid load tests such as statnamic testing,
discussed in the 2000 ASTM submission,
are becoming more popular because of

the economic advantages of their usage. 99

After the data is imported and the sign convention is
verified, the data must be zero-corrected. It is known that
there is no initial relative acceleration, velocity, or displace-
ment present in the system. However, the recorded data will
not start at zero because the transducers typically measure
absolute, not relative, quantities. The origin of the data is
therefore adjusted automatically by the VBA code.

Adapting to Faulty Data
Sometimes there is a problem with one of the transducers

that causes it to transmit faulty data. For example, during a
statnamic test it is possible to move the foundation beyond
the range of the displacement transducer, which is about 50
mm. This condition introduces useless data into the record
set. Since the spreadsheet normally includes the laser dis-
placement in calculations and graphs, this erroneous data
produces meaningless results. This displacement error is
just one example of a problem that can occur in the field.
Because all transducers are sensitive electronic devices, any
one of them is subject to failure.

SAW is written in a manner that exploits the redundancy
in the instrumentation. In addition to numerically integrat-
ing accelerometer recordings to obtain velocity and then
displacement, the laser displacement is differentiated with
respect to time as well. Velocity and acceleration are calcu-
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lated again. If either the accelerometer or the displacement
transducer fails during a test, the necessary data can be
obtained from the remaining transducer. Additionally, it is
useful to compare the displacement traces from both the
accelerometer and the laser to ensure that they match
reasonably well. Results show that the use of the twice-
integrated accelerometer data can compensate for noise
found in the laser data. As shown in figure 5, SAW offers a
customized user form that lets the user select the source of all
data for calculations and graphs.

* 1:*::. II
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-l dit&mb:l 7 - --;J00 -*." 9--- -4 - I 5tz@- - --I
r J1i~A IIII 551 1010 4, I4.010-4 d01P40 COI

af: ::los,m f:f :0:0E:E C .tss,oo: 7 ;7 :

l'0 t.5eold' 0 f 0 D. Et I r d

t:_ _ -S -0 ,, ,,_1 \_:D,__ __ _

Figure 5. Data Options tool for choosing source data

The custom user form shown in figure 6 allows the
user to truncate data as needed. Because both pre- and post-
event readings are taken during a statnamic test, it is often
desirable to eliminate excess readings from the end of a test
to make the results more presentable. One immediate con-
sequence of doing so is that the last recorded load value is
lost, thereby nullifying any previous attempt at zero-
correcting the load data. In response, the final recorded load
value is permanently stored in SAW when the data is first
imported. With the custom user form, the analyst then
specifies the last desired time value for the test data and the
program automatically truncates the file to that point. This
process does not affect the zero-correction of the load data
and does not change the original data file in any manner.

. 8) Unloading Point calculations ar[e complete.
I Te9"

:: ~ ~ -11 _
'i

Figure 6. Data Trim tool for removing postevent data

Data Manipulation
There are a number of standard calculations that are always

performed for each data set imported into SAW, as shown in
figure 7. Acceleration is integrated with respect to time to
obtain velocity, and then again to obtain displacement. Laser
data is differentiated with respect to time to obtain velocity,
and then again to obtain acceleration. UPM calculations are
performed, in many cases repeatedly for each data set.
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Figure 7. Imported Data screen showing standard calcu-
lations and additional controls

Perhaps the greatest advantage offered by SAW is that
the time required to complete a UPM analysis of the data is
reduced to just a few seconds. All of the steps involved in
the UPM analysis are fully automated with VBA code, and
the results are presented immediately as shown in figure 8.
Changes can be made and a new UPM analysis can be per-
formed quickly and easily. This time savings is particularly
helpful when reducing data from several cycles of load tests
carried out on multiple foundations.
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E -0.030 Fstn- F

L -0.040
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-0.060 . . .
50 0 -50 -100 -150 -200 -250

Load (kN)

Figure 8. Results screen showing applied load, inertia-
corrected load, and static capacity

The flexibility offered by the spreadsheet environment is
unparalleled. Not only can standard UPM calculations be
performed, but any other desired calculation, manipulation,
or presentation of the data can be completed quickly and
easily using the spreadsheet's vast resources. Multiple test
cycles can be superimposed to create a composite found-
ation response curve. Static load test data can be inserted
and compared directly to the statnamic-derived static
response. Even changes in the UPM algorithm can be
quickly incorporated by simply altering cell formulas.

Statistics Database
Revision 4 of SAW includes several new and useful tools

for collecting key statnamic statistics for each processed data
set. As stated earlier, the UPM gives a very good initial
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estimate of the one key parameter necessary for completing
the dynamic force equation: the damping coefficient. Engi-
neering judgement is then employed to adjust this value until
a reasonable load-displacement response curve is obtained.
Because the damping coefficient is contingent on many
variables, it is desirable to keep a database of all values en-
countered during different statnamic tests. SAW includes a
Damping Coefficient Statistics tool that stores the mean,
median, and standard deviation of the damping coefficient c
for each test, as shown in figure 9. This information can then be
used to develop correlations between the statnamic damping
coefficient and parameters such as soil type, load pulse duration,
load magnitude, and strain rate. These correlations ultimately
could provide engineers with reasonable starting values for
new tests. Although not discussed in this paper, correlations
between statnamic-determined damping coefficients, unit
skin friction, and soil type are being developed.12
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Figure 9. Damping Coefficient Statistics tool

Figure 10 shows SAW's Load-Displacement Statistics
tool, which compiles all load-displacement characteristics
such as the maximum statnamic force, magnitude of preload,
maximum static force, and displacement information such as
maximum displacement, displacement at maximum static
force, and permanent set of the pile. These values are then
displayed along with the response curves for the applied
load, inertia-corrected load, and static capacity as a function
of displacement. As with the Damping Coefficient Statistics
tool, both the data and the graph can be exported separately
for future use.

Data Export
The primary goal of the data export module was to

interface with the FHWA's Deep Foundations Database.
Currently, this database contains tables into which statnamic
data can be uploaded. Before SAW, the only way to enter
statnamic data into these tables was to manually input each
recorded value of time, displacement, velocity, acceleration,
applied load, and derived static resistance for each load test.
There is no mystery as to why there is very little statnamic
data in the FHWA database.

Figure 10. Load-Displacement Statistics tool

Recognizing the need for a better method of integrating
statnamic data into the database, USF personnel worked
closely with SAWs program designers, Technology &
Management Applications, Inc. (TMA) of Maryland. TMA
created an automated statnamic Data Import module for
the Deep Foundations Database, shown in figure 11, and a
corresponding data export module for SAW, shown in
figure 12. This export module automatically generates a data
file containing all of the reduced values for a statnamic test,
formatted so that it is recognized by the Data Import module
for loading into the Deep Foundations Database. A typical
test containing 1500 lines of reduced data now can be up-
loaded to the FHWA database in a matter of seconds.
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Figure 11. Data Import module for importing format-
ted data to the FHWA database

A secondary feature of the data exporter is that it can
be used to create files containing only reduced data. These
files are much smaller in size than a full spreadsheet file,
so archiving data from many tests is more efficient. If test
results are needed at a later date, the reduced data file can
be opened by any spreadsheet program and the charts can be
recreated as needed.
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Figure 12. Data Export module for exporting formatted
data from SAW

Summary
Since its introduction in the early 1980s, statnamic

testing has become more widespread as a suitable alternative
to large-scale static load tests. Utilizing a rapid load pulse
and accelerations of as much as 20 gs, the method can be
used to measure the static response of a pile to a given load,
provided the inertial and viscous forces introduced during
testing are quantified and removed from the final data.
Although several methods of analyzing this type of data
presently exist, the UPM was selected for this application.5

The large volume of data collected during a typical
statnamic test together with the extensive calculations
necessary to fully reduce a single data set begs the use of
computer-based analysis. To this end, USF personnel have
developed SAW, a Visual Basic-enhanced spreadsheet
program that automates much of the data reduction task.
Additionally, this software interfaces with the FHWA's
Deep Foundation Database and allows for the upload and
storage of key load test data in the database. SAW is freely
available via the Internet to educational institutions, engi-
neering consultants, or other organizations requiring this
type of statnamic data analysis. 13
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Abstract: A post grouted drilled shaft foundation system was successfully used in place of the specified
driven pile foundation system as a Value Engineering Cost Proposal (VECP) for the new PGA Boulevard
Grade Separation Project. Pressure grouting the cohesionless sandy soils at the drilled shaft base
significantly increased the end bearing capacity and stiffness allowing drilled shafts to be the more cost
effective foundation system. The post grouted drilled shaft option also provided other benefits including
reducing owners risk normally associated with pile driving vibrations and offered a high level of quality
assurance for the drilled shafts. 

This paper discusses the implementation of post grouted drilled shafts from design to completion of
construction. A design procedure for post grouted drilled shafts developed by the University of South
Florida was used for initial VECP evaluation. Prior to construction, two instrumented test shafts were
installed and load tested, one of which was post grouted. Therein, the design procedure was calibrated,
tip elevations for production shafts were refined, drilled shaft construction and grouting procedures were
demonstrated, and a grouting criteria was developed for the project.

Introduction

Although technically feasible, drilled shafts are
not typically thought of being cost effective in
sandy soils. This is mainly because little to no end
bearing can be relied upon within service
displacement limits. Additional skepticism on the
use of end bearing in sand can be attributed to
soil disturbance at the shaft base during
construction and the ability to effectively clean out
the excavation. End bearing capacity in sand can
be significant but large displacements are
required to fully benefit from its use. By post
construction pressure grouting below the shaft tip,

the base resistance can be mobilized thereby
eliminating these problematic issues. In many
cases, the available base resistance improvement
is bounded only by the skin friction resistance to
upward shaft movement. 

Post grouting of drilled shafts has been
successfully used on many projects in Europe and
Asia to precompress soft debris or loose soil
relaxed by excavation (Bolognesi and Moretto,
1973; Stoker, 1983; Bruce, 1986; Fleming,
1993; Mullins et. al, 2000). Its use in the USA,
while it is only recent, is gaining wide acceptance
due in part to a rational design method developed
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by the University of South Florida and its
heightened quality assurance aspects. This paper
only provides a brief description of this design
method and is included only to assist in the
understanding of a case history where post
grouted drilled shafts were used on a major
Florida Department of Transportation bridge
project. A more detailed description of the design
procedure can be found elsewhere (Mullins et. al,
2001). The main focus is on the construction and
load testing of the post grouted drilled shafts.

Project Information

The PGA Boulevard Grade Separation Project
was located in West Palm Beach, Florida and
consisted of improvements to its intersection of
Alt A1A. In all, the project had three bridge
structures including PGA Boulevard Alt A1A,
A1A SW Ramp to I-95 and Alt A1A SW Ramp
over FEC Railway. 

The project was funded by the Florida
Department of Transportation and the Federal
Highway Administration. Astaldi Construction
Corporation was the General Contractor and
TreviIcos South, Inc. the drilled shaft contractor.
Inspection was performed by Delta Consulting
Engineers, Inc. on behalf of the FDOT. Applied
Foundation Testing, Inc. provided
instrumentation, Statnamic load testing and
performed the pressure grouting services on the
project. 

The structures foundations were originally
designed using a LRFD design approach on 24”
square prestressed concrete piles arranged in
bents and groups. Factored design loads were
135  to 220 tons with a resistance factor of 0.65.
Pile lengths were up to 70 feet.  Because nearby
structures were sensitive to vibration, pile driving
hours were heavily restricted and confined to a
four hour work window at night. 

To circumvent these problems, drilled shafts were
considered as a Value Engineering Cost Proposal
(VECP). Pressure grouting of the drilled shaft tips
was used to increase their capacity allowing the
drilled shaft option to be more economical. Other
benefits included reducing the project schedule
due to increased work hours, reduction of pier
cap size, reducing risks associated with
vibrations, and increased drilled shaft quality
assurance.  

A total of 108 drilled shafts replaced 234 24 inch
driven piles. The shafts design diameter was 36
inches (nominal) with lengths of 30 to 50 feet.
Factored design loads ranged from 195 to 490
tons. A resistance factor of 0.75 was used due to
the added quality assurance from load testing.
Although not considered at the design phase,
additional confidence could have been
incorporated in the form of an increased
resistance factor due to post grouting every shaft.

To verify design and demonstrate the
construction method, a load test program was
undertaken. Two test shafts, designated as LT-1
and LT-2, were constructed with nearly identical
geometric properties and subsurface conditions
except LT-2 was equipped with a post grout
apparatus at the tip. Each shaft was also
instrumented with 3 levels of embedded strain
gages. LT-2 also included telltales at three
different levels. 

The test program involved first performing a
grouting test of LT-2 then performing downward
axial compression Statnamic load tests on each
shaft. The instrumentation was monitored during
pressure grouting and load testing.  Based on the
grouting and load test results shaft tip elevations
were refined and a grouting criteria was
developed for the project.
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Soil Conditions

A soil boring was drilled at each test shaft
location.  The as-built location of Test Shaft LT-1
corresponded to Boring B-1. Boring PGAB-1
coincided with the Test Shaft LT-2 location. Test
shaft schematic drawings and soil profiles are
shown in Figures 1 and 2. The soil profile
generally consisted of very loose to dense Sand
(SP) with intermittent layers of shelly Sand for the
entire depth of the borings. 
 

Generally, the upper 30 feet were very loose to
medium dense (N= 2 to 20) and the lower 50
feet were medium dense to very dense sands
(N= 9 to 41). Large amounts of rainfall following
several years of near drought conditions in
Florida produced unusually large fluctuations in
groundwater levels between 3 to 10 feet in depth
during the course of the project.

Figures 1 and 2. Schematic drawing of test shafts and soil profile. 
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Design Approach

As part of an FDOT-funded research program
beginning in June 1999, a design methodology
and construction guidelines were developed by
USF and adopted for FDOT highway bridge
projects. The technology was effectively
transferred to design and construction where
post-grouted drilled shafts have been
implemented on several DOT projects in Florida,
Mississippi and Texas and is planned for several
more upcoming projects. Full details of this study
can be found elsewhere  (Mullins, et al., 2001).
The design approach for post grouted drilled
shaft tips makes use of common parameters used
for a conventional (un-grouted) drilled shaft
design.  This methodology includes the following
seven steps:

1) Determine the ungrouted end bearing
capacity in units of stress.

2) Determine the permissible displacement
as a percentage of shaft diameter
(e.g.1"/48"*100% .2%).

3) Evaluate the ultimate side shear
resistance for the desired shaft length and
diameter (in units of force).

4) Establish a maximum grout pressure that
can be resisted by the side shear
(ultimate side shear divided by the tip
cross sectional area).

5) Calculate the Grout Pressure Index, GPI,
defined as the ratio of grout pressure to
the ungrouted end bearing capacity (Step
3 / Step 1).

6) Using design curves from Figure 3,
determine the Tip Capacity Multiplier,
TCM, using the GPI calculated in Step
5.

7) Calculate the grouted end bearing
capacity by multiplying the TCM with the
ungrouted end bearing (TCM * Step 1).

 

Figure 3. Design curve for shaft tips in sand (Mullins et al., 2001).
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The ungrouted capacity (GPI = 0) is represented
by these curves at the y-intercept where TCM =
1 for a 5% displacement (no improvement). The
1% and 2% intercepts reduce the end bearing
according to the normal behavior of partially
mobilized end bearing.  Interestingly, the grouted
end bearing capacity is strongly dependent on
available side shear capacity (grout pressure) as
well as the permissible displacement.  However,
it is relatively independent of the ungrouted end 

bearing capacity when in sandy soils.  As such,
the end bearing in loose sand deposits can be
greatly improved in both stiffness and ultimate
capacity given sufficient side shear against which
to develop grout pressure. An example of the
ungrouted and grouted capacity analysis as
described above is shown in Figure 4.  In dense
sands and clays significant improvement in
stiffness can be realized with more modest effects
on ultimate capacity.
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   Figure 5. Instrumented test shaft cages.

Foundation Descriptions

Shaft LT-1 was an out of position non-
production shaft constructed in accordance with
the Standard FDOT 455 Drilled Shaft
Specifications. An oversized diameter temporary
casing was installed to a depth of 13 feet to
stabilize the upper soils. This casing which was
removed immediately after pouring concrete had
an outer diameter of 42 inches and a ½ inch wall
thickness. The remaining shaft excavation was
drilled under a bentonite slurry with a 34 inch
diameter drilling tool. The total 

length of LT-1 was 60.8 feet including 1 foot
formed and poured above ground. Shaft
schematic drawings for both test shafts are shown
in Figures 1 and 2.

Shaft LT-2 was an out of position non-
production shaft constructed nearly identical to
LT-1 but had a Flat Jack type post grout
apparatus installed in the tip. Because an
oversized diameter upper temporary casing was
used, the upper 13 feet of the shaft had a section
diameter of 42 inches. The remaining shaft below
the temporary casing depth had a diameter of 34
inches. The total length of LT-2 was 60.5 feet
including 1 foot formed and poured above

ground. Figure 5 shows the instrumented test
shafts. Figure 6 shows the drill rig used for shaft
installation.

Post Grouting of Test Shaft

During the base grouting, the bi- directionally
acting grout pressure is resisted by the skin
friction of the shaft. Thus, the available end
bearing improvement is bounded by the shaft
friction. Inherently, the grouting process then
provides quantifiable data on the skin friction
and a lower limit of end bearing capacity of
each shaft. 

A flat jack type grout delivery system was
fastened to the bottom of the rebar cage prior to
placing it in the excavation. A flat-jack consists of
a steel plate wrapped in a rubber membrane thus
providing a debonded pressurizing surface
beneath the shaft tip (shown in Figure 7). 

Post grouting was performed with a high pressure
high efficiency mixing grout plant as shown in
Figure 8. The plant included a colloidal mixing
tank and an agitated holding tank. The pump was
a single stage hydraulic actuated piston type
capable of 1500 psi grouting pressure. The grout
was Type I/II Portland cement with a
water/cement ratio of 0.50.

     Figure 6. Test Shaft Installation.
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   Figure 8. Three part grout plant.

For the grouting of the test shaft, a reference
beam was set up over the shaft. Note that a
reference beam was not used on any of the
production shafts but rather a survey level.
LVDTs and string potentiometers were mounted

on the reference beam to measure the shaft top
upward displacement and the upward
displacement from the telltales. An electronic
pressure transducer was used to measure grout
pressure. The embedded strain gages directly
above the shaft tip were used to calibrate the
grout pressure to load applied at the shaft base.
The upper levels of strain gages provided the side
shear distribution. A data acquisition system was
used to monitor all instrumentation with a
measurement frequency of 1 sample every
second. The grouting demonstration set up is
shown in Figure 9. Manual measurements were
also made during grouting including shaft top
upward displacement with a survey level, grout
pressure from a dial gage at the pump and grout
volume placed. These three measurements were
made on each production shaft.

The general procedure consisted of first flushing
the grout lines with fresh water until clear water
return was observed. Grouting began with the
lines open. When grout return was observed, the
return line valves were closed and pressurization
started. The grout was injected at low flow rates
and stopped periodically for various
measurements. 

           Figure 7. Flat jack grout plate. 

  Figure 9. Monitoring test shaft during grouting.
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Load Test Program

Axial load tests were conducted using a
Statnamic device, shown in Figure 10.  This
device is capable of applying downward load to
the top of the shaft of up to 2000 tons.  A
mechanical catching mechanism allows efficient
test set up.

Instrumentation included sister-bar mounted
strain gages at the elevations shown on Figures 1
and 2.    The strain gages are included to provide
determination of base and side shear resistance.
The sister bars included full bridge resistance type
strain gages.  The full bridge (four active gages)
provides stable strain measurements to a
precision of less than ½ microstrain and inherent
temperature compensation.  The resistance gages

allow high frequency data logging during the rapid
load testing.  As is typical with the Statnamic load
test setup, load was measured with a calibrated
load cell and displacement was measured with a
photo-voltaic sensor triggered by a stationary
laser reference.  Three capacitive type
accelerometers provide redundant measurement
of displacement and also measure any
eccentricity at the shaft head.

A high speed data acquisition system was used to
monitor all instrumentation with a measurement
frequency of 5000 samples per second.
Traditional survey was performed before and
after each test to provide a check on permanent
displacements.

The derived static capacity from the Statnamic
tests was performed using the Segmental
Unloading Point Method (SUP) developed at the
University of South Florida (Mullins, et. al.,
2002). The  SUP method, discretizes a
foundation into segments. The number of
segments and their lengths are defined by the
locations of the embedded strain gages.  This
allows the standard Unloading Point Method
(UPM) to be applied to each segment.  Then the
total derived static response is calculated as the
sum of the derived static response from the
individual segments.

Test Results

During the grouting demonstration, a total volume
of 6.2 cubic feet of grout was placed. The
maximum upward shaft displacement was 0.687
inches. Figure 11 shows the grout pressure
measured at the pump and the concrete stress
measured at the strain gages (based on a
calculated concrete modulus of elasticity). The
pressure spikes of the single stage grout pump
are not as evident in the strain gage readings. This
type of figure provides a relationship between

Figure 10. 2000 ton Statnamic load test.
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grout pressure measured at the pump and that
pressure (stress) achieved at the shaft tip. Good
correlation was observed during continuous
grouting. However, the divergence shown is due
to grout setting up in the lines during prolonged
waiting periods indicated by the three unloads.
Side shear stiffness is not typically thought to
significantly improve through reloading as it did in
this case. This information was then used to
establish the Production Grouting Criteria
(discussed later). The grout volume is
superimposed in Figure 12. In Figure 13 the
upward load distribution from the strain
measurements are depicted in terms of upward
shaft top displacement. This figure shows a
mobilized upward skin friction capacity of 336
tons at the termination of grouting. In turn,
resisted by a minimum of 336 tons of end
bearing. 

After the shaft was displaced upward during the
grouting process, a downward Stanamic test was
performed. The maximum static capacity for the
grouted shaft, as shown in Figure 14, was 1,170
tons at a top deflection 

of 1.80 inches. The maximum capacity of the
ungrouted shaft was 878 tons at 1.63 inches of
displacement. 

Figure 15 shows the end bearing curves
calculated from the strain measurements for the
ungrouted and grouted shafts. The grouted shaft
showed 484 tons of end bearing at 5% diameter
displacement, whereas the ungrouted showed133
tons.

Figure 16 shows the skin friction capacity from
the strain measurements for the ungrouted and
grouted shafts. The maximum friction capacity of
the grouted shaft was 720 tons at a displacement
of 1.50 inches. In the early part of this curve, the
effect of stress reversal can be seen. It is
estimated that 0.2 inches of downward
movement was required to redevelop any shear
capacity. This only mildly affected the total
capacity as shown in Figure 14 up to 500 tons.
The maximum side shear capacity of the
ungrouted shaft was 777 tons at a displacement
of 1.50 inches.
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Figure 11 Grout pressure measured at pump and at strain gages in shaft toe.
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Figure 12. Grout volume and pressure measured at the shaft toe vs displacement. 
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Figure 15. End bearing load-displacement for grouted and un-grouted shafts.
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Production Grouting

Upon Completion of the load test program, a
grouting criteria was set up for the remaining
production shafts. The criteria consisted of three
components. Most importantly was the grout
pressure, which varied as a function of the
required shaft ultimate capacity. Secondly, an
upward displacement limit was set based on the
T-Z response of the soil. Although not
problematic for the strain hardening soils at this
site, this type of limit is necessary to minimize
degradation of the side shear to a lesser residual
strength in more sensitive soils. Lastly, a minimum
volume was set to ensure that artificial pressure
was not developed due to clogged lines. 

Perhaps the most significant benefit of the post 
grouted construction method is the quality
assurance that is derived. Therein, quantify-
able information on the capacity of every shaft on
the project was obtained. The upward
displacement versus applied pressure relationship
was documented for each shaft in addition to
confirming a volume of grout was indeed placed
beneath each shaft. Plots of upward displacement
for the first 76 production shafts (Phase I of the
project) are shown in Figure 18. Interestingly,
shafts that were constructed with no obvious
deviations 

Figure 18. Post-grouted
drilled shaft upward 
displacement summary
for phase 1 of the 
project.

from expected performed very well.  This is
evidenced by small upward displacements during
the grouting (excellent side shear capacity).
Those with somewhat higher upward
displacements could be linked to some form of
construction difficulty.  Nevertheless, all shafts
demonstrated full capacity by developing design
grout pressures within the recommended upward
displacement limit.  However, it is interesting to
note that concrete overruns do not equate to
higher capacity in spite of the obvious increase in
dimension.  This can be attributed to the radial
disturbance (loosening) caused by excavations
that become slightly unstable and subsequently
slough soil into the bored hole.  Further, each
shaft was constructed within State construction
and inspection guidelines which obviously played
into the ability of each shaft to ultimately develop
the required side shear.

Figure 17. Production shafts. 
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Conclusions

Post grouted drilled shafts were successfully
implemented as a VECP to replace driven piles
due to the enhanced end bearing they provide.
The additional benefits from heightened quality
assurance are unparalleled by other methods of
ascertaining shaft integrity.  As such, the side
shear and end bearing capacity of every shaft can
be assured to a level proportional to the applied
grout pressure.  Although there is no present
method of fully deriving the entire benefit of
testing every foundation element, it is envisioned
that future design codes will encompass the
enormous statistical reliability of knowing every
shaft’s capacity.  In this case, a modest resistance
factor of 0.75 (present code upper value) was
used as the program incorporated load testing.

The outlined design method, developed by USF
for FDOT, provided a good overall model for
setting shaft tip elevations and predicting capacity
in the shelly sand bearing strata.  These
predictions were additionally used to establish
minimum grout pressure for each shaft that was
then verified by achievable grout pressure and
inspection.

The cost implications of using post grouted drilled
shafts are vast.  At this site, the VECP was
accepted implying that the grouted shaft option
was at least as cost effective as the driven pile
option.  Although the number of shafts grouted
and site related factors may sway bid values, the
actual cost of grouting a shaft is commensurate
with other quality assurance testing such as Mini-
SID (shaft inspection device), CSL (cross-hole
sonic logging), or sonic echo tests.  However,
designers can directly estimate the savings
associated with post grouted shafts based on
shaft length reductions; as shown in Figure 4 a
400 ton load requires an ungrouted shaft to be
over 50 ft while a grouted shaft would be under
30 ft.
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New Design Method Gives Drilled 
Shafts a Boost 

 
By Gray Mullins, Ph.D., P.E., Associate Professor, University of South Florida 

 
Drilled shafts have seldom been cost effective in sandy soils due to the merits of driven piles in such 
conditions. This is in part due to the relatively poor end bearing performance of shafts caused by the large 
displacement required to mobilize the ultimate capacity.  Recently, a new design method has revitalized a 
construction method that significantly improves the end bearing capacity of shafts in virtually all 
scenarios.  This article will summarize the design and construction of drilled shafts using this technique. 

 
 
INTRODUCTION        
 The end bearing of drilled shafts (especially in sands) 
has long been discounted due to a variety of reasons such 
as borehole cleanliness and the like.  However, even in the 
ideal conditions of perfectly clean excavations, the end 
bearing in virtually all soil types is only partially available 
due to the large displacements required to develop that 
capacity.  Simply stated, the side shear and end bearing 
components of the drilled shafts are analogous to side-by-
side spring systems with vastly different characteristics. As 
such, the side shear is like a series of short-stroke, high 
stiffness shear springs where more shaft length 
incorporates more of these springs.  The end bearing is 
more like a single long-stroke, low stiffness spring that can 
develop enormous loads, but only at very large 
displacements (Fig. 1).  This article addresses a 
construction method that significantly improves the 
stiffness of the end bearing “spring.”  
 
BACKGROUND 
 As far back as 1961, engineers around the world have 
targeted improving the end bearing of drilled shafts using 
post construction, high pressure grouting beneath the shaft 
tip (also called post grouting or base grouting).  The first 
published citing was much later in 1973 by Bolognesi and 
Moretto.  These early test programs showed that post-
grouting large diameter shafts led to increased ultimate 
load capacity up to three times in both sands and clays.  As 
a result, post-grouting techniques have become a routine 
construction process in many parts of the world.  However, 
the notable absence of the practice in the United States has 
been attributed to no recognized design approach.   
 Post grouting drilled shafts targets the mechanisms 
intrinsic to drilled shaft construction that make the end 
bearing only minimally usable.  These mechanisms 
include: (1) soil relaxation beneath the shaft tip due to 

excavation, (2) debris remaining after clean out, and (3) 
strain incompatibility between the side shear and end 
bearing (mobilizing displacement mismatch).  By 
precompressing the soil after construction, it is clear how 
the first two mechanisms can be mitigated.  However, the 
third is better understood via illustration.  Fig.1 shows four 
states of a drilled shaft from the perspective of the 
displacement required to distribute load.  It includes: (a) 
the post construction state where no load is applied, (b) the 
fully loaded state of a conventional, ungrouted shaft, (c) 
the conditions just after post grouting, and (d) the loaded 
state of a grouted shaft.   
 The conventional, ungrouted shaft (b) shows little end 
bearing contribution based on the displacement required to 
obtain ultimate capacity.  In this case, the ultimate side 
shear displacement and/or the permissible service limits are 
exceeded far before the end bearing can contribute.  
Consequently, little to no end bearing is typically 
considered for design.  Fig. 1(c) shows two significant 
features: (1) the end bearing strata can be pre compressed 
to access more of the ultimate capacity, and (2) the upward 
movement of the shaft during grouting may lock in 
negative skin friction that when loaded will increase the 
permissible downward movement (up to 2% diam.) without 
exceeding the ultimate side shear displacement.  This helps 
to transfer load to the toe while balancing the displacement 
at ultimate side shear and end bearing.  However, from a 
“nuts and bolts” perspective, the upward movement should 
be monitored and limited based on a pilot grouting 
program at the beginning of construction.  Interestingly, 
Fig. 1(d) depicts the full structural load applied to the 
foundation while mobilizing significant end bearing and 
minimizing overall displacement.  By engaging a large 
fraction of the ultimate end bearing, shafts can either be 
shortened for a given load or can provide higher capacity 
for a given length. 
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Fig. 1  Spring analogy of the loading states of drilled shafts 
    (grouted and ungrouted) 
 
DESIGN AND CONSTRUCTION PROCEDURE 
 In 1998, the Florida Department of Transportation 
(FDOT) requested the University of South Florida to 
submit a proposal to investigate the use of post grouted 
drilled shafts.  At the conclusion of the first phase of 
research (in 2001), a viable design and construction 
procedure was made available to consultants that 
incorporated these findings.  Within the two short years 
that followed, four bridge projects using post grouted 
shafts have been undertaken with over twenty general 
contractors having given it serious consideration.  A brief 
overview of both the design and construction procedures 
are presented below. 
 
 Design.  The design of post-grouted drilled shaft tips 
can be easily summarized in the following seven steps: 

(1) Determine the ungrouted end bearing capacity in units 
of stress. 

(2) Determine the permissible displacement in units of 
percent shaft diameter (disp/diam*100%). 

(3) Evaluate the ultimate side shear resistance for the 
desired shaft length in units of force. 

(4) Establish a maximum grout pressure that can be 
resisted by the side shear in units of stress (Step 3 / Tip 
Area). 

(5) Calculate the Grout Pressure Index, GPI, defined as the 
ratio of grout pressure to the ungrouted end bearing 
capacity (Step 4 / Step 1). 

(6) Using design curves from Fig. 2, determine the Tip 
Capacity Multiplier, TCM, using the GPI calculated in 
Step 5. 

(7) Calculate the grouted end bearing capacity (ultimate) 
by multiplying the TCM by the ungrouted end bearing 
(TCM * Step 1). 

Fig. 2  Correlations used in Step 6 to establish TCM
  (Mullins. et al., 2001) 

 
The design procedure affords the designer the ability to 

select the “usable ultimate” capacity as a function of 
permissible settlement (Fig. 2; larger displacement yields 
higher TCM).  Therein, unless using very small diameter 
shafts (or high % diameter), reserve capacity will exist 
should more settlement occur. 
 
 Construction.  The construction of grouted drilled 
shafts varies only slightly from conventional shafts: (1) 
during cage fabrication a grout distribution cell is installed 
at the base of cage with grout tubes that extend to the top 
of shaft, Fig. 3, (2) no spacer feet are required below the 
cell but rather the cell rests on the bottom of the 
excavation, and (3) after the shaft concrete has cured to 
sufficient strength, neat cement grout is pumped to the base 
of the shaft until the design pressure is achieved, Fig. 4.  
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Fig. 3  Installation of grout distribution cell
(Courtesy of Applied Foundation Testing, Inc.) 



The grout pressure can be locked in using sacrificial in-line 
valves, but it is not necessary.   
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
        
       
 
     Fig. 4. Top of shaft receiving grout 

 The first shaft grouted on site is usually used to set the 
grouting/construction criteria for proper shaft design and 
installation.  Aside from verifying a designated grout 
pressure, a pilot program will provide criteria including the 
maximum permissible uplift and the minimum acceptable 
grout volume.  These are set on the basis of field data such 
as that shown in Fig. 5.  The maximum uplift criterion 
should minimize the adverse effects of over-stressing the 
side shear (in this case 0.1 inches).  The minimum grout 
volume criterion is intended to assure that a reasonable 
volume is pumped to the base of the shaft as the design 
pressure is achieved.  This prevents a grout line blockage 
from artificially satisfying the design grout pressure 
criterion.  In the case shown in Fig. 5, a minimum of 2 
cubic feet would suffice.  This type of information can also 

be used to estimate the grout volume that the contractor 
may expect to use per shaft (approximately 10 CF at 0.1 
inches). 
 
 Quality Assurance.  Post grouting drilled shafts 
provides a level of quality assurance that is unparalleled by 
other shaft integrity methodologies.  The information in 
Fig. 5 can and should be collected for every shaft installed 
to provide verification of shaft performance.  Therein, the 
side shear and end bearing resistance of the shaft are 
proven for every shaft up to the level of the applied grout 
pressure.  At a minimum the shaft capacity is therefore 
capable of resisting 2 times the product of the grout 
pressure and the end bearing area. This lower limit of the 
shaft capacity is often more than the service loads thus 
providing 100% certainty of competence. 
 
CASE STUDIES OF END BEARING 
ENHANCEMENT 

Within the two years that this end bearing 
enhancement procedure has been available, several bridge 
projects have incorporated post grouting into the drilled 
shaft design.  These include: (1) Royal Park Bridge, Palm 
Beach, FL; (2) PGA Blvd, West Palm Beach, FL; (3) 
Natchez Trace Parkway, Natchez, MS; and (4) FM507 
Bridge, in Willacy County, TX.  Additionally, the post 
grouted shafts have been tested in sands, silts, and clayey 
soils with shafts 2', 2.5', 3', 3.5', 4', and 6' in diameter.   
Figs. 6 - 8 show the results of load tests on both grouted 
and ungrouted shafts with diameters of 2', 3', and 4', 
respectively. 
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        Fig. 6  End bearing capacity in silty sands 
            (2' diam., Dapp, 2002)      
 
 

Fig. 5  Typical field measurements for QA/QC 
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 Figs. 6 and 7 (in sandy soils) show significant 
improvement in both ultimate capacity and stiffness.  Fig. 6 
shows only a moderate difference between locking in the 
grout pressure and not.  In clayey soils (Fig. 8) increased 
stiffness may be expected with more modest improvement 
in ultimate end bearing. 
 
CONCLUSIONS 
 
 Although pressure grouting drilled shaft tips has been 
proven successful worldwide, its use in the U.S. has only 
recently evolved largely due to the availability of a new 
rational design approach.  Case studies have confirmed the 
findings of the research that led to this method while also 
accenting the merits of a tremendous quality assurance 
mechanism.   
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This paper presents results from model and full-scale tests to assess
the interface bond between a cast-in-place concrete seal slab and
steel H-piles in cofferdams. Three different seal slab placement con-
ditions—fresh water, salt water, and bentonite slurry—were evalu-
ated and the results were compared against controls where no fluid
was displaced by the concrete. Normal pile surfaces were investi-
gated. Additionally, the situation of soil-caked piles was also tested.

In the model tests, eight 15 cm deep, W6 x 15 sections were used
for two different embedment depths of 1.5d and 2d, with d being
the depth of the section. In the full-scale tests, 16 specimens 35 cm
deep (W14 x 90 sections) were tested with the embedment varied
between 0.5d and 2d. The results show that significant bond stresses
developed even in the worst placement condition. Recommendations
made for revising current values in specifications have already
been implemented by the Florida Department of Transportation.

Keywords: bond; pile; slab; steel.

INTRODUCTION
Cofferdams are usually required in the construction of

bridge foundations over waterways. Typically, a sheet pile
enclosure is constructed in water and piles are driven as
shown in Fig. 1. A tremie concrete seal is then placed. When
the seal has sufficiently cured, the cofferdam is dewatered
and internal bracing is installed. Thus, the seal allows the
construction of the pier to be carried out under dry conditions.

Because the function of the unreinforced seal slab is
primarily to provide dry working conditions, its design is
quite simple. The seal thickness is essentially determined so
that its weight balances the maximum uplift pressure since
the allowable interface shear stresses are very small. Previous
AASHTO specifications1 permitted interface shear stress
values of 69 kPa (10 psi). These values, however, were reduced
to 34.5 kPa (5 psi) for steel interfaces in the Florida Design
Guidelines.2 Neither values are based on test data.

In 1997, the Florida Department of Transportation
(FDOT) funded a study to evaluate interface bond from full-
scale tests. This paper presents results relating to the seal
slab/steel pile interface bond. A companion paper provides
the corresponding results for prestressed piles.3 The complete
results from this study including finite element modeling
may be found elsewhere.4,5 

RESEARCH SIGNIFICANCE
This study provides the first set of experimental results on

the interface shear between steel piles and seal concrete slabs
cast in accordance with construction specifications.6 The
results obtained have already led to increased allowable
interface shear in the latest specifications.7 This should
result in reduced construction costs.

OBJECTIVES
The overall goal of the study was to recommend interface

shear stress values for seal slab and piles that could be directly

used in FDOT’s design specifications. These values were to be
based on full-scale tests conducted on specimens that had been
prepared in accordance with current FDOT specifications6 for
conditions that were commonly encountered. Variables
examined were the pile embedment depth, effect of pile
surface, effect of the pile material (steel or concrete), and the
type of fluid that was displaced by the concrete.

EXPERIMENTAL PROGRAM
The load transfer characteristics in seal slabs can be simulated

by conducting pullout tests, illustrated in Fig. 2, in which
compressive loads are applied to the seal slab and tensile
loads to the steel piles. Careful attention had to be paid to the
experimental setup so that tests could be carried out under
field conditions. Small-scale bond tests were conducted to
identify the maximum pullout lengths for a 1/3 scale pilot
study. Results of the pilot study were used to subsequently
refine the apparatus and procedures for the full-scale testing. 

PILOT STUDY
The pilot study simulated three different seal slab placement

conditions involving: 1) salt water; 2) fresh water; and 3)
drilling fluid. These results were compared against controls
where no fluid had to be displaced by the concrete. The 15 cm-
deep, wide flange sections were tested for two different
embedment depths, 1.5d and 2d (d is the nominal pile
size). A total of eight model scale tests were conducted (four
conditions and two embedment depths). 

The steel pile specimens were fabricated using a W6 x 15
beam section made from A36 structural steel. Each steel pile

Title no. 99-S76

Seal Slab/Steel Pile Interface Bond from Full-Scale Testing
by Gray Mullins, Ruben Sosa, Rajan Sen, and Moussa Issa

Fig. 1—Sheet pile cofferdam with pile-driving template.
(Photo courtesy of Applied Foundation Testing.)
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was 0.91 m (36 in.) in length. On each pile, a line of three
23.8 mm (15/16 in.) diameter holes were drilled into each
flange to facilitate the twelve 22 mm (7/8 in.) bolts required
to provide the connection to a pullout apparatus.

Cofferdam simulation
Four 0.76 m-high wood boxes with inside dimensions of

1.4 x 1.4 m were fabricated to simulate the four placement
conditions. Plastic sheeting was used to line and seal the
boxes. Wood templates were used to properly position each
pile within the simulated cofferdams. The piles were spaced
at three times the pile size, that is, the center to center distance
was 45 cm. The edge spacing from the center line to the box
edge was 1.5d or 22.5 cm.

All piles were identical in length and tip elevation; however,
the two different embedment depths of 1.5d and 2d were
accommodated by varying the bonded and debonded
lengths within the concrete. The bonded region (steel to seal
slab) was provided at the bottom of the simulated cofferdam
in all the specimens. For the 15 cm piles, the bonded length
was either 22.5 cm (1.5d) or 30 cm (2d). Above this bonded
length, the piles were debonded using a thick layer of bitumen
(Fig. 3) applied up to a height sufficiently above the anticipated
upper surface of the seal slab. The overall slab thickness and
debonded region was set such that the bitumen extended at least

1d below the upper seal slab surface for all specimens. This
minimum debond length was intended to eliminate bearing
stress concentrations based on finite element modeling.

Three of the four boxes were filled with either fresh water,
3% salt water, or bentonite slurry (Fig. 3). The latter was
made by mixing dry, high-yield bentonite and fresh water to
achieve slurry properties similar to those in the FDOT
specifications.6 The final density achieved was 10 kN/m3

(64 pcf) with a pH of 8 and a viscosity of 37 s (Marsh Cone
method). The fourth box served as a control and was
therefore not filled. 

Seal slab placement
Class III seal concrete specified by FDOT6 was used. The

specified 28-day strength of the seal slab was 21 MPa
(3000 psi). This mixture has 330 kg of cement/m3 (560 lb
of cement/yd3) and a water-cement ratio (w/c) of 0.51. The
concrete was purchased from a local concrete plant and was
pumped through a 76 mm (3 in.) diameter hose. The concrete
was placed from the bottom upwards keeping the hose tip
below the rising level of concrete. This is similar in placement
and identical in effect to using a tremie pipe.

Pullout frame
The pullout frame used is shown in Fig. 4. It consists of

two telescopic sections that react against each other via a
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Fig. 2—Simulation of loads.

Fig. 3—Drilling fluid pumped into simulated cofferdam.

Fig. 4—Model scale pullout equipment.
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stiffened beam and a hydraulic jack. The pile specimen was
bolted to the tension assembly. The pullout frame weighed
2.2 kN fully assembled and required an overhead chain hoist
to assemble and/or move. Tension loads were measured using a
load cell positioned between the top of the jack and the tension
assembly. The stiffened beam transferred load from the base
of the jack to a built-up column section that in turn applied
uniform compressive stress to the seal slab.

Leveling
Before the pullout frame was installed, a grout pad was

placed around each pile specimen using a high-strength, fast-
curing, self-leveling grout. To further assist in this alignment
process, a steel bearing plate was placed in the fresh grout
and squared with respect to the longitudinal axis of the pile. 

Instrumentation
A data acquisition system was used for monitoring and

recording the test data generated. Loads were measured
using a load cell and slip was monitored by two displacement
transducers. One of the displacement transducers was
magnetically attached to the compression assembly and
positioned to record displacement with respect to an external
reference beam. This registered any possible seal slab surface
crushing or settlement that might occur during testing. The
other displacement transducer was attached to the tension
assembly and referenced to the top of the compression assembly.
This recorded specimen movement as well as the compliance of
the frame that was later accounted for in the data reduction.

Test procedure
Pullout tests began after the seal slab had been cured for

72 h in accordance with FDOT requirements. Concrete
cylinders were tested at periodic intervals to monitor the
change in compressive strength. The tension assembly was
bolted to the piles using 22 mm (7/8 in.) diameter bolts. Once
the grout had time to cure (approximately 15 min), the
compression assembly was lowered onto the bearing plate. The
stiffened beam along with the hydraulic jack were then
positioned between the compression section and the upper
end of the tension assembly as shown in Fig. 4.

With the specimens set up, the pullout test commenced.
The tensile load was increased slowly using a manually
operated toggle switch that intermittently engaged the
power to the hydraulic pump. The load was increased slowly
to reduce any possible dynamic stiffening of the system.
Each specimen was displaced at least 25 mm.

RESULTS
A summary of the test results is presented in Table 1. This

provides information from the eight tests and contains details

of the compressive strength, the failure load, and the average
bond stress. Over the duration of the tests, there was no
change in the compressive strength.

The following observations may be made:
1. Significant bond stresses were developed; the highest

value obtained was 3.66 MPa (salt water/1.5d), and the lowest
was 1.27 MPa (bentonite/2d). The highest values varied with
embedment depth. For 1.5d embedment, the highest was for
salt water followed by controls and fresh water. For 2d, control
values were highest followed by fresh water then salt water;

2. The magnitude of the bond stress decreased with an
increase in embedment depth. This suggests that the distribution
of bond stress is nonuniform;

3. The results for bentonite slurry were surprisingly good.
Indeed, for embedment depth of 1.5d, values obtained were
comparable to that for fresh water; and

4. Values for salt and fresh water are similar.

FULL-SCALE STUDY
The pilot study provided important information on the

magnitude of the interface steel/seal bond that could develop.
The significant scatter in the results indicated the need to conduct
additional tests. These findings led to refinements in the full-scale
test program. The principal changes were: 1) elimination of the
salt water condition—this was based on the results of more
extensive tests carried out on prestressed piles;3 2) consideration
of the effect of soil-caked surface; and 3) increase in the
number of specimens. 

In view of the very high bond stresses that were obtained,
the depth of embedment was limited to 1.5d except for
bentonite, where the maximum depth was increased to 2d.
In addition, embedment depths of 0.5d were investigated for
the control and fresh water placement conditions.

With three different placement conditions (control, fresh
water, and bentonite), two different embedment depths (d,
1.5d, or 2d), and two specimens per test, a total of 12 specimens
were required. Four additional specimens were tested—one
each for embedment depth of 0.5d (for the control and fresh
water condition) and two for investigating the effect of soil
caking for the bentonite slurry for an embedment depth of
1d. Thus, the controls and the fresh water condition each had
five specimens, and the bentonite slurry condition had six
specimens. These were identical to the conditions investigated
for prestressed piles.3

The depth (35 cm) and length of the steel piles was kept
the same as that for the prestressed piles. As a result, 1.52 m-
long W14 x 90 sections made from A36 steel were used.
Holes for 28.6 mm (1-1/8 in.) diameter bolts were drilled in
each flange to connect the pile specimens to the tension
assembly frame (Fig. 5).

*Seal slab was cracked prior to testing due to earlier testing of adjacent pile.

Table 1—Summary of pilot test results
Type Specimen fc′ , MPa Bond length Bond area, m2 Pullout load, kN Bond stress, MPa

Control H41 31 1.5d 0.206 611 3.01

H42 31 2d 0.274 720 2.66

Salt water H21 31 1.5d 0.206 744 3.66

H22 31 2d 0.274 563 2.08

Fresh water H31 31 1.5d 0.206 336 1.66*

H32 31 2d 0.274 620 2.29

Bentonite H11 31 1.5d 0.206 320 1.58

H12 31 2d 0.274 344 1.27
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Simulated cofferdam
Three cofferdams had to be constructed for the three

conditions that were investigated. Two of these—fresh
water and control—were identical in size. The bentonite
slurry condition with the larger number of specimens was
larger. The dimensions of the cofferdam were determined by
specimens and edge distances that were kept the same 3d
(1.06 m) as in the pilot study. 

The cofferdams were constructed using rented steel reinforced
plywood box forms connected to each other using wedge pins
provided by the manufacturer. They were also externally
braced using wooden stakes and a 2 x 4 framework. Additionally,
each cofferdam was lined with 0.2 mm (6 mil) plastic sheeting.
This provided a water-tight barrier, preventing the loss of any
construction fluid (water or bentonite slurry). Figure 5 shows
one of the cofferdams just prior to filling with fluid.

Specimen support
Following the construction of the cofferdam, the specimens

were accurately positioned on plywood pads to prevent
damage to the plastic lining. The specimens were vertically

supported with a wooden 2 x 4 framework that was secured
to the box forms (Fig. 5).

Debonded surface
As in the pilot study, differing lengths (0.5d, 1d, 1.5d, and

2d) of the pile surface were bonded or debonded. Debonding
was achieved in the identical manner as in the pilot study.
The bonded steel surfaces were left in their natural state
except for the two specimens that were tested for the soil-
caked condition. For this case, an adhesive clay soil, typically
used for clay models by artists, was used because it bonded
better than the kaolinite paste tested in the pilot study.3 The
debonded length extended from the boundary of the bonded
region to approximately 15 cm above the intended elevation
of the finished surface of the seal slab. This included an
additional 35 cm length determined as needed by finite element
analysis to ensure uniform distribution of compressive loads
to the seal slab surrounding the bonded region. 

Placement conditions
One cofferdam was left dry prior to concrete placement

(control); the second was filled with fresh water from a nearby
potable source. The third was filled with bentonite slurry that
was made by mixing dry, high-yield bentonite and fresh water.
The mixing was accomplished through the use of a shear pump.
Enough bentonite clay was added to achieve slurry properties
similar to FDOT specifications. The final density achieved was
10 kN/m3 (65 lb/ft3) with a viscosity of 40 s (Marsh Cone
method) and a pH of 8.

Seal slab placement
Seal concrete was placed using a concrete pump truck. The

concrete was pumped through a 15 cm (6 in.) diameter hose
and was placed from the bottom upwards keeping the hose
tip below the rising level of concrete. This is similar in
placement and identical in effect to the tremie method. 

Fig. 6—Full-scale test apparatus.

Fig. 5—Steel piles in simulated cofferdam. (Prestressed
piles were also tested in the same bed.)
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Testing apparatus
Identical considerations of capacity, economy, and portability

dictated the design of the pullout equipment. A steel reaction
frame was designed to take advantage of an available double-
acting, 2670 kN (300 ton) hydraulic jack that would be operated
with a portable 69 MPa (10 ksi) hydraulic pump system. The
frame required connection designs for both concrete and steel
pile types. Additionally, the frame would need to be integrated
with electronic devices to measure load and displacement.

As for the pilot test, the reaction frame consisted of a
tension and compression assembly. The tension assembly
was connected directly to the pile with two splice plates and
housed the hydraulic jack and load cell. The compression
assembly applied compressive loads to the seal slab. Figure 6
shows a photograph of the complete assembly being placed
over a pile specimen. Additional information on the design
and fabrication may be found elsewhere.4

Test procedure
The test setup and procedure was similar to the pilot study

involving placing a grout layer, connecting the tension assembly
to the pile, lowering the compression assembly onto the leveled
grout surface, attaching the appropriate instrumentation, and
extracting the specimens. Some variations, however, were
adopted to expedite the testing procedure so less variation in
concrete strength would be observed after the 72-h FDOT
curing period.

Because no concrete vibration or finishing is used in seal
slab construction, various degrees of surface roughness
developed in the submerged conditions. Instead of leveling
the base of each pile individually, all cofferdams were leveled
at the same time with a skim coat of grout batched from a
single truck. The grout was placed and finished 2 days after
the placement of the cast-in-place (CIP) seal slab without
adding significant delay before testing could commence. The
bentonite placement condition had the greatest degree of un-
evenness, whereas the control was more uniformly placed due
to the visual input during its placement (although unfinished).
Because the debonded portion of each pile specimen extended
well above the CIP slab, there were no difficulties with possible
bonding of the grout to the piles (Fig. 7). 

Although much larger than the model scale device, the
pullout apparatus could be attached more quickly due to easy

access of the splice plate bolts. It was also left fully assembled
between tests. Instrumentation and data acquisition attached to
the device was again similar to the model scale tests with the
exception of the load cell capacity (2670 kN) that was sized
to accommodate the increased loads. One of two displacement
gages was magnetically attached to the pile and referenced to
the top of the slab. The other gage was magnetically attached
to the pile and referenced to an external reference beam to
monitor global movements.

The tensile load was increased slowly using a manually
operated toggle switch that intermittently engaged the power
to the hydraulic pump. The load was increased slowly to
reduce any possible dynamic stiffening of the system.
Each specimen was displaced upward at least 25 mm to
ensure that the bond capacity had been fully developed.

RESULTS
A summary of the test results is presented in Table 2. This

provides information from all 16 tests and contains details of

Table 2—Summary of full-scale test results
Type Specimen fc′, MPa Bond length Pullout load, kN Bond stress, MPa Average, MPa Normalized, MPa

Control SC0.5 32 0.5d 618 1.63 — —

SC1.0A 32 1d 1018 1.34
1.40 1.20

SC1.0B 32 1d 1100 1.45

SC1.5A 32 1.5d 1140 1.00
1.02 0.88

SC.15B 32 1.5d 1187 1.04

Fresh water SW0.5 27.5 0.5d 438 1.15 — —

SW1.0A 27.5 1d 1105 1.33
1.31 1.21

SW1.0B 27.5 1d 975 1.29

SW1.5A 27.5 1.5d 1317 1.16
1.07 0.99

SW1.5B 27.5 1.5d 1116 0.98

Bentonite SB1B 23.5 1d 874 1.15
0.88 0.88

SB1D 23.5 1d 466 0.62

SB2A 23.5 2d 827 0.55
0.52 0.52

SB2B 23.5 2d 767 0.50

Bentonite 
(soil-caked)

SB1A 23.5 1d 629 0.83
0.91 0.91

SB1C 23.5 1d 753 0.99

Fig. 7—Full-scale pullout device suspended over test specimen.
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the compressive strength, the failure load, and the average
bond stress. Inspection of Table 2 shows that the bond stresses
were quite low compared with the pilot study. The highest value
was 1.63 MPa (control/0.5d) and the lowest was 0.50 MPa
(bentonite/2d). Trends observed in the pilot tests were repeated,
however; the average bond stresses declined with increased
embedment depth. For example, the average bond stress
reduces from 1.31 to 1.07 MPa for a fresh water embedment
depth increase from d to 1.5d.

Variations in concrete strength over the duration of the test
may also be noted. The lowest compressive strength was for the
bentonite series ( fc′  = 23.5 MPa) and the highest for the controls
(32 MPa). The bond strength is normalized to a 23.5 MPa con-
crete strength in Table 2 by dividing the measured values by the
percent increase in the square root of the concrete strength. For
example, the control values were normalized as follows

Representative load versus displacement plots are shown
for each of the simulated cofferdam conditions in Fig. 8 to
10. Each graph also shows the effect of embedment depth on
the pullout response for the various conditions. The control
and fresh water environments showed similar results for
normalized bond values of 1.20 and 1.21 MPa, respectively.
Likewise, the trends associated with the effects of embedment
were comparable (Fig. 8 and 9). The pullout capacity increased

1.20 MPa 1.40 MPa 23.5

32
--------------=

somewhat linearly with embedment depth up to 1d. This can
be noted in both peak and residual values when comparing
the 0.5d and 1d test results. With longer embedment depths
(1.5d), little increase in average capacity was observed (10%
in controls and 17% in water). This was also noted in Table 2
where average bond strengths decreased 18% (1.31 to
1.07 MPa) and 27% (1.40 to 1.02 MPa) in the water and
control specimens, respectively, for the same increased
embedment depths.

Figure 10 shows the pullout response of the piles cast in
the bentonite slurry-filled cofferdam. Therein, several
differences were introduced due to anticipated decreases in
bond strength: 1) 0.5d embedment was not used; 2) the 1.5d
was increased to 2d; and 3) soil caking was applied to some
1d specimens. The effects of embedment were similar in this
set of tests as no significant additional pullout capacity was
realized with the additional bond area from 1d to 2d embedment.
This is supported by the moderate 19% average increase in
pullout with a 100% increase in embedment (670 to 797 kN).
This decreased bond efficiency is further illustrated by the
41% decrease in the average bond strength in Table 2 (0.88
to 0.52 MPa). The effect of soil caking was less significant
than that of the embedment depth most probably due to the
scouring action during the seal slab placement. In general,
the bentonite condition produced larger variations in the
measured bond values. The overall findings, however, indicate
that the bond between steel and seal slabs is significantly
higher than specified in design codes.

DISCUSSION
The goal of the study was to determine the interface bond

between steel piles and seal slabs that had been cast in
accordance with existing construction specifications (concrete
piles were also tested). As the FDOT specifications allow
a 72 h cure period for the seal slab, the need to develop a
scheme that met the requirement for rapid testing without
compromising the results was of critical importance. Pullout
testing was used and several innovative measures adopted to
expedite the testing process.

In the model study, 36 tests (28 concrete and eight steel)
were completed within 8 h following the 72 h cure period.
During this time, no changes in concrete strength were
observed. In the full-scale tests, greater time was required to
complete the testing. An important constraint was access to
heavy lifting equipment (and an operator) to move the pull-
out frame after every test. All 32 tests (16 concrete and 16

Fig. 8—Water-filled cofferdam test results.

Fig. 9—Control cofferdam test results.

Fig. 10—Bentonite slurry-filled cofferdam test results.
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steel), however, were completed within 10 days of the casting
of the seal slab. As concrete strengths were evaluated
throughout the test period, the relationship between the
interface bond and concrete strength was used to normalize
the bond values. Taking into consideration the totality of the
study, the model and full-scale results provide a good indication
of the magnitude of the interface bond that develops between
the seal concrete and piles.

The results from the model tests gave higher bond values
than those from the full-scale tests (Table 1 and 2). Similar
trends were observed in the tests on the prestressed piles,3

though the differences were much smaller. This is most likely
because the surfaces of the steel piles in the full-scale tests
were smoother compared with those used in the model tests.
In contrast, the concrete surfaces in both model and full-scale
tests were similar.

As with prestressed piles, the results clearly indicate that
the variation in the interface bond is nonlinear since the pullout
load was not proportional to the embedment depth. Unfortunately,
this distribution could not be measured without introducing
surficial anomalies due to instrumentation. In the concrete
piles where strain gages could be embedded during casting,
however, this relationship could be ascertained.3 The
nonlinearity in the interface shear distribution was indirectly
incorporated in the proposed recommendation by defining
an effective embedment depth. Embedment in excess of this
effective depth did not contribute significantly towards the
total resistance (Fig. 8 to 10).

CONCLUSIONS
This study presents results from an experimental study that

attempted to determine the interface bond stress that developed
between seal concrete and steel piles. Two series of tests were
conducted. In the first series, a 1/3-scale model was fabricated
and tested. Three different placement conditions were inves-
tigated: displacement of fresh water, salt water, and bentonite
slurry for two different embedment depths. In the second series,
full-scale tests were conducted for two different conditions:
fresh water and bentonite slurry. In all cases, results were
compared against controls where no fluid was displaced.
Seal slabs were cast using concrete delivered by ready-mix
plants and conformed to Class III concrete in current FDOT
specifications. The concrete was allowed to cure for at least
72 h prior to testing as permitted by existing specifications.
The following conclusions may be drawn:

1. Bond stresses determined experimentally were signifi-
cantly higher than set in current specifications. Average values
obtained from the full-scale tests varied between 1.1 and
1.3 MPa for fresh water displacement and 0.5 and 0.9 MPa for
bentonite displacement. The lowest value obtained was for
piles embedded in bentonite cofferdam at depth 2d;

2. Bond strength varied with embedment depth as indicated
by both the model and full-scale test results. This implies that

thicker seal slabs cannot develop full bond capacity simultaneously
along the entire bonded area beyond a maximum length.
Instead, they develop full capacity over shorter bonded
lengths dependent on the concrete shear strain limit value
with respect to the elongation of the pile. In this case it was
shown that embedment depths in excess of 1d were ineffective
in supplying additional pullout capacity;

3. The results of the study confirm the poorer interface
bond for steel surfaces compared with concrete, where 1d
average values for water and bentonite conditions were 2.7
and 2.5 MPa, respectively;4 and 

4. Variations between the model-scale and full-scale test
results can be in part attributed to the surface roughness of
the as-delivered steel piles. The model piles were partially
oxidized, whereas the full-scale piles had never been exposed to
an outdoor environment prior to placement. The recommended
values are based on the full-scale test results that are
therefore conservative.

RECOMMENDATIONS
Loads supported by the bond between seal concrete and

steel piles (section depth d, perimeter p, embedded depth D
in seal slab) may be determined from the allowable bond
stress Fb listed in Table 3. This stress may be assumed to be
uniform over an effective area Ae given by

Ae = pD if D < d

Ae = pd if D > d

In the latest Florida “Design Guidelines,”7 allowable interface
shear values have been greatly increased based on the findings
presented in this paper.
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Table 3—Allowable bond stresses
Material Condition Fb, kPa

Steel Salt/fresh water 1000
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Abstract 

The tip (toe) capacity of drilled shafts in sands can often be many times greater than the side 
shear component; however, the tip capacity is often discounted from the total shaft capacity 
due to the relatively large displacements required to mobilize this end bearing component. 
Concerns of soil disturbance at the shaft tip (i.e. insitu stress relief) and cleanliness also 
discourage the use of end bearing as available capacity within any reasonable service load 
displacement criteria. Pressure grouting the shaft tip has been successfully employed 
throughout the world as a method of mitigating these conditions. However, there is an 
apparent lack of ration design procedures and construction guidelines for its use. In 
cooperation with the Florida Department of Transportation, the University of South Florida 
is researching the effects of post-grouting on shaft capacity. This paper describes two sites at 
which full scale shafts have been tested: (1) five shafts, including one control shaft, tipped in 
a shelly sand, and (2) three shafts, including one control shaft, tipped in a silty sand. The 
results of these tests show that significant tip capacity improvement can be realized through 
the use of pressure grouting drilled shaft tips. 

Introduction 

When designing for drilled shaft capacities in sandy soils, engineers typically must 
significantly reduce end bearing capacity or even discount it altogether to account for potential 
soft toe conditions. Even in ideal conditions, end bearing is typically not mobilized before 
service load displacement criteria are exceeded. The bulk of the capacity is therefore derived 
from side friction which can be developed with relatively small displacements. This is 
particularly a problem for larger shafts in cohesionless soils which must displace even further 
to fully develop tip capacity (e.g. AASHTO tip capacities are based on top of shaft 
displacements of 5% of the shaft diameter). Consequently, the end bearing strength 
component, which may be on the order of up to twenty times the side friction component, is 
unavailable to the shafts useful capacity. 

335 
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As the end bearing component of drilled shafts is highly under-utilized, mechanistic 
procedures to integrate its contribution have been developed using pressure grouting. Pressure 
grouting the tips of drilled shafts has been successfully used world wide to precompress soft 
debris or loose soil relaxed by excavation (Bolognesi and Moretto, 1973; Stoker, 1983; Bruce, 
1986; Fleming, 1993; Mullins et. al, 2000). However, the absence of its use in the United 
States is probably due to associated uncertainties and the lack of a rational design method. 
Recognizing this shortfall, the Florida Department of Transportation issued a request for 
proposals (RFP) to assess the effect of pressure grouting on drilled shaft tip capacity. In June 
1999, the University of South Florida commenced a two-year research program to investigate 
this technique. 

The overall objectives of this study were to quantify the improvement that could be developed 
by pressure grouting the tip of drilled shafts and to develop design guidelines for its use. This 
paper discusses the results relating to the first objective, the pressure grouting and load testing 
of drilled shafts in sandy soils. A full discussion of the results of the entire research can be 
found elsewhere (Mullins, et. al, 2001). 

Research Program 

The research program outlined below is only a portion of a larger project which also included 
small scale (1:10) laboratory testing in a frustum confining vessel, computer modeling of 
pressure grouted drilled shaft tips, and two 1.22 m (4.0 ft.) diameter shafts tipped in cemented 
coquina. This portion discusses the field results from six 0.61 m (2.0 ft.) diameter drilled 
shafts cast, pressure grouted, and subsequently load tested. The performance of the pressure 
grouting is based on comparisons with two additional ungrouted control shafts. 

A total of eight shafts were constructed, pressure grouted, and load tested at two sites located 
on a large property (20 acres) in Clearwater, Florida. Shafts at Site I were tipped in a shelly 
sand. A dimensioned layout of Site I showing the shaft positions, CPT soundings, and SPT 
borings conducted within the Site are provided in Figure 1; typical CPT and SPT data are 
shown in Figure 2. Shafts at Site II were tipped in a silty silica sand. The layout of Site II is 
shown in Figure 3, while typical CPT and SPT data are shown as Figure 4. 

The shafts were each 0.61 m (2.0 ft) diameter and were all approximately 4.57 m (15.0 ft.) 
long. Five shafts, including one control, were tested at Site I; three shafts, including one 
control, were tested at Site II. All pressure grouting was conducted using an auger style grout 
pump. All of the shafts were then load tested using a 4 MN Statnamic device with a hydraulic 
catch mechanism. The results from the grouted shafts have been compared their respective 
control shafts to assess the load capacity improvement obtained from the tip grouting process. 

Site Investigation 

These sites were chosen and the tip elevations set, based upon an exploratory investigation 
program which looked for the types of soil most likely to be improved with tip grouting 
(Mullins et. al, 2000), loose to medium dense sands. The sand particles at these two sites span 
the diverse range that can be encountered in cohesionless soils (shelly to silty). The shelly of 
Site I was very angular and fiat, while the silty silica sand was very smooth and round. 
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Figure 2. Site I (Shelly Sand), CPT and SPT Data. 
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Grout  Distribution Systems 

Both tim-jack and sleeve-port type grouting apparatus were tested. A tim-jack consists of a 
steel plate wrapped in a rubber membrane thus providing a debonded pressurizing surface 
beneath the shaft tip. Sleeve-port systems use a rubber tube over a performed pipe section 
which provides a smaller grouting area, but more flexibility in staged grouting applications. 
A summary of the grout distribution systems used is contained in Table 1. Two tim-jack 
devices had the grout pressure locked in during the grout cure, while one did not. Two sleeve- 
port devices had a steel plate above them, while one did not. 

Table 1. Grouting Apparatus. 

Site I Site II * 
(Shelly Sand) (Silty Sand) 

Control Shaft (no Grouting) 1 1 

Release Grout Pressure 1 
Flat - Jack 

Hold Grout Pressure 1 1 

With Steel Plate Above 1 1 
Sleeve-Port 

No Plate 1 

Total Shafts 5 3 

* The two tip grouted shafts of Site II (only), were also skin grouted. 

Flat -Jacks  All flat-jacks were identical in construction; however, one in Site I was allowed 
to release grout pressure immediately after grouting. The remaining two, one in Site I and one 
in Site II, had the grout pressure locked in with the use of a ball valve in the grout supply lines 
during the grout cure. Figure 5 illustrates the flat-jack tip grouting apparatus. 

A scuffring was incorporated into the design of the flat-jacks, which protected the 0.8 m m  (I/32 
in.) thick natural gum rubber membrane where it wraps around the edge of the plate. This was 
to ensure durability in the event that the cage was improperly handled during placement. 
Further, the scuff ring had tabs attached to the top which allowed for the ring to be bolted to 
the steel plate, therefore providing a better seal between the rubber membrane and the top plate 
(rather than just relying on the rubber cement contact adhesive alone). The flat-j ack apparatus 
was tied into the reinforcing cage, and securely fixed in place. 
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Figure 5. Flat-Jack Grouting Apparatus. 

Sleeve-Ports. Sleeve-port systems were identical in construction with the exception that one 
in Site I did not have a steel plate above it, as is shown in Figure 6. Note that all the sleeve 
ports locked in the grout pressure due to the nature of their design. The two tip grouted shafts 
in Site II were also skin grouted, while their respective control shaft was not. The skin 
grouting of Site II shafts provided more reaction during tip grouting that would not have 
otherwise been available. Discussion of skin grouting will otherwise not be addressed here. 

The grout delivery pipe consisted of a 254 mm (10 in.) section of 19mm ( 3/4 in.) galvanized 
steel pipe with 7 pairs of diametrically opposed 6mm (1/4 in.) grout delivery ports drilled 
through both pipe walls at any location along the pipe. These 7 sets of ports alternated in 
circumferential position by 90 ~ and were equally spaced along the length of the pipe. A 
natural gum rubber tube (the sleeve) with an initial inside diameter of approximately 24mm 
(15/16 in.), and a wall thickness of 6mm (1/4 in.) was then pulled over the grout delivery pipe, 
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with the use of soapy water as a lubricant. Altemately, baby powder and compressed air can 
be used to install the sleeve. The elastic stretch in the rubber tube was needed to seal the grout 
delivery system during shaft construction, and acts as a one way valve to allow for staged 
grouting. Often in industry, electrical tape will be wrapped around the edges of the rubber tube 
to ensure that the pipe is not infiltrated by concrete/cement during shaft construction. 

When the option of a steel plate above the sleeve-port apparatus was utilized, each plate had 
four 38mm (1-1/2 in.) diameter holes drilled through. The male fitting from the grout pipe 
would then simply fit through the hole in the plate and screw into the female 900 elbow ends 
of the sleeve-port. The system was constructed in this way such that the plate assembly could 
be tied into the cage via its reinforcing bar tie attachments, and thus its weight (or any forces 
experienced during placement) would not be supported by the pressure fittings to the sleeve- 
port. 

Figure 6. Sleeve-Port Grouting Apparatus (with Optional Steel Plate). 
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Data Acquisition and Instrumentation 

Two separate data acquisition systems were utilized simultaneously during the test, and both 
uploaded their respective data to a common laptop computer. The two systems used during the 
test were a MEGADAC manufactured by Optim Electronics, and the Foundation Pile 
Diagnostic System (FPDS) made by The Netherlands Organization (TNO). A variety of 
transducers were utilized, in both the grouting and load testing operations. Table 2 shows this 
system arrangement, and the transducers that were monitored during grouting and load testing 
operations. 

Table 2. Data Acquisition and Instrumentation. 

GROUTING LOAD TESTING 

Data Acquisition System laptop, Megadac laptop, FPDS, Megadac 

LVDT, load cell, accelerometer, 
Top of Shaft grout pressure transducer laser displacement sensor 

Along Shaft Length strain gages strain gages 

Shaft Tip strain gages, tension tell-tales strain gages, 

The total load imparted to the top of shaft by the Statnamic device is directly measured by a 
load cell built into the Statnamic piston mounted to the top of shaft. A laser sensor is also built 
into this piston which provides a direct measurement of displacement during load testing. 
Accelerometers are used to confirm displacement and provide direct measurements of 
acceleration. 

Top of shaft displacement during grouting operations was directly measured utilizing linear 
voltage differential transformers (LVDT's), while bottom of shaft displacements were made 
with linear cable potentiometers attached to tension tell-tales. Grout pressure was monitored 
by a pressure gage in-line with the grout supply hose. A rubber membrane and grease pocket 
within the fitting protected the instrument from the grout. 

Strain gages in groups of three were embedded at two levels within the shaft at approximately 
0.46 m (1.5 ft.) and 3.2 m (10.5 ft.) from the shaft tip. These strain measurements yield the 
force at these levels using a composite shaft modulus determined by concrete strengths 
(concrete cylinder breaks), and the area fraction of steel reinforcement. 

The tension tell-tales consisted ofa 12mm casing (�89 in. schedule 40 PVC pipe), capped at the 
bottom end, and a stainless steel braided cable strtmg through the center of the casing. The 
steel braided cable was secured to the bottom end of the casing through the end cap, clamped, 
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and sealed. Ample length was left outside the end cap and looped to provide development 
length for tension that would be put upon it during their use in grouting. Significant elastic 
shaft shortening was not expected during grouting at these sites, nor did it occur. 

Shaft Construction 

The vertical reinforcement consisted of six 25 mm (# 8) reinforcement bars equally spaced 
about the perimeter. The stirrup reinforcement consisted of 16 mm (# 5) reinforcement bars, 
equally spaced every 0.46 m (1.5 ft.). All reinforcing bars used were Grade 60. The finished 
cages were 4.42 m (14.5 ft.) in length, and had an outside diameter at the stirrups of 0.46m 
(1.5 ft.). 

The grout pipes were made from 25mm (1 in.) high density polyethylene (HDPE) tubing (CTS 
SDR-9). A 25mm (1 in.) male pipe thread fitting was secured at either end of the grout pipe 
made of brass (C84-44 1" CTS Compression MIPT Adapter) and had thin stainless steel 
inserts (#52 Stainless Insert) to keep the tubing from being crushed by the pipe fitting. These 
materials are common and readily available. This male fitting could suitably connection to 
either type of grouting apparatus used. This system has a working pressure rating of 1000- 
1400 kPa (150-200 psi), and was more than adequate for the grouting pressures experienced 
on this site. This system of continuous rolled tubing was easy to install, and would be 
especially convenient with long multi-section reinforcing cages. Figure 7 shows completed 
cages with the various types of grouting apparatus tied in. 

Figure 7. Reinforcing Cages Complete with Instrumentation and Grouting Apparatus. 
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A truck mounted Texoma 700 drill rig was utilized to excavate the shafts of Site I, while a 
track mounted BG-7 drill rig was used to excavate Site II. Both were excavated using a 
synthetic slurry. Both Site I and II utilized the same drill auger in construction. A clean-out 
bucket was not used during construction as it would not produce a significant improvement 
in tip condition, nor would the use of standard down-hole or air-lift pumps. Even under ideal 
conditions it is essentially impossible to thoroughly "clean out" any shaft excavation at the tip, 
as is customary with rock socketed tips, as any action taken simply tends to further upset the 
excavation. A benefit of tip grouting is that this condition is mitigated, and is a point that this 
study confirmed. A Hitachi 60 ton track mounted hydraulic crane was used to pick and set the 
cages. 

Site I Flat-Jack 2 (locked-in pressure) was set nearly 0.3 m (1.0 ft.) too high due to a tight 
tolerance between the plate and borehole. Careful observations of the grouting of this shaft 
confirmed that 51 liters (1.8 ft.3)ofgrout was needed to fill the void under the fiat-jack plate 
before any grout pressure above that required to pump the grout through he lines could be 
detected. This represents a volume that would be equivalent to a column the same diameter 
as the fiat-jack by 0.22m (0.7 ft.) high. As a direct result, an unanticipated variable was tested 
between the two flat-Jacks of Site I; the effect of varying amounts of soft debris and/or voids 
below the fiat-jack grouting apparatus. Results show that this condition was mitigated by the 
tip grouting procedure, this grout volume of 51 liters (1.8 ft.3) is not included in the subsequent 
analysis. 

Grouting and Load Testing 

The grouting at these sites was then accomplished using a helical style grout pump and paddle 
type mixer, as shown in Figure 8. The pump was adequate, as shaft uplift or grout volume 
proved to be the limitation at all test shafts. In all cases the shaft concrete was allowed to gain 
sufficient strength before grouting operations commenced. The grout mix utilized was a 
water-cement slurry (Type I and II cement) with a water to cement ratio of 0.5. The grouting 
lines of both sleeve-port and flat-jack apparatus were gently flushed with grout before the 
return lines were capped and grout pressure was applied. 

Prior to any grouting work, the sleeve-port apparatus on these sites were "burst" open using 
water pressure. This was done the day following concrete placement, as is common practice, 
such that the concrete had set up, yet had not gained significant strength. The intent of this 
action is to open a path for subsequent grouting, which may be performed at a later date when 
the shaft has reached acceptable strength. The volumetric flow during this process should be 
minimal to reduce the soil disturbance. The helical style grout pump was first used; however 
a small widely available pressure washer was better suited for this task. 

The load testing was carried out with the use ofa  4 MN Statnamic device after the grout was 
given time to obtain sufficient strength. A minimum of three load cycles were performed on 
each test shaft. The hydraulic catch mechanism made reloading of the shaft proceed rapidly, 
as all three load cycles would typically occur within a 30 minute time span. In all cases the 
test shafts were displaced many times more than the ultimate capacity displacement, such that 
the load vs. displacement response would be fully defined. Figure 9 shows a test in progress. 
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Figure 8. Trailer Mounted Grout Mixing and Pumping System. 

Figure 9. Stamamic Load Test in Progress. 
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Results 

Grout pressure and shaft displacement were directly measure as previously described. The 
grouting rate should be slow enough to build pressure, and not simply hydrofracture the soil. 
The grout consistency can be adjusted to control this aspect. The maximum sustained grout 
pressure, peak upward displacement, and total grout volume for each of the grouted shafts are 
listed in Table 3. In general, the fiat-jacks have a lower grout take than the sleeve-ports due 
to the flat-jacks acting as a confined pressure cell. Conversely, the grout from the sleeve-ports 
is in intimate contact with the surrounding soil matrix, and thus has a greater potential to 
migrate away from the immediate tip area. 

Table 3. Pressure Grouting Data Summary. 

Site 

Site I 
(Shelly 
Sand) 

Site II 
(Silty 
Sand) 

Grout 
Delivery 

Mechanism 

Flat-Jack 

Sleeve-Port 

Shaft 
Designation 

S1-FJ1 
(release press.) 

S 1-F J2 
(hold press.) 

S2-SP1 
(with plate) 

$2-SP2 
(no plate) 

Grout 
Volume 

liters 
(ft.3) 
50 

(1.75) 
107 * 
(3.79) 

165 
(5.82) 

86 
(3.05) 

S2-FJ 217 
Flat-Jack 

(hold press.) (7.65) 
S2-SP 

Sleeve-Port 
(with plate) 

Does NOT include grout volume to fill void left 

180 
(6.34) 

Grout Shaft 
Pressure Uplift 

kPa mm 
(psi) (in) 
586 3.78 
(85) (0.149) 
462 4.83 
(67) (0.190) 
1138 2.74 
(165) (0.108) 
1220 1.42 
(177) (0.056) 
683 3.81 
(99) (0.150) 
862 1.23 

(125) (0.043) 
under this flat-jack apparatus. 

The "bottom-up" load displacement response of a shaft is obtained when combining these time 
traces with the load based upon strain gage data, as is consistent with bi-directional load 
testing procedures. The measured displacement is the shaft uplift, and the load is the side 
friction component, which is equal but opposite to that of the end beating component. In order 
to compare the grout pressure readings to this curve, a shaft tip load is also calculated by 
multiplying the pressure reading by the shaft tip cross-sectional area. 

Typical shaft response during grouting utilizing fiat-jack apparatus is presented as Figure 10. 
The shaft tip loads calculated by means of both the strain gage and grout pressure data 
correspond extremely well to each other, even at the beginning of the grouting cycle. This is 
attributed to the fiat-jack apparatus design allowing the grout to disperse rapidly across the 
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Figure 10. Typical Flat-Jack Tip Grouting Load vs. Displacement. 

entire shaft tip between the top plate and rubber membrane. This illustrates the strong 
advantage of a flat-jack apparatus in a production setting providing a "proof test" of the shaft 
capacity. The load displacement response of every grouted shaft can be obtained by simply 
utilizing top of shaft displacements and grout pressure. If the shafts are significant in length, 
the elastic shortening must be considered. 

An ungrouted control shaft, was constructed and load tested at both Sites I and II, such that the 
improvement in load capacity due to pressure grouting could be assessed by direct comparison 
to its respective control shaft. Figure 11 presents a typical shaft load comparison. Both the 
top and tip of  shaft response is shown for both a grouted and ungrouted control shaft. 
As most tip resistance designs are based on an assumed displacement of  5% of the shaft 
diameter, (e.g. Reese and O'Neill, 1988), the improvement in shaft tip and total capacity is 
evaluated at displacements of 5% of the shaft diameter for all the test shafts, as summarized 
in Table 4. The grouted improvement is defined by the following: 

% Improvement = (Capacityg~o.ted pile- CapacitYco.t~ol), 100% 
CapacitYco.t~ol 
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Figure 11. Load Test Comparison of Typical Grouted Shaft to Control Shaft. 

Table 4. Load Performance at a Displacement of 5% Shaft Diameter. 

Grout Total 
Shaft 

Delivery Desig. Load 
Mech. kN/(tons) 

S 1-CON 961 
Control 

(no grout) (108) 
S1-FJ1 1094 

Flat-Jack (release press.) (123) 
S1-FJ2 1210 

(hold press.) (136) 

S2-SP1 
(with plate) 

1379 
(155) 

Sleeve-Port 
$2-SP2 1450 

(no plate) (163) 

S2-CON 890 Control 
(no grout) (100) 

S2-FJ 1290 
Flat-Jack 

(hold press.) (145) 
S2-SP 1397 

Sleeve-Port 
(with plate) (157) 

Tip Tip Tip Total 
Load Contrib. Emprove. Improve 

kN/(tons) (%) (%) (%) 

98 
10 N/A N/A 

(11) 
347 

32 255 14 
(39) 
365 

30 273 26 
(41) 

507 
37 418 44 

(57) 

569 
39 482 51 

(64) 

62 
7 N/A N/A (7) 

463 
36 643 45 

(52) 
587 

42 843 57 
(66) 
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The improvement for the shaft tip capacity is further evaluated in Figure 12 where it is plotted 
for all measured displacements until ultimate capacity is reached. The greatest amount of tip 
improvement occurred in Site I at a displacement of only 2% of the shaft diameter, 12 mm 
(0.48 in.), and in Site II at a displacement of 4% to 5% of the shaft diameter, 24 mm (0.96 in.) 
to 30 mm (1.20 in.). Undoubtedly, this was due to the tip grouting locking in some amount 
of negative side shear, and thus more readily transferring the subsequent load to the shaft tip 
which was also prestressed in compression. Although the total shaft improvement is more 
modest, the increased stiffness of the grouted shaft aides in meeting service limit 
displacements. 

Summary 

The field results of a two year, full-scale load testing program have been presented identifying 
the magnitude of improvement that can be obtained by pressure grouting drilled shaft tips. 
Three grout distribution systems were used: (1) flat-jack, (2) sleeve-port, and (3) sleeve-port 
and plate. A total of eight test shafts were constructed and tested at two sites, Site I (shelly 
sand) and Site II (silty sand). All grouted shafts showed increased tip capacity, regardless of 
distribution system, when compared to ungrouted control shafts. Sleeve-port systems 
developed higher grout pressures, while flat-jack systems produced more uniform tip loading 
and higher uplift displacements. The tip improvement (at 0.05 shaft diameters of 
displacement) for sleeve-port systems was 455% and 843% for Sites I and II, respectively. 
Flat-jack systems produced 264% and 643% improvement, similarly. Although not presented 
herein, a design procedure has been developed based on the results of this research which is 
being incorporated into the FDOT design guidelines. 

Figure 12. Grouted Tip Capacity Improvement vs. Shaft Displacement. 
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Abstract 

Until recently, the analysis of Statnamic test data has typically incorporated the "Unloading 
Point Method" (Middendorp et. al, 1992) to determine an equivalent static capacity. The 
Unloading Point (UP) method requires that the foundation move as a rigid body, thus 
excluding stress wave phenomenon from the analysis. If this requirement is met the foundation 
capacity can be determined using this simplified method. However, many foundations do not 
meet the UP criteria (e.g. fixed end or relatively long piles) and have proven difficult to 
analyze without more complex techniques. This paper presents a new analysis method that 
uses measured strain data as well as the standard Statnamic test data to determine foundation 
capacity. This new method discretizes the foundation into smaller segments that each meet the 
rigid body criteria of the UP method. Thereby, a more refined inertia and viscous damping 
evaluation can be implemented that individually determines the contributions from the various 
segments. This approach, termed the "Segmental Unloading Point" (SUP) method, is 
developed herein and then demonstrated with results from full-scale Statnamic test data. 

Introduction 

Since its inception in1988, Statnamic testing of deep foundations has gained popularity with 
many designers largely due to its time efficiency, cost effectiveness, data quality, and flexibility 
in testing existing foundations. Where large capacity static tests may take up to a week to set 
up and conduct, the largest of Statnamic tests typically takes no more than a few days. Further, 
multiple smaller-capacity tests can easily be completed within a day. The direct benefit of this 
time efficiency is the cost savings to the client and the ability to conduct more tests within a 
given budget. Additionally, this test method has boosted quality assurance by giving the 
contractor the ability to test foundations thought to have been compromised by construction 
difficulties without significantly affecting production. 

Statnamic testing is designated as a rapid load test that uses the inertia of a relatively 
small reaction mass instead of a reaction structure to produce large forces. Rapid load tests are 
differentiated from static and dynamic load tests by comparing the duration of the loading 

915 
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event with respect to the axial natural period of the foundation (2L/C), where L represents the 
foundation length and C represents the strain wave velocity. Test durations longer than 1000 
L/C are considered static loadings and those shorter than 10 L/C are consider dynamic (Janes 
et al., 2000; Kusakabe et.al, 2000). Tests with a duration between 10L/C and 1000 L/C are 
denoted as rapid load tests. The duration of the Statnamic test is typically 100 to 120 
milliseconds, but is dependant on the ratio of the applied force to the weight of the reaction 
mass. Longer duration tests of up to 500 milliseconds are possible but require a larger reaction 
mass. 

The Statnamic force is produced by quickly-formed high pressure gases that in turn 
launch a reaction mass upward at up to twenty times the acceleration of gravity. The equal and 
opposite force exerted on the foundation is simply the product of the mass and acceleration of 
the reaction mass. It should be noted that the acceleration of the reaction mass is not 
significant in the analysis of the foundation; it is simply a by-product of the test. Secondly, the 
load produced is not an impact in that the mass is in contact prior to the test. Further, the test 
is over long before the masses reach the top of their flight. The parameters of interest are only 
those associated with the movement of the foundation (i.e. force, displacement, and 
acceleration). 

Typical analysis of Statnamic data relies on measured values of force, displacement and 
acceleration. A soil model is not required, hence, the results are not highly user dependent. 
A new method of analysis is introduced that extends present methods by incorporating 
additional measured values of strain at discrete points along the length of the foundation. In 
the ensuing sections a discussion of analysis methods and their applicability will be presented. 
Full details on the development of this method can be found elsewhere (Lewis, 1999). 

Present Analysis Procedures 

The Statnamic forcing event induces foundation motion in a relatively short period of time and 
hence acceleration and velocities will be present. The accelerations are typically small(I-2 
g's), however the enormous mass of the foundation when accelerated resists movement due 
to inertia and as such the fundamental equation of motion applies, Equation 1. 

F = m a  + cv  + kx  (1) 

where, F = forcing event 
m = mass of the foundation 
a = acceleration of the displacing body 
v = velocity of the displacing body 
c = viscous damping coefficient 
k = spring constant of the displacing system 
x = displacement of the body 

The equation of motion is generally described using four terms: forcing, inertial, 
viscous damping, and stiffness. The forcing term (F) denotes the load application which varies 
with time and is equated to the sum of remaining three terms. The inertial term ( m a )  is the 
force which is generated from the tendency of a body to resist motion, or to keep moving once 
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it is set in motion (Young, 1992). The viscous damping term (cv) is best described as the 
velocity dependant resistance to movement. The final term (kx), represents the classic system 
stiffness, which is the static soil resistance. 

When this equation is applied to a pile/soil system the terms can be redefined to more 
accurately describe the system. This is done by including both measured and calculated terms. 
The revised equation is displayed below: 

Fstam~mic = (ma)Foundat~on + (CV)Foundatio n + F s t a t i  c (2) 

where, F~, .......... is the measured Statnamic force, m is the calculated mass of the foundation, a 
is the measured acceleration of the foundation, c is the viscous damping coefficient, v is the 
calculated velocity, and F,,,,,,~. is the derived pile/soil static response. 

There are two unknowns in the revised equation F~,~,,~. and c, thus the equation is under 
specified. F~,~,,~. is the desired value, so the variable c must be obtained to solve the equation. 
Middendorp (1992) presented a method to calculate the damping coefficient referred to as the 
Unloading Point Method (UP). With the value of c known, the static force can be calculated. 
This force, termed "Derived Static," represents an equivalent soil response similar to that 
produced by a traditional static load test. 

UP Description 

The UP is a simple method which allows the equivalent static resistance to be derived from the 
measured Statnamic quantities. It uses a simple single degree of freedom model to represent 
the foundation/soil system as a rigid body supported by a non-linear spring and a linear dashpot 
in parallel (see Figure 1). The spring represents the static soil response (Fs~,~) which includes 
the elastic response of the foundation as well as the foundation/soil interface and surrounding 
soil response. The dashpot is used to represent the dynamic resistance which depends on the 
rate of pile penetration (Nishimura, 1995). 

The UP makes two primary assumptions in its determination of"c? '  The first is the 
static capacity of the pile is constant when it plunges as a rigid body. The second is that the 
damping coefficient is constant throughout the test. By doing so a time window is defined in 
which to calculate the damping coefficient as shown in Figure 2. This figure shows a typical 
Statnamic load-displacement curve which denotes points (1) and (2). The first point of interest 
(1) is that of maximum Statnamic Force. At this point the static resistance is assumed to have 
become steady state, for the purpose of calculating "e". Thus, any extra resistance is attributed 
to that of the dynamic forces (ma and cv). The next point of interest (2) is that of zero velocity 
which has been termed the "Unloading Point." At this point the foundation is no longer 
moving and the resistance due to damping is zero. The static resistance, used to calculate "c" 
from point (1) to (2), can then be calculated by the following equation: 

(3) 

where, Fs, ........ ,c, m, and a are all known parameters; F s,o,,~,, p is the static force calculated at (2) 
and assumed constant from (1) to (2). 
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Figure 1. Single D.O.F. Model 

Figure 2. UP time window for c determination. 

Next, the damping coefficient can be calculated throughout this range, from maximum force 
(1) to zero velocity (2). The following equation is used to calculate c: 

Fstatnarnic- Fstaticup- (ma)Foundatio n 
c : (4) 

V Foundation 

Damping values over this range should be fairly constant. Often the average value is taken as 
the damping constant, but if  a constant value occurs over a long period of time it should be 
used (see Figure 3). Note that as v approaches zero at point (2), values o f c  can be different 
from that of  the most representative value and therefore the entire trend should be reviewed. 
Finally the derived static response can be calculated as follows: 
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Es t . .  c = Fstamamic-  (ma)Foundatio n - (CV)Foundat~o n 

919 

(5) 

Avera_.q.ge.q....Value 

O -  

/ 
B e s t  V a l u e  

(1)  T i m e  (2)  

Figure 3. Variation in c between times (1) and (2). 

Currently software is available to the public that can be used in conjunction with 
Statnamic test data to calculate the derived static pile capacity using the UP Method (Garbin, 
1999). This software was developed by the University of South Florida and the Federal 
Highway Administration and can be downloaded from www. eng. us fedu , /~gmul l ins  under the 
Statnamic Analysis Workbook (SAW TM) heading. 

UP Shortcomings 

The UP has proven to be a valuable tool in predicting damping values when the foundation acts 
as a rigid body. However, as the pile length increases an appreciable delay can be introduced 
between the movement of the pile top and toe, hence negating the rigid body assumption. This 
occurrence also becomes prevalent when an end bearing condition exists; in this case the lower 
portion of the foundation is prevented from moving jointly with the top of the foundation. 

Middendorp (1995) defines the "'Wave Number" (N,,) to quantify the applicability of 
the UP. The wave number is calculated by dividing the wave length (D) by the foundation 
depth (L). D is obtained by multiplying the wave speed c in length per second by the load 
duration (T) in seconds. Thus, the wave number is calculated by the following equation: 

D c T  
N~, = 

L L (6) 

Through empirical studies Middendorp determined that the UP would accurately 
predict static capacity, from Statnamic data, if the wave number is greater than 12. Nishimura 
(1995) established a similar threashold at a wave number of 10. Using wave speeds of 5000 
m/s and 4000 m/s for steel and concrete respectively and a typical Statnamic load duration, 
the UP is limited to piles shorter than 50 m (steel) and 40 m (concrete). Wave number analysis 
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can be used to determine if stress waves will develop in the pile. However, this does not 
necessarily satisfy the rigid body requirement of the UP. 

Statnamic tests cannot always produce wave numbers greater than 10, and as such there 
have been several methods suggested to accommodate stress wave phenomena in Statnamically 
tested long piles (Middendorp, 1995). Due to limitations on paper length these methods are 
not presented. 

Modified Unloading Point Method 

Given the shortcomings of the UP, users of Statnamic testing have developed a remedy for the 
problematic condition that arises most commonly. The scenario involves relatively short piles 
(N,,.> 10) that do not exhibit rigid body motion, but rather elastically shorten within the same 
magnitude as the permanent set. This is typical of rock-socketed drilled shafts or piles driven 
to dense bearing strata that are not fully mobilized during testing. The consequence is that the 
top of pile response (i.e. acceleration, velocity, and displacement) is significantly different 
from that of the toe. The most drastic subset of these test results show zero movement at the 
toe while the top of pile elastically displaces in excess of the surficial yield limit (e.g. upwards 
of 25 mm). Whereas with plunging piles (rigid body motion) the difference in movement (top 
to toe) is minimal and the average acceleration is essentially the same as the top of pile 
acceleration; tip restrained piles will exhibit an inertial term that is twice as large when using 
top of pile movement measurements to represent the entire pile. 

The Modified Unloading Point Method (MUP), developed by Justason (1997), makes 
use of an additional toe accelerometer that measures the toe response. The entire pile is still 
assumed to be a single mass, m, but the acceleration of the mass is now defined by the average 
of the top and toe movements. A standard UP is then conducted using the applied top of pile 
Statnamic force and the average accelerations and velocities. The derived static force is then 
plotted versus the top of pile displacement as before. This simple extension of the UP has 
successfully overcome most problematic data sets. Plunging piles instrumented with both top 
and toe accelerometers have shown little analytical difference between the UP and the MUP. 
However, MUP analyses are now recommended whenever both top and toe information is 
available. 

Need For Advancement 

Although the MUP provided a more refined approach to some of the problems associated with 
UP conditions, there still exists a scenario where it is difficult to interpret Statnamic data with 
present methods. This is when the wave number is less than ten (relatively long piles). In 
these cases the pile may still only experience compression (no tension waves) but the delay 
between top and toe movements causes a phase lag. Hence an average of top and toe 
movements does not adequately represent the pile. 
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SUP Method Description And General Procedure 

The fundamental concept of the SUP is that the acceleration, velocity, displacement, and force 
on each segment can be determined using strain gage measurements along the length of the 
pile. Individual pile segment displacements are determined using the relative displacement as 
calculated from strain gage measurements and an upper or lower measured displacement. The 
velocity and acceleration of each segment are then determined by numerically differentiating 
displacement then velocity with respect to time. The segmental forces are determined by 
calculating the difference in force from two strain gage levels. 

Typically the maximum number of segments is dependent on the available number of 
strain gage layers. However, strain gage placement does not necessitate assignment of 
segmental boundaries; as long as the wave number of a given segment is greater than 10, the 
segment can include several strain gage levels within its boundaries. The number and the 
elevation of strain gage levels are usually determined based on soil stratification; as such, it can 
be useful to conduct an individual segmental analysis to produce the shear strength parameters 
for each soil strata. A reasonable upper limit on the number of segments should be adopted 
because of the large number of mathematical computations required to complete each analysis. 
Figure 4 is a sketch of the SUP pile discretization. 

The notation used for the general SUP case defines the pile as having rn levels of strain 
gages and m+I  segments. Strain gage locations are labeled using positive integers starting 
from 1 and continuing through m. The first gage level below the top of the foundation is 
denoted as GL I where the superscript defines the gage level. Although there are no strain 
gages at the top of foundation,this elevation is denoted as GL ~ Segments are numbered using 
positive integers from 1 to m+l,  where segment 1 is bounded by the top of foundation (GL ~j) 
and GU. Any general segment is denoted as segment n and lies between GL "-~ and GL". 
Finally, the bottom segment is denoted as segment m+l and lies between GL m and the 
foundation toe. 

Figure 4. Segmental Free Body Diagram 
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Calculation Of  Segmental Motion Parameters 

The SUP analysis defines average acceleration, velocity, and displacement traces that are 
specific to each segment. In doing so, strain measurements from the top and bottom of each 
segment and a boundary displacement are required. Boundary displacement may come from 
the Statnamic laser reference system (top), top of pile acceleration data, or from embedded toe 
accelerometer data. 

The displacement is calculated at each gage level using the change in recorded strain 
with respect to an initial time zero using Equation 7. Because a linearly-varying strain 
distribution is assumed between gage levels, the average strain is used to calculate the elastic 
shortening in each segment. 

Level displacements 

Xn = Xn- 1- AEaverage seg n L seg n (7) 

where 
x n = the displacement at the nth gage level 

Ae ..... ~,~,, = the average change in strain in segment n 
L ~,,~,, = the length of the nth segment 

To perform an unloading point analysis, only the top-of-segment motion needs to be 
defined. However, the MUP analysis, which is now recommended, requires both top and 
bottom parameters. The SUP lends itself naturally to providing this information. Therefore, 
the average segment movement is used rather than the top-of-segment; hence, the SUP actually 
performs multiple MUP analyses rather than standard UP. The segmental displacement is then 
determined using the average of the gage level displacements from each end of the segment 
as shown in the following equation: 

Xn 1 + Xn 
x - (8) seg n 2 

where x ,~,, is the average displacement consistent with that of the segment centroid. 
The velocky and acceleration, as required for MUP, are then determined from the 

average displacement trace through numerical differentiation using Equations 9 and 10, 
respectively: 

x -  x (9) 
vn - At 

Vt/' V'*I (10)  
an - ~ t  

where V n 

t/n 
At 

the velocity of segment n 
the acceleration of segment n 
the time step from time t to t§ 
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It should be noted that all measured values of  laser displacement, strain, and force are time 
dependent parameters that are field recorded using high speed data acquisition computers. 
Hence the time step, At, used to calculate velocity and acceleration is a uniform value that can 
be as small as 0.0002 seconds. Therefore, some consideration should be given when selecting 
the time step to be used for numerical differentiation. 

The average motion parameters (x, v, and a) for segment m + 1 can not be ascertained 
from measured data, but the displacement at GL'" can be differentiated directly providing the 
velocity and acceleration. Therefore, the toe segment is evaluated using the standard UP. 
These segments typically are extremely short (1 - 2 m) producing little to no differential 
movement along its length. 

Calculation Of Segmental Statnamic And Derived Static Forces 

Each segment in the shaft is subjected to a forcing event which causes movement and reaction 
forces. This segmental force is calculated by subtracting the force at the top of  the segment 
from the force at the bottom. The difference is due to side friction, inertia, and damping for 
all'segments except the bottom segment. This segment has only one forcing function from GL"' 
and the side friction is coupled with the tip bearing component. The force on segment n is 
defined as: 

where 

Sn = A(n-1) E(n-1) e(n-1) - An En en (11) 

e,, 

the applied segment force from strain measurements 
the composite elastic modulus at level n 
the cross sectional area at level n 
the measured strain at level n 

Once the motion and forces are defined along the length of  the pile. an unloading point 
analysis on each segment is conducted. The segment force defined above is now used in place 
of  the Statnamic force in Equation 2. Equation 12 redefines the fundamental equation of 
motion for a segment analysis: 

S = m a + c v + S static (12) 

where. S ,, s,..~ = the derive static response of segment n 
m,, = the calculated mass of segment n 
c,, = the damping constant of  segment n 

The damping constant (in Equation 13) and the derived static response (Equation 14) of  the 
segment are computed consistent with standard UP analyses: 

Sn Sn Static 
c = (13) 

V n 

S st~.c : S - m a c v (14) 
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Finally the top-of-foundation derived static response can be calculated by summing the 
derived static response of the individual segments as displayed in the following equation: 

m + 1 

Fs,~,c = Z S,, sta,,c (15) 
n - 1 

Software capable of performing SUP analyses (SUPERSAW T M )  is currently being 
developed at the University of South Florida in cooperation with the Federal Highway 
Administration. 

S i t e  C h a r a c t e r i s t i c s  A n d  S U P  A p p l i c a t i o n  

Prepared in this section are examples of the motion parameters, segment forces, and load 
displacement trends as analyzed by SUP. The foundation was instrumented with four strain 
gage levels (m = 4) which produced five segments. Data was obtained at the 17 th Street 
Causeway Replacement Bridge project as part of an extensive load test program implemented 
by the Florida Department of Transportation (FDOT), which included Statnamic load tests. 
Statnamic load testing was performed using a 30MN Statnamic device equipped with a gravel 
catch structure. Shaft instrumentation consisted of standard Statnamic equipment as well as, 
resistive type strain gages, and a toe accelerometer. Instrumentation elevations are presented 
in Table 1. 

Table 1 Instrumentation Schedule 

Instrumentation Elevation 
(m) Number of Transducers Type of Transducer 

Calibrated Load Cell, 2 
3.0 4 Accelerometers, and 

Laser Reference System 

- 1.8 3 Strain Gage 

-4.2 3 Strain Gage 

- 17.0 3 Strain Gage 

- 18.3 3 Strain Gage 

- 19.0 1 Accelerometer 

The test shaft had a planned diameter of 1.22 m and was 22 m in length. It was 
constructed using a temporary casing method and sea water as the drilling fluid. The 1.22 m 
O.D. steel casing (1 cm wall thickness) was installed to elevation -18.96 m using a vibratory 
hammer. The concrete was placed using a tremie method, then the casing tip was pulled to 
elevation -0.9 m, using a vibratory hammer. 

A soil boring performed at the test shaft location indicated that the natural ground 
elevation was approximately 1.5 m. The water table was reported to exist at elevation 0.3 m. 
SPT testing was initiated at the ground surface (elevation +3 m) and extended to elevation - 
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28.15 m. The upper two meters of  soil consisted of  compacted limestone fill with SPT "N" 
values ranging from 16 to 27. 

The following strata was reported as fine sand with fragments of  limestone and shell. 
This strata extended to elevation -14.7 m, "N" values ranged from 9 to 57. From elevation - 
14.7 m throughout, the rock socket length averaged 34% RQD at 80% recovery. RQD values 
ranged from 18% to 73% in the limestone below the shaft tip. Recovery values in this strata 
were generally greater than 70%. 

Figure 5 shows the measured change in strain with respect to time t = 0 for each gage 
level. Figures 6 through 8 illustrate the motion parameters determined for each of  the five 
segments. Figure 9 shows the forces calculated at each gage level with the true measured 
strain. Figure 10 shows the dynamic forces on each of  the segments as calculated by Equation 
11. 

Figure 5. Strain versus Time 

Using the segmental forces, the derived static soil resistance is determined for each of 
the segments. Figure 11 shows a typical segment load versus segment displacement curve. 
By simply dividing the segment force by circumferential surface area this curve can be 
converted in to a shear stress versus displacement (T-Z) curve for that specific soil strata. 

It can be seen in Figure 10 that the peak of  each segment force may occur at different 
times and therefore at different top-of-pile displacements. This can effect the pile capacity in 
that the ultimate shear strengths of  the strata should not be simply summed. This is most 
probably not a significant concern with this pile due to the plunging nature of  the failure. This 
is evidenced by the similar top and toe movements shown in Figure 6. However, to be 
technically correct, SUP uses the summation of segment forces as they were developed. This 
accounts for upper soil layers that may fully mobilize and become residual in nature while 
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Figure 6. Segmental Average Displacements 

Figure 7. Segmental Average Velocity 
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Figure 8. Segmental Average Acceleration 

Figure 9. Force at Gage Levels 

Downloaded 09 Sep 2009 to 131.247.9.208. Redistribution subject to ASCE license or copyright; see http://www.ascelibrary.org

                     450



928 DEEP FOUNDATIONS 2002 

Figure 10. Segmental Statnamic Forces 

Figure 11. Segment Load Displacement Curves 
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lower soil layers begin to develop ultimate strengths. Figure 12 shows the raw Statnamic load 
displacement curve as well as SUP, MUP, and UP derived static capacity versus the top-of-pile 
displacement. 

0 . . . . . .  

-10 
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-25 

-30 

-35 

-40 

0 -5000 -10000 -15000 -20000 -25000 -30000 
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Figure 12. Top of Pile Load versus Displacement 

-35000 

Z. 

Summary 

A new method of analysis called the Segmental Unloading Point Method (SUP) was presented 
that evaluates StatnamicaIly loaded foundations as segments whose lengths are defined by 
embedded strain gage elevations. The recorded strain measurements are used to determine 
both the segmental motion parameters as well as the segmental force traces. Each segment is 
then treated as an individual foundation whose static response is derived using either the UP 
or MUP methods. The summation of each segment contribution with respect to time provides 
a top of foundation response that more closely incorporates the actual distribution of inertial 
and damping forces throughout the foundation. This is most important in the analysis of 
relatively long or fixed-ended piles. Although the UP and MUP methods of analysis are 
sufficient for most loading conditions, SUP provides information for soil strata T-Z curves as 
well as cut-off elevation load-displacement curves. 
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