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FOREWORD

The 1993 Annual Technical Session of the Structural Stability Research
Council was held in the City of Milwaukee, Wisconsin on April § and 6. This
proved to be a very pleasant venue with good surroundings and eating places. It was
the first time the SSRC met in Milwaukee.

Another new venture was a substantial change in the format of the meeting.
The presentation of papers for the SSRC meeting took place at Task Group meetings
on Monday and at a plenary session on Tuesday moming. The reason for this
change was that the traditional half day theme session was expanded to a 1'% day
conference with the theme “Is Your Structure Suitably Braced?" Even with the
restricted time for the SSRC presentations, a total of 27 presentations were
scheduled, with 14 of them in the plenary session. All these papers are contained
in these proceedings along with several other papers that were submitted but not
presented. The papers were associated with eleven different Task Groups and
sincere thanks is due to all the authors for their efforts and participation.

It is not possible to separate the number of participants in the SSRC meeting
from the total that also attended the subsequent theme conference. However, the
Task group meetings were very well attended and their content was primarily
technical in nature. A head count indicated that nearly 100 were in attendance at the
plenary session. The combined meetings had over 160 registrants, representing ten
different countries. This was the largest attendance ever at an SSRC event. In spite
of the initial concerns that the abbreviated SSRC meeting would not be well
received, the response of the participants seemed enthusiastic.

A special note of thanks is due to five local sponsors who contributed
financially to support the meetings.
CH2M Hill
Computerized Structural Design
Graef Anhalt Schloemer Associates
Howard Needles Tammen & Bergendoff
Society of Iron & Steel Fabricators of Wisconsin



Due to the change in format, considerable extra effort was required in
organizing and implementing the SSRC meeting. The Program Committee chaired
by Clarence Miller did a commendable job in organizing the technical content of the
meeting. The Task Group Chairmen were especially cooperative in integrating
technical presentations into their meetings. Lesleigh Federinic, SSRC Administrative
Secretary, and her assistant Diana Walsh, did their usual excellent job of insuring
that everything went smoothly both before and during the meeting, Thanks for the
extra effort this year. Our new Associate Director, Jim Ricles, got a good initiation
and we appreciate his contribution to the program and arrangements. Also, thanks
to the SSRC Director, Lynn Beedle, for his efforts and overseeing all the details that
had 1o be considered. The students from Marquette University and the University
of Wisconsin-Milwaukee deserve recognition for their efficient assistance during the
conference. Finally a special thanks to Jerry Iffland Chairman of the Finance
Committee, for the idea of the new meeting format and for inspiration to others in
making this a successful meeting.

Now we can look forward to next year which will be the S0th Anniversary
Mecting of the SSRC. This special and exciting event will be held at Lehigh
University, June 19-22, 1994, The theme, "SSRC - Link Between Research and
Practice™ will be addressed by international experts on all of the various stability
topics important to SSRC. We hope to come away from this meeting with a good
vision of the future of stability research and design.

b- ﬂ :;4."\- M)
Donald R. Sherman
Chairman

Milwaukee, Wisconsin
April, 1993
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Your Building May be Stronger
Than You Think;
The Benefits of 3-D Analysis

by Marc Hoit' and Duane Ellifrin?

Introduction

Structural engineers are always looking for ways to make more efficient use of materials--for
finding secondary uses of members that are already there for another purpose. This is the
basis for composite construction; the slab is going to be present anyway so why not make it
work as part of a floor beam? Another example is steel deck. In floors its primary function
is as a concrete form. However, properly designed shear connectors can make it work as
part of a composite slab. In roofs it's there to keep out the weather, but its in-plane shear
strength can make it work as bracing for frames and other structural elements.

In metal building systems and other conventional one-story commercial and industrial
buildings, some form of X-bracing is usually used in the planes of the roof and wall to
provide resistance to wind perpendicular to the main frames. This bracing, too, can serve a
secondary function that can only be found through a 3-dimensional analysis of the entire
structure.

Conventional 2-D Analysis

A common method of bracing | story framed buildings against wind perpendicular to the
frames is shown in Figure 1. The X bracing may be angles, rods, or cables or in very heavy
structures may even be W-sections. In most cases, the assumption is made that these
members are incapable of resisting compression without buckling elasticly and therefore are
considered to act as tension members only.

When wind blows against the end wall of this building, loads are transferred through the end
wall columns, through struts in the roof, and into the bracing system which, with the
assumption mentioned above, becomes a simple Pratt truss. For this case a 3 dimensional
analysis would be of little value.

' Dr. Marc Hoit, Associate Professor of Civil Engineering, University of Florida

2 Dr. Duane Ellifritt, Professor of Civil Engineering, University of Florida




There are certain types of similar structures, however, where a 3-D analysis can be most
beneficial.

Hangar Buildings

Buildings which are built for large aircraft maintenance facilities generally have large doors
in the end walls, as in Figure 2. In these cases, there can be no end wall columns to transfer
wind load, so it is common to build a cantilever door support assembly that transfers the load
back to an interior frame by means of an inclined compression strut, as shown in Figure 3.
This puts an upward force on the frame to which this inclined strut is attached. An upward
deflection of this frame means an inward horizontal movement at the top of the sliding doors.
Too much movement may cause damage to the doors.

A typical 2-D analysis, modelling the frame stiffness as springs in-plane, may show very
large horizontal deflections at the door tracks as seen in Figure 4. This may cause the
designer to believe that a heavier frame is needed, but increasing the frame stiffness comes at
the cost of dramatically increasing the weight of that frame. A better solution is to utilize
something that is already present anyway-the wind bracing. The beneficial effect of this can
only be found by performing a 3-D analysis of the entire building.

3-Dimensional Analysis

A three dimensional analysis will show that the upward force on the second frame is actually
restrained by the roof bracing which transfers some of this force to adjacent frames. For a
flat roof building, this effect is negligible, but for a gabled frame building it can be
significant. Look at the simplified 2-bay model in Figure 5. In Figure 5(a) the upward force
is perpendicular to the plane of the diagonal bracing, so the bracing will not resist much load
until large deflections take place. In Figure 5(b), the diagonal bracing is already positioned
to provide a vertical component of reaction to the applied upward load.

It should be noled that this works because only one frame is loaded. This comes from
having the end wall wind reactions carried back to the first interior frame on an inclined
member, producing an upward component of force. The same principle would not work if
all frames are equally loaded, as in uniform wind uplift on the roof.

It should also be noted that use of this procedure may result in very large forces in the
bracing members and their connections. The designer must insure that these members and
their connections are adequate for the increased forces from the door headers. The common
practice of using a single rod through a hole in the web may not be sufficient for such
forces.




Analysis Example - Modeling

As an example, the results of a three-dimensional analysis will be compared to the more
conventional two-dimensional analysis for a typical hangar building like the one in Figure 2.
The dimensions of the building are shown in Figure 6. The building is ten bays long,
symmetrical about a vertical plane through the ridge and has sliding doors in both end walls
and a door supporting assembly similar to that of Figure 4.

For the analysis, a finite element program called SSTAN will be used. SSTAN is a three
dimensional static analysis program that handles trusses, frames, plates, membranes, shells
and solid elements. It can also include P-Delta and non-compression member effects.

In order to simplify the modeling and reduce its size, we will model only the first three
frames and use symmetry about the peak. In finite elements, symmetry can be handled by
modeling only the symmetric portion of the structure and adjusting the boundary conditions
to account for the rest of the structure. This method is exact for linear structures subjected
to symmetric loading. Generally, symmetry can not be used in a non-linear analysis. This is
because as members yield or change properties, the structure becomes non-symmetric. In
this case, the only non-linearity being included is non-compression bracing members. The
symmetric loading will give symmetric results even with this non-linearity. Therefore the
use of symmetry is correct for this case.

By including only the first three frames in the structure, the assumption is made that most of
the load is resisted by these frames. If this were not the case, the entire structure would
have had to be used. Even though only the first three frames are being modeled, some
method must be used to account for the effect of the rest of the structure. The main effect
that needs to be represented is the resistance to deflection offered by the other frames, The
typical way to account for portions of a structure is to replace it with simple springs. In a
linear example, this method can be exact.

In order to model the rest of the structure with springs, the stiffness value to use for these
springs must be determined. The exact way is to model the rest of the structure, then apply
a load at each node where there is a connection between the first three frames and this
model. The load applied divided by the deflection caused by the load is the stiffness value.
In a linear model, this load can be a unit load and the stiffness is an exact representation of
the structure. In a non-linear problem, the load must be equal to the real load the structure
will see. Clearly the real load is not known and either must be found in a iterative manner
or the entire structure must be modeled.

This method is useful when replacing a very complex portion of a structure by an accurate
simple representation. This replacement allows us to study the rest of the structure without
the complexity. Often, an approximate model of the rest of the structure is used since the
difference in the approximate and exact models causes only a very small change in the results




of the portion being studied.

In this example, the approximate stiffness is accurate enough since its effect will not change
much with more accurate modeling. Therefore, the rest of the structure is modeled by an
approximate structure. Fewer nodes and members are used to represent the tapered sections.
Only the nodes that connect 1o the three frames are included. These frames are being loaded
about their weak axes so the taper does not effect the moment of inertia. In addition, a unit
load is used to calculate the spring stiffness. This is not exact since not all compression
members at higher loads will be ignored. In addition, the additional frames do not resist
much of the wind load since the bracing transfers most of the load to the first three frames.

Symmetry is also used on the spring evaluation model. Again, only the symmetric portion
about the vertical plane along the ridge is used for the spring evaluation. Here, the unit load
must be applied as a combination of a symmetric and anti-symmetric part to get the correct
displacement. This is because with symmetry, loading is assumed to be the same on the
symmetric portion of the structure. In determining the spring values we only want a single
load. Using anti-symmetric load method (changing the boundary conditions) we can get this
effect. The plot of the structure used to determine the spring stiffness is given in Figure 7.

The three rigid frames on the windward end of the building are modeled fairly accurately.

Also included in the model are the purlins connecting the frames and the springs calculated
for the rest of the structure. The door support assembly is modeled including the diagonal
brace used to transfer load back to the interior frame. Two versions of the analysis model
were created. The first simulates a two dimensional analysis. This model does not include
any roof bracing. The second model adds the full roof bracing to the model.

The no-roof-bracing model will give exactly the same answers as the simplified model shown
in Figure 3. The spring values used in the simplified model can be calculated using a two
dimensional model of a single rigid frame. A full Three Dimensional model was actually
used for the un-braced frame analysis since the model had to be developed for the braced
analysis. Figure 8 shows the structure used. If wind load is applied to the un-braced model
very large deflections result as shown in Figure 9. The plot shows deflections in an
exaggerated form. However, the dramatic shape can only come from extremely large values,
Looking at the bottom of the door support assembly at the peak, note that the horizontal
deflection is 70", The vertical deflection is 12*. These deflections are clearly unacceptable
for a connected door.

A plot of the braced model can be seen in Figure 10. Applying the same wind load that was
used on the un-braced model, the results are shown in Figure 11. Here the shape is not
distorted. At the same support location, a horizontal deflection of 20" and a vertical
deflection of 6" can be seen. The bracing added an enormous amount of stiffness to the
structure and helped to distribute the force from the door hanger assembly into adjacent
frames.



Conclusions

Any structure is going to behave the way it wants to, regardless of how it is analyzed. A
typical two-dimensional analysis, while conservative, may overlook some reserve strength in
a structure that can only be revealed in a three-dimensional analysis. This is the case in the
example of the aircraft hangar shown. Conventional wind bracing, placed there for
alignment during erection and to resist longitudinal wind forces, is in reality performing a
third function of distributing the upward force on the first interior frames, due to wind on the
hangar door, to adjoining frames. This may require increasing the size of the bracing
members found through a two dimensional analysis and improving their connections but at
least it is a structural element that is already there. Critical for the gains to occur is having a
pitched roof. It is because of this pitch that the bracing offers a vertical stiffness component.
Flat roofs do not offer any such advantages.

In summary, a three dimensional analysis does not make a building stronger; it may,
however, show that the structure is stronger than you thought it was.




Conventional Wind Bracing

Figure 1 -
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Figure 4 - Schematic of 2-D Deflections
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THE EFFECTIVE LENGTH OF COLUMNE IN PR SWAY FRAMES
by
Claudio Bernuzzi and Riccardo Zandonini

Department of Structural Mechanics and Design Automation
University of Trento - Italy

Abstract

The paper intends to present some of the results of a project aimed
at investigating the stability of semi-rigid sway frames.
Attention is focussed in particular on the column effective length,
which still is a basic concept of simplified design analysis. The
effect of column yielding as well as of initial imperfections and
of joint nonlinearity is discussed. The use in design analyses of
the effective length based on the elastic critical load, incorpor-
ating joint flexibility, is finally considered.

INTRODUCTION

Joint behaviour affects significantly the response and stability
of steel frames: a number of studies have hence been recently
carried out, or are underway, aiming at investigating the behaviour
of semi-continuous frames and at developing suitable methods of
analysis and design. A complete frame analysis incorporating all
sources of nonlinearity (i.e material and joint behaviour as well
as second order effects) is now viable also to practitioners, and
present computer capabilities make it more and more “affordable"
even in everyday design practice. Moreover, full frame analysis
represents the most reliable and effective design tool in the case
of sway frames. Nonetheless, simplified methods will certainly
continue to play an important role in design, at least in the
preliminary sizing phases. These methods are generally based on
first order elastic analysis, and possibly on simple behavioural
models for the whole structure to compute the stress resultants,
and make use of a checking procedure by components (columns, beams
and joints).

As a part of a research project on the stability of semi-rigid sway
frames [1,2), the authors have been investigating some aspects of
this type of approaches, concentrating in particular the attention
on the "effective length" of partially restrained sway columns.
Previous studies of this problem mainly relate to the elastic
stability of columns restrained by linear elastic joints [3,4). The
limited knowledge about interaction between member and joint non-
linearities so far hampered the development of specific recom-
mendations for determining the effective length of columns in semi-
rigid frames. Eurocode 3 [5] just states that "where a beam has
semi-rigid connections, its effective stiffness coefficient (to be
used in effective length computations) should be reduced according~
iy"=.

This paper intends to present and discuss some results, obtained
via a numerical simulation program validated in a previous phase
of the research project [6], which allow a first understanding to
be achieved of the effective length problem, and in particular of

13
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(1) the influence of different sources of nonlinearities (responses
of beams, columns and joints), (2) the type of geometrical imper-
fection and (3) the loading condition (i.e. the relative importance
of distributed beam loads with respect to concentrated nodal
loads) . The study considers two limited frames. The first, a column
subassemblage, enables investigation of the influence of the column
and joint nonlinearity on the stability of individual columns. The
second, a storey subassemblage, allows to extend the study to
conditions more typical of columns in frame systems, including as
well the effect of beam loads. With reference to design analysis,
the degree of approximation was then checked inherent in the use
of the elastic value of the effective length to determine the
ultimate load carrying capacity of a column. The results underline
that the use of the elastic effective length may lead to unsafe
design. Besides, the need for a consistent definition of the frame
imperfections for full frame analysis is pointed out.

THE EFFECTIVE SLENDERNESS

When columns are the elements governing the ultimate strength of
the system, frame design by components traditionally relies on the
concept of effective length to account for the effect of the inter-
action between the column and the remainder of the structure. The
meaning and determination of the effective length of columns in
frames are well established (7], when reference is made to the
elastic critical load of rigidly jointed systems (Fig. 1). The
principal methods enabling determination of the effective buckling
length factor B, for columns in rigid frameworks can be easily
extended to the case of columns in PR frames with linear elastic
joints [3,4). However, the attainment of the ultimate load carrying
capacity generally involves inelastic frame behaviour, due to
member yielding and/or to connection nonlinear response. These
factors might affect remarkably column response and column-frame
interaction, and hence column ultimate buckling strength. Their
influence should therefore be recognized in the design analysis,
i.e. in the value of the effective column length fBH.

The question then arises of the definition of this parameter
allowing for a reliable design of columns in inelastic semi-rigid
frames. To this aim, it seems appropriate [8,9] to refer to the
maximum strength of an end restrained column and define the
"elastic-plastic" value 5,,8 of the effective length, on the basis
of the procedure of equivalence shown in figure 2, i.e. as the
value of column length which, when used in conjunction with the
stability curve for the pinned-end condition, allows the same
strength as for the end-restrained condition to be obtained.
Studies were conducted by several authors (8] of the effective
slenderness of partially restrained non sway compression members,
as affected by material and restraint nonlinearity, which adopted
the above definition. A possible procedure for the incorporation
of the results in the design of columns in braced frames was also
developed [10,11). The same problem, but for the case of sway
frames, received only little attention, and limited to the influ-
ence of column yielding [9,12), i.e. no consideration was given to
the effect of the nonlinearity of joint and beam responses. Be-
sides, the procedure to evaluate B, proposed in [12] refers to
inelastic buckling by equilibrium bifurcation, hence disregards the
effect of geometrical imperfections on the spreading of plasticity
in the column and on the effectiveness of the beam-to-column
restraint. The appropriate definition of geometrical imperfections
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to be selected when assessing the Bw factor is a further aspect
to be considered.

THE STUDY

Two series of analyses were conducted using a finite element
formulation previously developed [6]), which allows in plane frame
analysis to be conducted, taking into account: i) spreading of
yielding along both the member cross section and length; ii) second
order geometrical effects; iii) joint inelastic response. The
method was satisfactorily validated against experimental results
related to full scale stability tests on limited and complete
frames (11). The first series considered the column subassemblage
shown in figure 3, whose geometry is consistent with the tradi-
tional assumption [7), as to the buckling configuration, on which
the methods for the computation of the elastic effective length are
based, i.e. that beams are bent in double curvature. For the sake
of simplicity, the effect of column continuity is disregarded. The
study considered the main parameters which affect the member in-
elastic behaviour and the effectiveness of the restraint offered
by the joint-beam system: i) the column section, slenderness ratio
H/i and plane of buckling; ii) the ratio between the flexural
stiffness (a = (I,/L,)/(I,/H)) and the bending plastic strength
(My /M, ) of the beam(s) and of the column; iii) the constitutive
law of the joints (i.e. initial stiffness, ultimate strength and
shape of the M-¢ curve); iv) the shape and amplitude of the
geometrical and mechanical imperfections. With reference to these
factors, the following assumptions were made in the study : (1) the
column section (an HE200A) and plane of buckling (about the strong
axis of inertia) were kept the same throughout all the analyses,
whilst the slenderness ratio was varied: values of H/i = 50, 100
and 150 were considered; (2) all the beams were of length 3000 mm
(corresponding to a span L, of 6000 mm). Two sections were included
in the study: the IPE 220 and the IPE 360, allowing the beam to
column stiffness ratio a to range from 0.52 to 9.13. Besides,
section IPE 220 has full plastic moment (M,,) equal to 0.67 of the
plastic moment of the column M, .. whilst for section IPE 160 the
ratio M,,/M, is 2.37. Limited frames with the former beam shape
may then be considered as typical of systems designed on the basis
of the strong column-weak beam criterion, whilst limited frames
with the latter beam section may be considered as typical of weak
column-strong beam systems; (3) the beam-to-column joints were
assumed to be full strength joints, i.e. to have ultimate moment
capacity H“ equal to the beam plastic moment "pb' To investigate
the 1nf1uoncl of joint flexibility, a reference piecewise linear
moment-rotation relationship was first deduced (fig. 4a), from a
M-¢ curve typical of joints with extended end plate connections
[13). The elastic range, of stiffness K;, is assumed to extend up
to M = 0.4 M,,. Different joint responses were then simulated by
varying the initial stiffness K, from 0.5 to 25 times the flexural
stiffness EI, /L, of the connected beam, whilst the stiffness ratios
between the branches of the linearized law were kept constant. The
M-¢ laws considered covered the whole semi-rigid range in accord-
ance to Eurocode 3 (Fig. 4b). The ratio between the elastic flex~
ural stiffness K;, of the joint-beam system and of the column ranges
from 0.25 to 46.0 and, correspondingly, the elastic value of the
effective length factor §, from 1.02 to 3.25, so covering the range
of practical interest. In order to point out as well the effect of
nonlinearity of joint response, bilinear "elastic plastic" laws




were also assumed. Joint flexibility is the end result of the
deformation of a nodal zone of finite dimensions, including the
connection and column components. The analysis method concentrate
joint flexibility at a specific location along the beam-joint
finite element. In order to point out the possible influence of
joint "location" in the model the analyses were conducted concen-
trating joint flexibility either at the column face or at the
intersection between the beam and column axes; (4) the four initial
deflected shapes in figure 5 were selected: - the first refers to
the elastic buckling mode and assumes a member deflection with
maximum amplitude equal to H/250 (i.e. to the value given in [14]
for the relevant stability curve (curve b)) and shape, cosinusoid-
al, equal to the critical one of a column with rigid rotational end
restraints); - the other three types of imperfection represent
different alternatives, which might be adopted in second order
frame analysis: type 2 is a sway deflection with sway angle 1/200,
i.e. egual to the value specified for a single column by the same
document, whilst types 3 and 4 are combinations of the sway and
cuirvature deflection. All sections are considered free of residual
stresses, whose effect is however included in the value adopted for
the amplitude of the initial deflection; (5) the steel is of grade
Fel60 with yield strength f = 235 MPa.

The second series of analyses considered the storey subassemblage
of figure 6. The main parameters investigated were the same as in
the first series, although the results related to the column
subassemblage enabled reduction of the cases investigated. A
further important parameter was the distribution of the load on the
subassemblage. Besides the load case with forces P applied at the
upper nodes, loading conditions were considered, where the ratio
R between the total distributed load 3gl and the total concentrated
load 3P was varied from 0 to 2.

Both types of subassemblage were analyzed up the ultimate condi-
tions both in the elastic and elastic-plastic range.

THE COLUMN SUBASSEMBLAGE

The study of the column subassemblage (Fig. 3) involved more than
350 analyses under a vertical load P increased step by step up to
the attainment of the buckling strength. On the basis of a prelimi-
nary calibration study, five finite elements were used to model the
column, while only one joint-beam element was adopted for each
"arm" of the subassemblage.

In order to single out the effect of member yielding, the first
series of analyses assumed joint behaviour as linear elastic up teo
the ultimate moment resistance; besides, joints were modelled via
springs located at the column face. Numerical results allow the
relationship between the ultimate load carrying capacity of the
column and the stiffness K; of the joint-beam assembly to be
obtained. Typical curves are plotted in figures 7a and 7b, where
stiffness K; and the ultimate buckling load N, are normalised with
reference to the stiffness K of the column and to the column squash
load Il, respectively. The elastic critical curves are also plotted.
As expected on the basis of previous studies [1,2,15,16], the
elastic and elastic-plastic curves do have a very similar shape,
with a sharp increase of column strength in the field of low end
restraint stiffness, and a progressive shallowing as K, increases,
which makes practically uneffective any further increase of this
parameter beyond a value depending on the slenderness ratio and on
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the type of column behaviour (elastic or elastic-plastic): elastic-
plastic end restrained columns tend to attain the maximum value of
the buckling strength compatible with their slenderness ratio H/i
for values of R,,,[x, lower than for the corresponding elastic case.
Inelastic column buckling is attained via a progressive deteriora-
tion of the member flexural stiffness consequent to the concurrent
increase of axial load and of yielding. In a sway column plastic
zones are located at the ends. Hence, unlike for non sway columns,
yielding has effects, which are to a certain extent counteractive:
on the one hand the associated decrease in member stiffness makes
the restraint "stiffer"” relatively to the column, on the other hand
moment transmission from the joint-beam system is hampered and
hence the restraint effectiveness is reduced. Inelastic curvatures
at the column ends require an increasingly greater sway for the
same increment of restraining moment to be developed. Furthermore,
the restraining moment is limited by the plastic moment of the
column section, as reduced by the axial thrust. As a consequence,
relatively low values of stiffness are sufficient to the restraint
system to attain its maximum effectiveness when more significant
is the role of yielding, i.e. in the range of low slenderness
ratios: for H/i = 50, the increase of N, when K, exceeds the value
of 4 K. is negligible (fig. 7a). As the slenderness ratio H/i
increases, yielding becomes less ans less important and the shape
of the inelastic and elastic curves (i.e. the effect of increments
of the restraint stiffness on column stability) tends to be much
the same, as it already appears from figure 7b related to H/i =
100. Such general considerations do not depend upon the type of
initial geometrical imperfection, although the assumed deformed
configuration for the column varies remarkably both in shape and
amplitude (Fig. 5). Imperfections may affect substantially column
response: important differences were observed in the load-deflect-
ion relationship, and in the bending moment distribution, and hence
in the extension and location of the plastic zones in the column
and in the stress state of the joints. This leads to non negligible
differences in the values of ultimate buckling strength. The lowest
value of buckling strength N, is associated with the deflected shape
type 1, which is the closest to the column elastic buckling mode.
Besides, such an imperfection has the greatest amplitude. The
highest resistance is associated with the initial configuration
type 4. Reference to this latter imperfection entails increments
of maximum strength up to 20% (with respect to the deflected shape
type 1) for H/i = 50, 24% for H/i = 100, and 19% for H/i = 150. The
increments of the buckling resistance associated to imperfection
type 2 are more limited. However, they may still be as high as the
17%. In general, the sensitivity to imperfections was found to
depend only moderately upon the column slenderness, though it was
slightly higher for intermediate values of this parameter. With
reference to the combination of the deflections due to sway and to
member curvature, the results related to the initial deflected
shapes 2 and 1 (based on [14]) seem to indicate that the additional
sinusoidal deflection due to column curvature affects only moder=-
ately both column response and ultimate load capacity. As to this
latter parameter, differences are of 3.2% in average, and never
higher than 7%. In the cases studied the sway deflection is the
governing component, the curvature imperfection not having enough
"weight" relative to the sway imperfection to change the mode of
failure from a sway mode to a buckling mode by bending between the
supports.

It seems appropriate to appraise these results also from a differ-
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ent point of view, i.e. to consider them with reference to design
specifications. To this aim, it should be noted that the initial
deflected configuration type 1 is the only one making the analysis
of a column in a frame consistent with the analysis of an isolated
column. This stands not true for the other types of geometrical
imperfection. Hence, column buckling analyses aimed at determining
the elastic-plastic value of the effective length factor f,, should
be based on imperfection type 1, in order to ensure the needed
consistency in the stability checks of compression members.
Besides, specifications related to design via full frame second
order analysis refer to initial column configurations different for
shape and amplitude, such as imperfections 2 to 4 (5,14). This
involves a maximum strength for the "framed" column always higher
than that determined for the same column on the basis of an
appropriate effective length, i.e. methods of sway frame design
based on full analysis are not consistent with methods of design
by components. It would be certainly desirable to avoid such an
inconsistency. This might be a further aspect indicating that
reconsideration of the geometrical imperfections to be assumed in
frame analysis is appropriate [17].

The elastic-plastic value of the effective length was determined
with the procedure illustrated figure 2. This procedure requires
the knowledge of a reference stability curve for the pinned-end
condition, which was computed numerically adopting an initial
sinusoidal deflected shape of amplitude equal to H/250. As it was
already noted, the definition of effective length would reguire
full consistency between the two stability curves (referring to the
pinned-end and restrained condition, fig. 1), and hence it strictly
allows the value of § to be computed only for the case of imperfec-
tion 1. However, for the sake of completeness the effective length
factor was determined for all the imperfections considered. Figure
8 compares the effective length factors §_ so obtained for the case
H/i = 50 and its elastic value (f.). Column yielding appears to have
a beneficial effect on the factor f,: the elastic-plastic value is
always lower than the elastic one. The positive effect of column
plasticity, due to a consequent increase in the stiffness of the
end restraints relative to the column, seems to prevail on the
negative effect on the effectiveness of restraining moment trans-
fer. For imperfection type 1, the value of B,,, tends to f,,while it
tends to values lower than B, for the other inperfections, which
in effect might entail values of §,, lower than 1.0 (i.e. column
effective lengths lower than the storey height). Differences
between the elastic and elastic- plastic value of § tends to
diminish for all types of imperfection when the slenderness ratio
H/i increases, due to the decreasing importance of the role played
by member plasticity: such differences almost vanish for H/i = 150
and imperfection 1.

The value of f, depends on all the factors affecting member
yielding: i.e. slenderness ratio, member shape and axis of bending,
presence and magnitude of residual stresses, type and amplitude of
geometrical imperfections. An accurate definition of the inelastic
effective length factor is beyond the scope of this study. However,
the results indicate that the elastic value of § might be conser-
vately used. In figure 9 the values of N, obtained for imperfections
1 and 4 are plotted against the column stability curve, by deter-
mining the effective slenderness ratio on the base of f,. It is
apparent that the use of f§, might be acceptable for medium to high
values of H/i if reference is "consistently", and in the opinion
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of the authors correctly, made to imperfection 1. In the range of
low H/i, and if reference is made to other imperfections, the use
of B, might lead to a significant underestimation of the column
carrying capacity (up to more than 50% for imperfection 4).

The results so far discussed were obtained under the assumption the
behaviour of joints is linear, and then fully defined by its
initial stiffness. The maximum moment level in the joints at column
collapse is hence a further important parameter, which allows a
first appraisal of the possible influence of the nonlinearity of
the M - ¢ relationship to be achieved. Figure 10a shows the
relationship, obtained by evaluation of the numerical data, between
the moment M y acting on the right upper joint (which is the most
stressed one) and the restraint stiffness K,: these parameters are
referred to the plastic moment of the beam M,, and to the flexural
stiffness of the column K, respectively. The shape of the curves,
which show an initial sharp decrease of moment, the attainment of
a minimum and a following steady increase, might be explained if
the factors contributing to the joint moment in the subassemblage
are singled out. As it is schematically represented in figure 10b,
bending moment is induced in the joint due to column bending (which
implies joint rotation) and to column shortening (which implies
joint translation). These contributions add up at the upper right
joint. In the range of low values of K,/K (i.e. Ky/K, < 2), where
the column effective slenderness is the highest and so are column
sway displacements, the rotation contribution prevails; joint
moment therefore decreases with increasing stiffness of the
joint-beam system, due to the reduction in column sway flexibility.
As K, /K. increases further on, the contribution of the translation
ttnd‘s to become the most important, and joint moment increases with
the joint-beam stiffness. The analysis shows that when the beams
have stiffness and strength significantly greater than the column,
as in the case of section IPE 360 (strong beam - weak column
design) the column sway flexibility is relatively low (the effec-
tive slenderness ratio is close to unity), and the maximum joint
moment at column buckling tends to remain in the first elastic
branch of the M - ¢ curve (Mg < 0.40 M, in fig. 10a): this
indicates that a linear elastic model of the joints is sufficiently
accurate. When, on the other hand, the beam has stiffness and
strength of the same order of magnitude than the column, or even
lower as in the case of section IPE 220 (weak beam - strong column
design), the joint state enters well into the nonlinear range of
the moment rotation curve (moments up to 85% of M, were attained),
and a linear model might hence be no more nd-quai;u for a buckling
analysis. Therefore all these cases were reanalyzed, for which
joint nonlinearity were presumably affecting column stability. The
complete M - ¢ relationship was assumed in the simulation, and the
ultimate loading capacity recomputed as well as the effective
length factor f. The values of both these parameters were found to
differ of only few percent from the ones obtained under the
assumption of linear joints. This result might have been expected,
considering that the value of moment M, at collapse is mostly
"built up" in the very vicinity of the ultimate load. Moreover, the
stress state in the other joints results to be lower, also signifi-
cantly, than in the upper right joint, and in many cases still in
the elastic range. The results obtained under the assumption of
linear joints, and previously discussed, maintain hence their
general validity.

Finally, in order to investigate the influence of joint zone



modelling, all the cases were reanalysed, but concentrating
connection flexibility at the column axis. Differences in the frame
behaviour were found to be modest: with reference to the ultimate
carrying capacity, the reduction due to the greater flexibility
implied by the model for the joint~beam system didn't attain the
4%. Though a more important influence might be expected for deeper
column sections (section HE200A has a depth which only 1/31th of
the assumed span), the prediction of column stability behaviour in
sway frames seems only modestly sensitive to the location assumed
in the numerical model for the elements simulating the rotational
flexibility of the joint zone.

THE STOREY BUBASSEMBLAGE

The analyses of the storey frame (Fig. 6) under concentrated loads
(R = 00) at the upper nodes pointed out that the main features of
the general behaviour are consistent with the results obtained for
the column subframe, and presented in the previous section. In
particular, the relationship between the ultimate load in the most
stressed column and the joint relative stiffness as well as the
influence of geometrical imperfections are fairly similar, as
apparent from figure 11. The uneven distribution of the applied
load among the columns implies that the exterior "stronger" columns
somewhat brace the interior "weaker™ columns, as also indicated by
the elastic buckling analysis, which provides buckling loads for
the inner columns greater than those obtained for the restrained
column of about 20% in average. This favourable interaction affects
inelastic instability loads as well, which increase remarkably
(columns with imperfection type 2 and H/i = 50 almost attain the
squash load when joint stiffness is enhanced).

However, the single factor which has the most dramatical influence
on frame stability, at least for low slenderness ratios, is the
presence of beam load: the values of N, for the case of beam loads
only (R = 0) are up to 63% lower than the values of the correspon-
ding frame loaded at the nodes (R = @, Fig. 1la). The magnitude and
spread of plasticity in, and among, the members as well as joints
nonlinear response are substantially affected by load distribution,
making the failure mode to change from instability of columns with
basically elastic restraints to column instability combined with
significant stiffness deterioration of the joint-beam system and,
finally, to beam plastic collapse (for the frames with weak beams
(IPE 220) and stiff semi-rigid joints). Although these last cases
where disregarded in the evaluation of the results, the interaction
among instability, member plasticity and joint nonlinearity is a
fairly complex phenomenon, of which only few aspects where so far
appraised. The presence of load on the beams modify frame stress
state and deformation, and hence also the restraining mechanism of
the columns by the beams changes. With reference to the inner
columns, only one beam is effectively providing restraint, whilst
the beam on the other side is on the contrary transferring instabi-
lizing moment. External columns are subject to substantial bending,
which may induce extensive yielding weakening the member. In the
case of strong beams, end plasticity makes the external column in
the buckling direction act as a leaning member. It was observed,
in general, that: (1) when beam loads are predominant instability
is mainly a consequence of the deterioration of the stiffness of
the joints and of the beam (which is significantly yielded at
midspan): column buckling occurs when the column yielding is still
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limited, (2) as the importance of column loads increases, the
severity of the stress state of beams and joints reduces, and at
the same time columns enters more and more into the inelastic range
of the response, (3) moments in the most stressed joints and in the
external "leeward" column increase with the joint stiffness.

The curves plotted in figure 12 provide the relationships obtained
between the maximum joint moment and the stiffness K, for the
frames with IPE 360 beams. The results related to the concentrated
load case (R = 9) confirm that the column subassemblage leads to
a conservative assessment of the magnitude of joint moments. The
more beam loads become important the more the joints are stressed:
moments close to the plastic moment of the beam can be achieved.
However, due to the particular restraint mechanism and to the fact
that these moments are in many instances built up in the vicinity
of the ultimate condition, jeint nonlinearity was not found to
affect remarkably the stability of subframes with strong beams. A
series of analyses where joints were modelled as ideally elastic-
plastic springs showed that the influence of joint nonlinearity is
modest (less than 5% the decrease of N, for R=0). In frames with
beams weaker than the columns joint nonlinearity leads to early
plastification of the beam at midspan, and hence may remarkably
affect the ultimate frame resistance. Decreases of the value of N,
up to 20% were hence found for frames with IPE 220 beams and column
slenderness ratio H/i = 50. The rather low values of the ultimate
load for H/i = 150 made those frames less sensitive to the beam
load.

These type of responses are summarized, for the frames for which
column buckling is governing the load carrying capacity, by the 8,
values presented in figure 13a for the case of H/i = 50. Responses
under predominant beam loads lead to effective length factors
higher, even substantially (up to 140% for R = 0), than the values
determined via an elastic critical analysis of the subframe. Member
plasticity, which is mainly located in the beams, adversely affects
frame stability. However, as R increases, yielding tends to be more
and more concentrated in the columns and hence it affects favourab-
ly column buckling: it is sufficient that column loads are higher
than or equal to twice the beam loads in order to make them play
a major role in frame stability behaviour. In the range of high
slenderness ratios, H/i = 150, beam loads do affect moderately the
stability of the frame and f,, values depends on the type of imper-
fection only (Fig. 13b).

The use of the elastic effective length factor f§, in design might
imply a dramatic overestimation of column buckling resistance, as
shown in figure 14. The load carrying capacity of the column with
H/i = 50 is overestimated of more than 40%, and up to 57%, for R=0.
This already reduces to less than 10% in average for R = 1.

SUMMARY AND CONCLUSIONS

The results of a part of a study into the stability of columns in
semi-rigid sway frames has been presented. The responses of a
series of limited frames were simulated up to collapse: first a
subassemblage was analysed consisting of an axially loaded column
restrained at both ends by two joint-beam systems, then a full
storey subassemblage was considered. Different aspects were singled
out of interest for frame design by components, with reference to
the column effective length. Although the study is far from being
exhaustive, results allow some interesting conclusions to be drawn:
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(1) Responses of the column subassemblage and of the storey sub-
frame subject to predominant column loads are consistent to
each other. The presence of beam loads may influence substan-
tially frame behaviour and stability, when the ratio R between
the column and beam loads is lower than 2.

(2) Shape and amplitude of the initial column deflection affect
substantially column and frame response and load carrying ca-
pacity. A sway cosinusoidal imperfection should, in princi-
ple, be assumed in order to achieve consistency between the
analysis of an isolated column and of a column in a frame. The
types of sway imperfections usually adopted in frame analysis
entail higher column strength than the cosinusoidal one. This
implies that frame design by second order analysis and frame
design by components are not fully consistent.

(3) Column yielding has a "beneficial" effect on the column sta-
bility when column loads are predominant: the elastic-pla-
stic value of this parameter is lower than the corresponding
elastic one. In frame design by components differences between
these two values are limited, and the elastic effective length
may be adopted when checking column stability;

(4) For R < 2, beam yielding becomes important, and influences sig-
nificantly column stability. The use of the elastic value of
# might entail substantial overestimation of the column load
carrying capacity, when it does not account for the deterio-
ration of the beam restraints.

(5) Joint nonlinearity has only a limited effect on column sta-
bility in strong beam - weak column frames. On the other hand,
it may play a significant role when beams are weaker than the
columns, and R < 2.

Other aspects of the problem, such as the case of partial strength

joints were not considered. They will be investigated in the

continuation of the research work, the aim of which is the develop~
ment of a deeper understanding of the inherent limits and possible
application of the effective length concept. However, it should be
remarked that beam section IPE 220 has a plastic moment equal to

0.67 times the plastic moment of the column section HE 200 A: the

results related to IPE 220 beams with full strength joints may then

be considered as indicative, at least for the case of predominant
column loads, of the case of joint-beam systems with strong beams,
but partial strength joints.
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ABSTRACT

In this paper an elastic stability analysis of three dimensional
two story partially braced frames is presented. The dimensions
and properties of the frames considered are in a practical range
useful to a designer. The flexural as well the torsional buckling
are considered.

The effect of each story bracing stiffness on the buckling load is
presented in graphical form. Nondimensional interaction surfaces
between bracing values and critical loads allow the designer to
select the required bracing for a given critical load. In addition
curves establishing the minimum total bracing stiffness "critical
bracing” required to obtain braced frames critical loads are pre-
sented.

INTRODUCTION

The sway-buckling of an unbraced frame is many times lower than the
corresponding buckling load of the same frame with no sway. Thus, it is
desirable to increase the total load-carrying capacity of unbraced frames
by preventing their sway-buckling mode. Many significant contributions in
the topic of bracing requirements of frames have been reported in the last
thirty years. Galambos!' presented a simple, practical and conservative
method for the evaluation of the lateral support required by the unbraced
frames to achieve braced frames buckling strength. Biswas'®! presented the
concept of threshold bracing stiffness and indicated the feasibility of ob-
taining required bracing stiffness values for general multi-story multi-bay
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structural frames. The concept of "minimum sum stiffness” is introduced
and explained by using two story plane frames as examples. Kounadis®
presented the interaction of the joint and of the lateral bracing stiffnesses
for the optimum design of unbraced plane frames. It is concluded that the
magnitude of the forces required to prevent the sway-buckling of unbraced
frames is small and can be established only by using a nonlinear stability
analysis. Lee and Basu ¥ propose some simple relationships for the de-
sign of diagonal bracing systems in planar building frames with both fully
restrained and partially restrained connections.

The analysis of three dimensional
frameworks generally presents
some difficulties since as a com-
plex three dimensional structure,
it may have several modes of fail-
ure. Especially in their buckling
analysis it is not a priori known
which buckling mode controls
), (i.e. flexural, torsional, torsional-
~ flexural, local etc.). Most of
the information available in the
™ literature of the last decades
% refers to two dimensional analy-
sis, in which the torsional and
torsional-flexural buckling is not
considered.

In this paper further analytical
studies similar to the ones re-
ported by Biswas'® are described.
The flexural as well the torsional
buckling analysis of three dimen-
sional two story partially braced
Figure 1. Geometry, Loading and frames is presented. The effect of
Boundary Conditions of the Two each story bracing stiffness on the
Story Frames. buckling load is presented.




MODEL DESCRIPTION AND ANALYSIS

Assumptions

The following assumptions were taken into account:

® Members are initially straight and piecewise prismatic;

¢ The material behavior is linearly elastic and the moduli of elasticity
E in tension and compression are equal;

¢ Transverse plane section of the members remain plane and normal to
the longitudinal fibers before and after bending;

® The structure is loaded by static concentrated axial loads;

e The effect of residual stresses and of geometry imperfections is ne-
glected;

e Local buckling of individual members is ignored.

o The term (%2)” is small compared to one; where u, is axial displace-
ment components at points on the centroidal surface. Thus the strain
in the direction of the element axis is:
car= B+ 4G 4 1R

Geometry and Loading

Figure 1 shows the geometry, the loading and the boundary conditions
of the two story space frame model considered. The same load P is applied
in all eight joints of the frame, thus the total load applied is 8*P. The
bracing is provided by 16 linear springs attached to all eight nodes in both
X and Y directions. Figure 2 shows the top, side and isometric views of the
considered frame with the dimensions and the cross sectional properties.
The first and second story heights are h; and h; . The horizonal dimensions
are by along the X direction and b, along the Y direction. All springs at
the first story have stiffness k, and all springs at the second story have
stiffness k;. The cross sectional area and moment of inertia of the first
and second story columns are A, , I, and A;, I; respectively. The cross
sectional area and moment of inertia of the first and second story beams
are Ay , Iy and Ay, I; respectively. For simplicity in all sections the I,,
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was considered equal to I,,. For the examples considered hy= 14 ft, [,=40
in*, A;=10 in® and modulus of elasticity E=30 10® psi. The critical loads
are presented in a non-dimensionalized form P, = Eﬁ.‘ The ratios of the
moment of inertias, areas and lengths used are:

!z/!l = 0.50 A;/Al =0.6 h;/h; - ]2/14

I]/I] = 1.50 A;fA| =18 b;/ﬁ] = 20/14

L/ =125 AfA =12 by/hy = 18/14

Solution procedure

According to our assumption the strain energy expression is :
2
l 1 au.)
s — 4 e 1
/ [ i E 2 (3 1] = )

A three dimensional finite element formulation can be performed by
considering the following shape functions for the linear stiffness matrix :

us(z) = C, + Coz
uy(z) = Cy + Cyz + Csz? + Cy2? (2)
‘u.(t) =Cr+ C|: + Cnr' + sz"

The following shape functions were considered for the geometric stiffness
matrix:

u,(z) =

uy(z) = Cy, + Cpaz + Ciyz® + Criz® (3)
u,(z) = Cy5 + Cppz + Cyz? + Cra2’

Differentiation of the displacements and integration of the strain energy
results in

v = 0y + D rpw, ) @

where [k]; is the linear elastic three dimensional element stiffness matrix
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and [k, is the three dimensional initial-stress or geometric element stiffness
matrix/®hiel

The objective is to find the critical intensity A, at which buckling oc-
curs. The buckling equation in terms of A and the global stiffness matrices
is:

([K], + A[K],]® =0 (5)

where & is the buckling mode shape. This equation leads to the classic
eigenvalue form which can be solved efficiently with the available eigen-
solving routines.
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Figure 2. Top, Isometric and side views of the frame with dimensions and
crossectional properties assignment.
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NUMERICAL RESULTS - CONCLUSIONS

Based on the above mentioned analysis procedure, the critical loads
for various values of the considered parameters are computed. The first
eight critical loads and their corresponding mode shapes are found. Fig-
ure 3 shows as an example the top, isometric and side views of the first
side-sway buckling mode shape for the case of the unbraced frame k; =
k; = 0. The motion of this mode is only observed in the XZ plane and
P.,=3.432 hi/EI,. Figure 4 shows the top, isometric and side views of the
second side-sway buckling mode shape. The motion of this mode is only
observed in the YZ plane and P_,=3.550 h}/EI,. It is observed in this case
that both modes could be accurately predicted by two dimensional analy-
sis. Figure 5 shows the top, isometric and side views of the first torsional
buckling mode shape. The motion of this mode is observed mainly in the
XY plane with the first and second floors turning in same direction, and
P.=4.101 h}/EI,. Figure 6 shows the same views of the third side-sway
buckling mode shape. The motion of this mode is observed in the XZ
plane and P,=>5.306 h}/EI,. Figure 7 shows the fourth side-sway buck-
ling mode shape. The motion of this mode is observed in the YZ plane
and P.=5.382 h/EI,. Figure 8 shows the second torsional buckling mode
shape. The motion of this mode is observed in the XY plane with the first
and second floors turning in opposite directions, and P, =5.832 h}/EI,.
Figure 9 shows the first buckling mode shape in which each floor takes a
rhombus shape. Apparently this mode is quite unrealistic since the floor
stiffness will not permit that shape. An interesting observation is that this
mode has lower critical load than the braced frame. This mode is observed
in the XY plane with the diagonals of the first and second floors stretching
in opposite directions, and P.,=8.516 h!/EI,. Finally Figure 10 shows the
first non-sway buckling mode shape. The motion of this mode is observed
in the YZ plane and P.,=11.654 h}/EI,.

Figure 11 shows the effect of the bracing stiffness k (k1=k,=k) on the
critical loads corresponding to all the above mentioned buckling modes.
As the bracing stiffness k increases the critical loads corresponding to the
side-sway and torsional modes increase. As one may expect the critical
loads corresponding to no-sway modes are not effected by the increase of
the bracing stiffness k. As the bracing stiffness k increases there is a crit-
ical stiffness k., at which the the sway-buckling of the unbraced frame is
equal to buckling load of the frame with no sway. Any additional increase
in the bracing stiffness k will not result in an additional load carrying ca-
pacity. For all examples the principal axes of the columns were oriented



parallel to the X and Y axes. In all these cases the smallest critical load
corresponds to the first side-sway mode for bracing stiffness k less than
k., and to first sway mode for bracing stiffness k more than k.. In other
words the torsional buckling was never the smaller P,. If the the princi-
pal axes of the columns were not parallel to the X and Y axes that may
not be the case. When k is close to zero there is a very drastic increase
in the sway and torsional critical loads but for the rest of the range the
relationship between bracing stiffness k and sway critical loads appears to
be linear. This observation may be helpful in determining the intersection
between the first nonsway and the first sway curves. Figure 12 shows the
first nonsway and first sway curves for the case of a) fixed base and rigid
connections, b) fixed base and pinned connections and c) pinned base and
rigid connections. The critical loads are plotted versus the bracing stiffness
k. The first and second story stiffness was assumed to be the same (k; =
ks = k). From this figure one may observe the effect of support fixation
and connection rigidity on the critical bracing stiffness.

The minimum critical load min P, versus the second story bracing stiff-
ness k; for various values of the first story bracing stiffness k, is presented
in Figure 13. For a given value of k; the min P, increases as k; increases
and soon reaches a critical value beyond which there is no increase in the
P.. This indicates that k; is sufficiently stiff to restrain the top story and
that the critical mode is the side sway of the first floor only. As k; increases
that critical value increases since it takes more load to sway the first story.
As k; is sufficiently stiff to restrain the first story the critical mode becomes
the nonsway mode (symmetric buckling) as clearly indicated in Figure 13.
The minimum critical load min P, versus the first story bracing stiffness
ky for various values of the second story bracing stiffness k; is presented
in Figure 14. For a given value of k; the min P, increases as k, increases
and soon reaches a critical value beyond which there is not any increase
in the P.. This indicates that k1 is sufficiently stiff to restrain the first
story and that the critical mode is the side sway of the top floor only. As
k; increases that critical value increases since it takes more load to sway
the top story. As k; is sufficiently stiff to restrain the top story the critical
mode becomes again the nonsway mode (symmetric buckling) as clearly
indicated in Figure 14.

In order to clarify the results of the last two figures a two dimensional
curve fitting technique was employed to generate a surface of the minimum
critical load versus k; and k; and is shown in Figure 15. This interaction
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Figure 3. First Side-sway Mode Shape P,,=3.432 hi/EI,

Figure 4. Second Side-sway Mode Shape P.,=3.550 hl/EI,
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P.=4.101 hi/El,

Mode Shape

Figure 5. First Torsional

1/EI

Figure 6. Third Side-sway Mode Shape P_,=5.306 h




Figure 7. Forth Side-sway Mode Shape P =5.382 hl/EI,

Figure 8. Second Torsional Mode Shape P..=5.832 h}/EIL,



Figure 10 First Non-sway Mode Shape P.=11.654 h}/EI,
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surface indicates that the min P, increases as k; and k; increase up to
the point they reach the plateau. Figure 16 shows a contour plot of that
surface. From this figure one may select the required k; and k; for the
desired P,.

Figure 17 presents a surface of the minimum critical load versus k;+k;
and k; in contour form. Using this figure one may quickly estimate the
required k; and k; for the desired P.,. Any point on a given P, curve will
provide adequate bracing. The one point corresponding to the minimum
k;+ks can be easily found and is defined as the optimum pair.

In conclusion, the elastic stability analysis of the three dimensional par-
tially braced two story frames shows that either sway or nonsway buckling
may control. The torsional buckling is not critical for the range of pa-
rameters examined and the orientation of columns considered. For all
these cases two dimensional stability analysis would have been sufficient
to predict the min P.. Use of the presented interaction curves leads to
a quick and easy estimation of the minimum total bracing stiffness "opti-
mum critical bracing” required to obtain braced frames critical loads. For
all practical purposes the "optimum critical bracing” appears to be close
to the case of k;=k;. Further studies need to address the issue of not only
the required bracing stiffness but the required bracing force.
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ABSTRACT

The behavior of gusset plate connections under compressive monotonic and cyclic loadings were
examined by performing full scale tests on diagonal bracing connections. Three different
thicknesses with various geometric configurations were used in the testing specimens. The
testing pmﬂ:n was divided into three phases. The first phase considered the inelastic behavior
of gusset tRc connections under compression without the effect of frame action. The second
phase of the testing program incorporated the effect of frame action by including the beam and
column moment and shear. In the third phase, the testing specimens were under cyclic loadings
to investigate the energy absorption and ductility performance of the connections.

INTRODUCTION

Gusset plate connections are frequently used in bridge trusses and braced steel frames. Gusset
%:ﬂ are subjected to either ensile or compressive load from the diagonal bracing member.

load transferred from the di member will produce bending, shear and normal forces in
the gusset plate (Gaylord, etal.. 1992). Extensive research has been recently conducted into the
tensile behavior of gusset plate connections. In panticular, Hardash and Bjorhovde (1985) have
proposed a block shear tear-out model 10 determine the ultimate tensile strength of the
connection.

When gusset plates are subi'ﬁl to compressive loads, buckling of the gusset plate free edges and
local buckling and/or crippling of the gusset uumrﬂ:mdul“mcdiagomlmnbcthavc
10 be examined. Williams and Richard (1986) performed elastic buckling analysis of gusset
plates. They investigated the compressive behavior of gusset plates by excluding the beam and
column framing members from the analysis. They also assumed that the bracing member would
nat buckle the brace-to-gusset connection was restrained (rom out-of-plane translations.
Cheng and Hu (1987) conducted full-scale lests on gusset plate connections. However, all of
the test specimens were designed to fail in elastic buckling. For relatively thick plate, yielding of
the plate material may occur prior to the instability failure of the plate. Therefore, inelastic
buckling of the gusset plate must be investigated. The most recent experimental investigation of
full-scale gusseied connections loaded in compression was performed by Gross (1990). The
testing program consisted of three diagonally braced steel subassemblies. However, the test
setup did not permit the out-of-plane translation of the bracing member which might have a
significant effect on the buckling strength of the gusset plate. The test results showed that the
m failure mode of the gusseted connection loaded in compression was gusset plate

ing. All speci exhibited yielding before reaching the ultimate load and the first yield
load of the specimens agreed well with Whitmore's predictions (1952).

When gusset plates are subject to cyclic loading conditions, reversing cycles of inelastic wnsion
and compression must be investigated.  Prior (o the present study, no known research has
focused on the behavior of gusset plate connections under cyclic loadings.
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TEST PROGRAM

Specimen Description
1. Monotonic Compression Tests

A total of fificen tests were run on thirteen specimens. A 45° brace angle was used for all the
tests. When designing the testing program it was assumed that the gusset plate buckled before
reaching the failure load of the diagonal bracing member. Hence, rotational restraint was
provided by the diagonal member to the gusset plate. Two test series were conducted under
monotonic loading. Gusset plate connections were first tested under monotonic loading without
the effect of frame action, and then with frame action by including beam and column moments
and shears. Two types of test were conducted, namely; the free case and the fixed case. These
two loading cases will be defined in the following test setp section. For specimens subject 1o
beam and column moments, only free case tests were performed. However, both types of test
were conducted on specimens without the beam and column moments.

A total of thirteen specimens were fabricated using 300W stecl. The plate size and thickness
used are illustrated in Table 1 and Fig.1. As can be seen in the table, three thicknesses were
used for both the GP type (500 x 400) and MGP type (500 x 400) specimens and two
thicknesses were used for the CP type (850 x 700) specimens. Both the GP and CP type

excluded the effect of frame moments, while the MGP specimens included the frame
moments. Two tee sections (WT125x22.5) and two 13.0 mm thick plates were used as the
splice member to ensure that the gusset plate buckled before the failure occurred in the spliced
section. The specimens were directly onto the beam and column.

The ratio of the column moment (M) to the beam moment (M) was chosen to be (1.5 in this
test series.  The beam and column moment magnitudes for the MGP specimens are shown in
Table 1. It can be seen from the wble that two moment levels were used to investigate the
significance of the effects of the beam and column moments.

2. Cyclic Loading Tests

In the cyclic testing series, a sequence of five specimens was tested. The three test parameters
considered were plate thickness, stiffness of the plate free edge, and the geometry of the plate
such that the formation of a plastic hinge is facilitated. A 45° brace angle was used for all tests
in this series. In order 1o simplify the test set-up, the effects of the framing members on the
gusset plate were neglected in this phase of the wsting program.  When designing the testing
program, it was assumed that the gusset plate buckles before reaching the falure load of the
diagonal bracing member. Hence, tlhe diagonal bracing member provides rotational restraint to
the {:m te. All specimens in this senes were lested under the ‘free case’ condition, which
will ined in the test setup section.

A total of five specimens were tested in this series. The plate size and thickness of the
specimens are shown in Table 2 and a u&ical gusset plate specimen is shown in Fig.2a, All
imens were rectangular in shape with the exception of specimen A-5, which was des(#ned o
w the free formation of a plastic hinge under com ve buckling deformations (Fig. 2b).
Stiffeners were welded onto the free edges of specimens A-3 and A-4 in an attempt (o increase
the energy absorbing capacity of these specimens,

Two tee sections (WT125x22.5) and two 10 mm thick plates were used as a splice member to
ensure that the gusset plate failed prior to the splice assembly. The 9.32 mm specimens were
connected 1o the splice member with five rows of ASTM A325 high strength bolts designed for
bearing. The 6.18 mm specimens utilized ASTM A490 bolts in order 1o achieve a slip-critical
connection. Due 1o the loads realized in the connection, all 9.32 mm test underwent
major connection slip at some point during the loading history. Since the focus of this paper is
the behavior of the individual gusset plates, no further discussion of connection slip will be
included in this paper. The specimens were directly welded onto the beam and column,

Test Setup and Instrumentation

Two test setups were used in the testing program. For the specimens tested under cyclic




Mmhm:ﬂ*:dmhﬁ;lmm Two W310x129 sections were used as the
:.‘ mwuh:cing qmubw(wzr;xﬂ)w:mu'imdwmw
planc of gusset restraint provided by a pair of lateral bracing assemblies
fixed to the frame of the testing machine. In order to allow the set-up 1o sway out-of-
under both compressive and tensile loadings, 'free case’ condition, the test frame was hed
between a set of rollers at each end of the set-up. A guided rod mechanism at each end of the
set-up was adjusted throughout the test to prevent a sudden kicking out of the frame. The same
mﬂutmupwuuihadforﬁ:npecmmdmdamonouxiclmdin'wiﬂmtrm
moments. However, since the specimens were tested under compressive loadings, the tensile
reaction frame was omitted from the test setup. For the fixed case testing, rollers under the test
frame were removed and stoppers were attached to the test frame to prohibit any frame
movement. The axial load to the brace member was applied by the MTS testing machine,

schematically in Fig.4, The axial load to the brace is applied by a two loading jack system which
is used to resist the secondary moment produced by the out-of-plane displacement of the gusset
plate. The beam and column moment is produced by the tension rod as shown in Fig 4.

Linear variable differential transformers (LVDT) were used to measure the buckled shape of the
gussel plale and both the in-planc and out-of-plane displacement of the test frame.  Strain
gauges and roseties were mounted on the gusset plate to measure the strain distribution and to
detect any strain bifurcation. The data recorded rmﬁu:uinmml.wmm
testing machine were monitored by a data acquisition system. i was applied 1o all

specimens 10 monitor the yiclding process.

|

1. Monotonic Compression Tests

For the specimens tested without the application of frame moments, the load was applied
incrementally to the specimens.  Smaller load increments were used once yield lines were
observed on the specimen in order to capture the yielding process. Afier cach load increment,
the specimens were allowed to stabilize prior to the application of the next load step.

For the speci with the effect of frame moments included, a similar loading procedure was
em) However, a small axial load (approximately 20% of the Whitmore load of the
specimen) was applied prior to the application of the beam and column moments. The test was
terminated when ml-ofmdisplmnmu of the gusset plate reached the physical limit of
the out-of-plane measuring ’

2. Cyclic Loading Tests

All specimens were tested under reverse loading conditions. Each test with a series of
cycles in the elastic mnge. Elastic cycles were conducied a1t 10% and of the expected
tensile yield load based on the Whitmore yield capacity (1952) and nominal material properties.
ing each cycle, the specimen was initially loaded in ension 10 the desired maximum cycle
load. specimen was then unloaded from tension, and cycled through 1o the same load level

The inclastic with of yi 100% of the ile
e e o L M kot L NS e eyl e
deformation. Duin;a_lchcy_[?:lhemcim initially loaded in tension to a predetermined

e

of the specimen was achieved. ure in

a decrease in specimen load under increasing MTS stroke, The test was
i in compression until an excessive level of compressive plate
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TEST RESULTS

1. MONOTONIC COMPRESSION TESTS

Test Specimens Without Beam and Column Moment
Free Case

The test results of the free case specimens are shown in Table 3. As can be seen from the table,
the buckling load of the specimens increased with increasing mkhmrmmcmcg‘m
size. The curves of applied load versus lateral displacement of the test frame are shown in Fig S
for both types of This figure illustrates that for the same plate thickness, the GP type

i igﬁfmdyhidmdﬁmmlmdhnﬂnﬁigpmdﬂ:m. All the tests
:g:wed slight lateral displacement of the test frame before ing occurred. The CP ¢
spechmahibiwdmomduclilchduviorﬁmﬂnﬁ?:yfesyaimmushoumhﬁgj.
buckled shapes of the free edges and along the centerline of the spliced member of the specimens
resembled the buckled shape of a fixed-guided column.

During the tests, extensive yielding was observed for the GP type specimens, except specimen
GP3 which showed moderate yielding at the gusset plate region beneath the sphice member
before reaching the ultimate load. The yield lines for specimens GP1 and GP2 staried at the
gusset plate region bencath the splice member and subsequently progressed towards the beam
and column support boundaries, 10 the area about the two sides of the spliced member. and
finally Mlmmfmdw.hdﬁmgbiﬁmm i

entirely throughout the gusset plate. For specimen CP1, moderate yielding was observed on the
gusset

Three new GP type specimens were fabricated and tested in the fixed case since excessive

t deformation was observed in the failed specimens from the free case tests,. However,
the same CP specimens were used for both free and fixed case testing. The test results are
also shown in Table 3. Again, the buckling load of the specimens with increasing plate
thickness as illustrated in the wble. The load versus lateral deflection at mid-length of the gusset
plate long free edge for both types of specimens are shown in Fig.6. The curves indicated that
the GP type specimens remained relatively straight until reaching the buckling load. Specimen
CP2 showed a different load deflection behavior due to the inital imperfection induced by the
slight rcﬂmmt deformation developed afier the free case test. The buckled shapes of the two
free edges and the centerline of the splice member to the support boundary resemble the buckled
shape of a fixed column,

For specimen GP1 and GP2, yield lines started at the gusset plate region beneath the splice
member; then Mwuﬁsd&hennmlwhmnmpponbmuﬁsuy

sides of the splice member, and finally extended to the free edges. This yield line patiern was
very similar to that of the free case tests. On the other hand, moderate yi was observed in
mmcm.:mgmug:umamummmmmmmwuw
approached the ultimate load. the CP type specimens, bending of the gusset plate free edges
was detected from the beginning of loading due to the presence of initial imperfection in the
gusset plate caused by the slight permanent deformation produced afier the free case tests and
u\eweldin;pmceu.Mnueucgaguwﬂsmin%gamomwdonuwgmplmwkwd
that yieldlnhlud occurred extensively in specimen CP1 due to the bending effects, However,
specimen CP2 only showed yielding in the gusset plate region beneath the splice member and in
part of the area about the sides of the splice connection near the end of the splice member.

When comparing the results of the free case and the fixed case, it was found that the increase in
buckling load by restraining the out-of-plane movement of the test frame was not significant
except for specimen CP2. Mmthwmmmlwmmm:wm
experienced reasonable amount of yielding before reaching the buckling load. Hence it can be



mm:mwwﬂwamwmmmwcmmksm '
I:q‘efme.ll'leimmhhn ing load of the specimens by providing more restraint might not

The load versus in-plane deformation of the gusset plate curves for all the specimens, ex
WMGPI.MIMW%:H;.B. SmMMglemmmiIMInﬂ

erent arrangement of instrumentation than the other Fig.8 shows that the
specimens maintained a certain load level afler huckbhvra occurred. However, the dro
load from the buckling load 1o that particular load hnplﬁwdmthoutdpﬁfmlm-ptm
deformation. The effect of beam and column moments on in-plane stiffness of the gusset
plate is also illustrated in this figure. It can be seen from this figure that for specimens MGP3
the in-plane stiffness of the i decreased as the beam and column moment increased.
This behavior can also be realized from the rosetie readings which showed that the higher the
beam and column moment, the earlier the yielding at the rosette locations on the gusset plae
beneath the splice member.

5

results show that the ratio of the first yield load (defined as the load level at which first yielding
at the roseties occurred) to the Whitmore load ranges from (.63 to 0.18. In panticular, the ratio
changes from 0.33 o 0.18 for specimens MGP3 and MGP3-A, respectively, when the beam and
column moment was increased by fifty percent.

It was observed from the strain gages reading that the tensile strain induced by the moments at
the boundary of the beam and column decreased rapidly towards the inside cormer of the gusset
phu.hem.nmmpdkmaximdﬂnngm . The beam and column moments
also initiated tension yielding in the vicinity of the comers of the free . near the

for the MGP3 specimens. As shown from the failed specimens (MGP3 and MGP3-A), this
tension yi allowed the corner of the free edges to rotate when buckling occurred, Hence,

were obtained for all

stress
significantly affected by the presence of the beam and column moment. (
ohserved for the specimens with the beam and column momems. However, for the speci
i and column moment, compression yielding occurred at a load level very close
to the coresponding Whitmore load. The buckled shape of the free edges for the 6.5 mm
specimens was also influenced by the beam and column moment.
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2. CYCLIC LOADING TESTS

The material properties of the test specimens are shown in Table 2. The ultimate tensile and
compressive loads obtained during testing are recorded in Table 4. The ultimate load is defined
as the maximum load level reached by a specimen throughout its cyclic loading history.

Tensile Behavior

The ultimate tensile load ing capacity of the test specimens is recorded in Table 4. The test
specimens were well behaved under tensile loading. In all test i . lensile yielding began
mﬂnpm‘mnubnulduﬁhoﬂkspﬁcembau id-hei As the level of tensile
axial deform and gluudlcvelmuned.lheyldvg: increased upwards
outwards towards the free edge of the plate specimens. In all test specimens, a large level of
axial deformation was achieved prior to failure in tension. In addition, it was observed that the
tensile behavior of the test specimens was not notably affected by the cyclic loading history and
the significant deformations realized dudnautecm&:uiw portion of the loading. The tensile
failure mode for all specimens was a fracture of nriuhlc material between the bolts in the
bottom row of the splice member connection. A typical load versus axial deformation curve is
shown by the tension portion of Fig. 9.

Plate thickness was the variable affecting the tensile capacity of the specimens. From
the test loads recorded in Table 4, it is evident that the ultimate wnsile capacity of the gusset
plates tested was not significantly affected by either the addition of plate free edge stiffeners or
the plate geometry. It is observed that all specimens with the same plate thickness and the same
connection reached approximately the same ultimate load level in tension. Also
provided in Table 4 is a comparison of the actual tensile capacities obtained during testing to the
predicted ultimate wnsile strength for each specimen, The predicted tensile strengths are hased
on the block shear tear-out capacity proposed by Hardash and Bjorhovde (1985). It is shown
ll'ultheulmdumh:dﬂwlymngwlwimwmwdupxiﬁu.mm:h
Hardash and Bjorhovde's analysis was based on monotonically specimens.

Compressive Behavior

9.32 mm Specimens -

Specimen A-1 - The compressive huckling load for specimen A-1 is shown in Table 4. During
the test, yielding of the specimen was initiated along the welded boundary between the gusset
plate and the testing frame. As the axial deformation level increased, yielding was observed on
the gusset rhm at the base of the splice member, signifying the onset of yielding in the
Whitmore (1952) critical region. When overall plate buckling occurred, the long free edge of
the gusset plate buckled, allowing the specimen 10 deform significantly out-of-plane. The Joad
carrying capacity of the specimen dropped significantly afier overall glalc buckling occurred.
The maximum cycle loads reached during the successive post-buckling cycles slowly
deteriorated as the level of axial compressive deformation increased.

Specimen A-3 - Plate stiffeners (50 x 9.32 mm) were welded to both free edges of the specimen.
;D;mﬁn' lhcmcl:sl. yhldm; :‘leiﬁnﬂy ggremd u‘# a pnm%ﬂ':g to that o{_ specimen A-l.

owever, the presence of the plate edge stiffeners preven i rom undergoing
ovutllphlcbucklinglllhclmlodhvdnspeeﬂmn.h-l(l’lbhjl. The specimen §
buckled locally in a confined region beneath the splice member. Only when the edge stiffeners
h:ﬁ_m to yield was the maximum compressive capacity of the specimen achieved. As the
stiffeners continued to yield under cycles of increasing axial deformation, the plate ;bcu#n (0]
buckle in a pattern similar to specimen A-1. In addition, the presence of the edge stiffeners
prevented the specimen load camying capacity from dropping significantly once buckling
occurred,

g

Specimen A-5 - Based on Astanch's (1985) recommendations, 4 plastic hinge region of width 2t,
where t is the thickness of the test specimen, was provided for at the base of the splice member
(Fig.2b). Astanch's study considered the cyclic out-of-plane buckling of double angle bracing
and concluded that restraints on the free formation the rotation of plastic hinges leads to
ture fracture in the gusset plate. In order to accommaodate the free formation of a plastic

ge in the specimen geometry, the splice member had 1o be placed further away from the base
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secondary buckle, extending from the base of

plate free edge, began to develop. As the inclastic cycl , the post-buckling load
carrying capacity of the specimen continued to deteriorate. ically, the geometry of the
specimen can-x{ a concentration of out-of- deformations at the t plate 1o test frame
connection, resulting in a fracture of the weld at this location as the axial deformation level, and
the resulting out-of-plane buckling deformations, increased. Therefore, the test results indicate
that no benefit was derived from providing for the free formation of a plastic hinge in the
geometry of the type of gusset plate investigated in this study.

6.18 mm Specimens -
Specimen A-2 - The compressive buckling load for specimen A-2 is shown in Table 4. Duning
the testing, yielding was initiated durin elastic cycles at a compressive load of 50% of the
pected tensile yield [ the specimen plate began in a region bencath the splice
member, near the bottom of the i Anhelondm‘g‘rnnmmedhwm' Mﬁ
yielding progressed prior 1o buckling of the specimen. overall plae buckling of
specimen was accompanied by a significant drop in the load carrying capacity of the specimen.
Both plate free edges buckled in w0 nlknumnml-mmundugoﬁmiﬂwuwt-or- lane
deformations. 'l'hcrl.&hu:kll:cxtmkdfmmdz of the splice member out the
middle of the plate free edges. As the cycle axial deformation levels continued to increase, the
arr}i_i::cwii of the specimen deteriorated very little from its initial post-buckling level
). relatively stable post-buckling capacity is likely due 1o the formation of a yield line
ism within the specimen. With an increasing level of axial compressive deformation,
additional buckles developed on the specimen plate and yielding was observed along the welded
boundary between the gusset plate and the wst frame.

i A-4 - Plate stiffeners (50 x 6.18 mm) were welded to both free edges of the specimen
The dimensions of the plate stiffeners were designed such that the strong axis (out-of-

plane) bending stiffness for the stiffeners of specimens A-2 and A-4 was proportional o the
thickness of the individual specimen. During the test, yielding was initiated beneath the splice
member during the yield cycle at a compressive load equal 1o 100% of the expected tensile yiekd
load. As the test loading continued into the inclastic region, yielding progressed at the base of
the splice member as a ized buckled began to form.  Although the ultimale compressive
load reached was nat significantly different than that obtained during the testing of specimen A-2
(Table 4), the presence of the plaie free edge stiffeners greatly affected the post-buckling
behavior of the specimen. Initially, as the axial compressive deformation level increased, the
plate edge stiffeners prevented the plate from undergoing overall plate buckling. The edge
stiffeners yielded to allow the specimen to deform out-of-plane, but the deformations remained
localized. However, as the axial deformation level increased, the plate buckle extended
outwards towards the plate free edges. Ultimately, the plate free edge stiffeners themselves
buckled both in-plane and out-of-plane, allowing overall plate buckling to occur. As the axial
deformation level and the out-of-plane buckling deformations increased, the load carryin,
capacity of the specimen slowly deteriorated from the maximum com ive load reached.
Unlike specimen A-2, buckling of the specimen was not immediately followed by a signific
drop in specimen load carrying capacity (Fig.10). As such, the energy absorption capacity of the
gusset plate was increased by the addition of the plate free edge stiffeners,

2
£
5

load
(Fig.9
mechanism

Comparison of Test Results -

The actual test capacities were compared to predicted capacitics based on current design
methods. The Whitmore (1952) load (Py,) and the Thornton (1984) load (Py) were computed
for each specimen using the actual dynamic material properties. The icted capacities and
the ratios of the actual test capacities to the Whitmore load and to the Thomton load are shown
in Table 4. In all cases the Thomton load underestimated the cyclic buckling strength of the test
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:Edm In addition, the actual test capacities were compared Lo the load ratios obmmdby
authors for similar gusset plates under monotonic loading (GP specimens under free
condition - Table 3). It can be observed that whdmnmfwuﬂymdmﬂmulm
compressive of steel gusset plates. decrease in ultimate compressive
capacity under cyclic loading conditions may be partially due 10 the Baushinger effect.

SUMMARY AND CONCLUSIONS

1. MONOTONIC COMPRESSION TESTS

)] Tl:bmkhn;ludofﬂnlpmmmmmmmgphhmkkmmwﬂknd
the presence of the beam and column moments.
2) Out-of-plane restraint does not significantly affect the buckling load of the GP and CP type

§|

3 Fr:ll'lc same plate thickness, specimen buckling load decreases with increasing plate size

4) The beam and column moment has a negligible effect of the buckling strength of the
specimens tested

5) Beam and column moments initiated earlier compression yielding at the Whitmore critical
section and mionemlding in the vicinity of the corner of the free edges in the specimens.

6) In-plane stiffness of the specimens decreases with increasing beam and column moments,

1. CYCLIC LOADING TESTS
1) The tensile behavior of gusset plates under cyclic loads is well defined by the block shear
tear-out model by Hardash and Bjorhovde (1985)
2) All specimens with the same plate thickness and the same connection geometry reached
llfpmnmltclylkslmculwnmlmdlcvclmwmn
Itimate compressive capacities are significantly lower that those obtained during

4) khﬂhlﬂzmducyclwlmdambcunpmwdbyptwm;mffcmfwhfweedplal‘
plate
5) Stffened specimens yield a more stable post-buckling response, resulting in an increased

energy absorption capacity
6) When the free formation of a plastic hinge is provided for in the specimen geometry, a
significant decrease in cyclic compressive load carrying capacity is observed
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Table 1. Specimen Description - Monotonic Series

“Plate Stauc Yield
Beam and Column Moment | Specimen  Plate Size  Thickness Strength

(kN-m) (mmxmm) (mm) (MPa)
GPT*  500xa00 33 3
Mp=0 GP2* 500x400 9.8 305
GP3* 500x400 6.5 275
Mc=0 CPI B50x700 13.3 295
CP2 850x700 9.8 305

Mp=230 Mc=123 MGPT SO0xA00 13.3

Mp=250 M.=125 MGP2  500x400 9.8 305
Mp=250 M=125 MGP3  500x400 6.5 275
Mp=375 Mc=187.5 MGP3-A  500x400 6.5 275
Mp=0 M.=0 MGPI-B__ S00x400 6.3 bk

* Separate specimens were fabricated for both the free and fixed cases

Table 2. Specimen Description - Cyclic Series

Material Properies

Pate Yiela umimate
Specimen PloteSze  Thickness Strengtn Strength
{mmxmen) {mm) (MPg) {(MPa)

A-1 550xa50 932 a9 537
A2 550x450 618 . 443 530
A3 550x450 Qa2 Stiffened Free Edge 449 537
A4 550450 6.18 Stitened Free Eage 443 530
A5 550450 932 Piastic Hinge &89 537

Table 3. Summary and Comparison of Test Results - Montonic Series

Free Case Fixed Case Whitmore Load Pch
Specimen FFM PFu aa Pw Pw
(kN) (kN) (kN)
EI) (2) (3) (4) (5)
1 1956 2057 1216 1.6l
GP2 1356 1487 930 1.46
GP3 742 790 555 1.34
CP1 1606 1760 1852 0.87
CP2 1010 1477 1416 0.71
1933 - 1216 .59
MGP2 1316 - 930 1.42
MGP3 721 - 555 1.30
MGP3-A 819 . 555 1.48

MGP3-B 821 - 555 1.4%8




Table 4. Summary and Comparison of Test Results - Cyclic Series

Utimate Biorhovade | Uimate  Whitmore Thomiton
Specimen PateSte | Tersie Tenson [Compressve Llood  Lood  Pew P
{mm) lood Tewr-Out Lood Pw Pt (KN) Pe 1)
(KN) (KN) __[Pcomp (KN) _ (KN) K =0.65
A-l 550x450x9.32| 1794 1960 1682 1718 1500 098 1.2
A2 550xa50x6.18| 1340 1282 1128 na2 Bal 1.0 1.34
A3 550x450x032) 1884 1960 2004 178 1500 117 134
A-4  550x450x6.18| 1265 1282 1149 na 841 mm Wy
A5 550x450x9 32| 1887 1960 907 1718 8%8 053 10
130
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Figure 1. Specimens Description - Montonic Series
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Figure 2a. Typical Specimen Geometry -

Cyclic Series

Figure 2b. Plate Configuration of
Specimen A-5 - Plastic Hinge
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Tension

”_’ Reaction
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Knife Edge

Figure 4. Test Setup - With Frame Moments
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Lateral Displacement of the Test Frame (mm)

Figure 5. Load Versus Lateral Displacement for Free Case Without Frame Moments
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Figure 6. Load Versus Lateral Displacement at Mid-Length of
Long Free Edge Without Frame Moments
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Figure 8. Load Versus In-Plane Deformation for MGP Type Specimens
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Figure 9. Load versus Axial Deformation - Specimen A-2
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Figure 10. Load versus Axial Deformation - Specimen A-4
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ABSTRACT

Rolled columns composed of highly thin steel plates are one of the relatively new structural
members which fail due 10 overall and local bucking in usual use condition. An experimental
study s carned out 1o present fundamental data concerning the ukimate strength of rolled thin-
walled columns with a relatively large width-to-thickness ratio of the flange and the web plate
subjected 10 concentrical and eccentrical compression. A total of 36 specimens with various
skenderness and width-1o-thickness ratios of the component plates was tested. The predictions for
the interactive buckling strength of rolled H-section columns by AISC form factor method are
found to give fairly accurate results for the columns tested. A simple method to compare the cost
performance or to select the minimum weight section profiles is proposed. It is also shown the
advantage of this kind thin-walled rolled compression members is clear when they are used in a
relatively skender range.

1. INTRODUCTION

Thin H-section members made by the improved hot rolling process are one of the relatively
new structural products. Sections of this type are composed of highly thin and light plates. When
thin plates are utilized as component plate element of compression member, the design
consideration must be given to the occurrence of the local plate buckling. Though ultimate strength
of welded H-section columns has been mnvestigated experimentally and theoretically, few studies
have been reported on overall buckling local buckling tests of rolled members|1,.2,34.5]

This paper presents the resubts of ukimate strength test for thin-walled columns with rolled H-
section which fail by local mstability under the interaction between flange and web plate. Since
local buckling of the thin component plates may occur before the compressive stress in the plate
attained to the yiekd stress in this region of the ratio, it & imponant to clarify the ultimate strength
of the columns with those large width-to-thickness ratio mcluding the effects of interactive
behaviour.

For a thin-walled compression member, the effects of structural imperfections such as
residual stresses and initial deflection of the plare have a significant nfluence on the nteractiv
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Table | Measured cross sectional dimensions and properties

Type| H WTe|[BI/TT | Bw | BT |
) 150. 2.2] 1T [T.07[0.79]
B 200.5 56.6| 11.1 |1.44|0.80
C A42.5 67.7| 13.6 |1.60]1.08
D _| %15 7071 163 [167(1.12
i i A :Cross sectional area
§ - Iy :Geometrical moment of inertia about y
X BT r : Radius of gyration about weak axis(y)
i T Rw,Rf :Width-to-thickness ratic parameter
\'r
y

buckling load. It is important to study the interactive behavior and the uktimate strength of thin-
walled member experimentally. The AISC form factor method is applied for predicting the
ukimate strength of thin rolled H-section columns with large width-to-thickness ratio of plates.
The predictions of this method are examined by the test resubs,

2. OUTLINE OF TEST

Four sorts of H-shaped cross section are selected from the manufacture’s catalog of H-
section, and named A, B, C and D. The measured cross sectional dimensions and properties of
test specimens are shown in Table 1. All the test specimens are composed of mild steel SS400
plates and the thickness of flange and web plates are 4.5 mm and 3.2 mm respectively. The rest
program consists of (1) tensile coupon tests of component plates, (2) measurement of initial
deflection of all specimens, (3) measurement of residual stress, for which eight specimens 800
mm in length are prepared, (4) stub-column test, for twelve specimens, (5) buckling test under
central load and eccentrical load, (6)pure bending test about weak axis. Specimens with
skendemess ratios L/r= 50, 75, 100 (L: the column length, r: the radius of gyration about the weak
axis of the cross section) and eccentricities ¢/r=0.0,0% 0.3 are chosen in order to investigate the
effect of the column length and eccentricities upon the ukimate strength. The length and the
number of specimen for each type are given in Table 2. All column tests were conducted in pin-
ended condition with respect 1o the weak axis and in clamped-end condition with respect to the
strong axis|4].

Tablke 2 Length and number of test specimen
Length(mm) and Nusber of Specimen

Type (HxB) Resarks
(am) L/r=20 | L/r=50 L/r=T5 | L/r=100

A (150x100) | 468(2) 1170(3) | 1755(3) | 2340(3) | e=0,

B (200x100) | 442(2) 1105(3) | 1658(3) | 2210(3) | 0.15r,
C (250x125) 552(2) 1380(3) | 2070(3) | 2760(3) 0.30r
D (250x150) | 688(2) 1720(3) | 2580(3) | 3340(3)

L/t : Slenderness ratio e - Eccentric distance




The mechanical properties of material obtaned from tensile coupon tests are shown in Table 3,
The average yield stress oy is given by
oy=(0y Af+oyw Aw i Af+Aw ) 1))
where Af and Aw are cross sectional areas of flange and web plates, respectively. It is noted that

the average values of yield stress oy =379 N/mm? exceed the standard values of mild steel This
caused by the repeated rolled process for highly thin plate.

The initial deflection of the column and of the component plates for each specimen were
measured by 0.0Imm accuracy dial gages at specified grid points. The maximum values of
measured initial deflection are shown in Table 4. The values dcw and Befare the maximum nitial
deflection of web and flange plates, where H and Brdenote the height of the web plate and a half
flange width of the flange plate respectively. The value dwa is the maximum initial deflection as a
column. These values are very small and within the tolerance for initial geometrical imperfection
of the plate and the column specified in JISHB(7] .

Table 3 Mechanical properties of material Tabke 4 Initial maximum deflection

Yield stress (N'ma")"

Type | Weak axis | Circumferentia) | Circumferential
1 of Flange Plate of Beb Plate
Type Flange | ®eb | Nean | Young's Swalsl m SclaBf m) GonixH m)
oyl | ew | oy N II. 1 1 1
. A /5600 1/329 /M3
i 4| 9.0 M2 X/ ne") ] 1/6313 17306 i 17684
1 ] 316.1) 8955 380\ t 173957 va | 17708
¢ 370.0 | 382.) ) 375.6 | Poisson's ? /5078 17108 17879
1] /0 WS e ratio
ve0.2m dean | 174909 Vs | 1me
Nean M6 Me5| MG "
TP e gen TR
II. " LN '!-.-!'

Fig. |
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Stress (kel/cn®)

Stress (kpf/en”)

The residual stresses are measured by strain gages artached on both sides of flange and web
plates surface in order to remove the effect of the bending residual stresses. The sectioning
method was used to measure the released strain. Measured stress patterns were all similar n
shape 10 usual patterns as shown in Fig. 1, ie.. the residual stress distribution is a triangle in the
flange plate and the parabola in the web plate. In this figure, residual stresses were
nondimensionalized by oy, The valies of the maximum compressive residual stress of the
central part of the web plate were approximately 50% of the yield stress.

A total of 12 stub-column specimens of which cross sections are same with those of column
specimens was fested under axial compression|6].

3. RESULTS AND DISCUSSIONS

(1) Columns Behavior

Typicalrelations between average stress, P/A, and deflection, §/L., at the centre of the web plate
at the midheight of the column (L/r=100 ) are shown for each type specimens i Fig. 2. Broken
lines in those figures represent the solution of the elastic analysis of the eccentrical loaded column.
The test results correspond to the results of elastic analysis until near the maximum load. The
occurrence of the local plate buckling was observed from the stress-strain relations of web and
flange plates of column test and the initiation of local buckling are illustrated by a arrow sign on
the load-deflection curve in Fig.2. It may be found that the maximum strength is not dominated
by the local buckling and the strength increases after the initiation of local buckling in this study.
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2908 -
-
d
~
e =
1564

e=0.15 §
1008 *

e =0230

€= Local Backling Start

- N o .

Deflection(d/1.)

Fig.2 Load-deflection curves of coimns( L/r=100)



The average stress, P/A, versus the local strains on flange and web plates at the midheight of
the column with L/r=50 subjected to axial bad are shown in Fig. 3. Strain gages were attached
the surface of the specimen at the midheight as shown in Fig.4. For the type A specimen
with a small width-to-thickness ratio of flange and web plates, the occurrence of local plate
buckling was not observed until pear the maximum load , and the maximum load almost artained
to the yield thrust, It can be seen, however, that for the type B specimen of which width-10-
thickness ratio of the web plate is larger than the type A, the local buckling of the web plate
occurred early stage or kess than half stress kevel of the maximum kad. Furthermore, it can be
recognized from Fig. 3 (b) comparing with Fig. 3 (a) that the strain disturbance in the flange plate
of type B is seemed to be triggered by the local buckling. These behavior were also observed in
the test for type C and D specimens. From these test results, & may be found that the influence of
the mieractive effect berween the deformation of component plates on the maximum strength of
the column seems to be small in this width-1o-thickness ratio of the specimen.

(2) Ukimate strength
The maximum ullimate strengths of central and eccentrical loaded columns obtaned from the
test are summarized in Table 5. In this Table, the column maximum stresses, ouw were
nondimensionalized by yield siress oy and specimens of L/r=20 are stub-columns. The
maximum ultimate strengths, ow/oy are plotied agamst the skendemess ratio parameter A in Fig.5
For the type D specimens with larger width-to-thickness ratio of component plates, there is very
lrtle increase i strength for columns of which skendemess ratio parameter A is less than 1.0 and
the ultimate strengths of them are equal to or less than the maximum stub-column strength, 0.71
ay. It can be noticed that the same tendency is observed for the type C specimens,
As can be seen from Fig. 5, the test results for the columns with a relatively large width-to-
thickness ratio of component plates become fairly lower than JSHB columns strength curve in the
smaller A range. This may be caused by the effects of interaction between the plate buckling and

k.
Mudhe ight of
the column
Flangs
. Straim
() Type A
s Flange tp
. W " st gages
o .
. e
A -l Web longitudinal strain Bages
“ o Fig. 4 Location of strain gages at
Web Flange midheight of the column
E B V Y ' Swam
®) Type B

Fig.3 Stres-strain curves of central
loaded column (L/r=50)
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Table 5 Ukimate strength of test columns

MypeLr | € au Tu oy [Twe|Lr O au CIRCE
(cm) (N ma®) = (N ')
0 387 - 20 I
0 6 0.868 0 129 0.861
50 | 0.15¢ 302 0.755 50 | 0.15r bal ) 0,793
0.30r 254 0.636 0.30r 194 0.567
A 0 k| 084 | B 0 ] 0.724
78 0.16r 232 0.581 7% | 0.16r a7 0.677
0.30r 206 0.516 0.30r 202 0.576
] an 0.686 [ 187 0.534
100 | 0.15¢ 4 0.360 100 | 0.15¢ (2] 0.468
0.30r 143 0.357 0.30r 139 0, 396
200 316 — 20 [0 27 -
0 301 0.757 0 262 0.687
0.15r 218 0.741 50 0. 15¢ 250 0658
0.30r 21 0.605 0.30r 226 0.580
[ 0 3 0.637 D 0 250 0,857
i 0.15r 5 0.598 7 | 0.15r 215 0.551
0.30r 186 0.49% 0.30¢ 186 0.476
0 0 0.506 0 195 0.500
100 0.15¢ 148 0.393 100 | 0.15¢ 158 0.405
0.30r 127 0,338 0.30r 136 0.319
oy Tield Stress e : Eccenric distance
/Oy ® Tise A
. ™~ O Tiee &
= ™ €
l Sl N e e o
8
A -\r
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Fig. 6 Ulimate strength of central loaded column reevaliated by stub-column strength
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Fig. 7 Comparison of strength between different section
profikes under the same member weight

the column buckling. In order to consider the effects of this interaction, the AISC has been
proposed so-called form factor method(8]. Fig. 6 shows the comparison of the JSHB columns
strength curve  and test resulls that are nondimensionalized by using the stub-column strength o
(= Q oy, where Q is the form factor), instead of the real material yield stress oy. Though test
results are scattered somewhat, it is seen from this figure that the JSHB column strength curve
seems 1o be conservative to test results reevaluated by the AISC form factor method. The solid
curve in Fig.6 represents the strength curve of rolled column in limit state format proposed in
Ref[9 ] and s close to the mean strength of test results.

In the exammnation of the économical column design, the comparison of column strength of per
unit area under the same member weight is often adopted. Fig. 7 shows a comparison of the
average ultimate strength among different sections under the same member weight. The
horizontal axes n Fig7 describe the length of columns and the slenderness ratio for each type in
order to compare the ullimate strength of per unit area, or to examine the cost performance of per
unit weight of the column. It can be recognized from this figure that the use of the type A and B
members with a small width-to-thickness ratio of plates are useful in the stocky region, but the
type Cand D members with a relatively large width-to-thickness ratio of plates can be expected
the advantage in the skender region. Thus, this figure may be very convenient to select the
economical rolled thin section profiles in the compression column design,

The maximum strength of the eccentrical loaded column of L/r=50 are shown i Table 5 and
Fig8. In fig. &, the vertical axis represents the maximum axial load Pu divided by the yield load
Py and the horizontal axis shows the maximum bending moment Mu (=Pu x e) divided by the
plastic bending moment Mp (=0y x Iy /Bf). The solid curve in this figure & the correlation curve
between axial load and moment defined by Eq. (2).

P M

Pea * Mp(1-P/Pe) - | @
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Fig. 8 Correlations between axialload  Fig. 9 Correlations between axial load and moment
and moment reevaluated by stub-column strength and

bending test results

in which Pcu is the axial load obtained from JSHB column strength curve and Pe denotes the
Euler's buckling load. Fig. 9 shows the correlation between axial load and moment
nondimensionalized by stub-column strength Psu and maximum bending moment Mu obtained
from the pure bending test (the details are described in the following #em) instead of Pcu and Mp
respectively. It can be seen from this figure that the ukimate strength predictions reevaluated by
the AISC form factor method is conservative to test resulls,

(3) Bending test

Bending test results about weak axis are summarized in Table 6. Typical relations between
bending stress and local strain along the flange tip are shown for the type D specimen in Fig.10.
Local buckling stress of bending test in Table 6 is obtained from a bifurcation point of stress-strain
curve as shown in Fig. 10. As can be seen, the local buckling of the flange plates occurred early
stage or less than half stress level of the maximum bending stress. However, the maximum
bending moment Mu is nearly equal to the plastic bending moment Mp. It may be found that the
post-buckling strength of the flange plates can be expected for the H-section member subjected to
bending about weak axis.

Table 6 Resuls of bending test Stress(ou/ay i

Type Mp Mu/Mp omu |osl/om

Mu

(EN-ca) [ (KN-cm) (N!ﬁ:
A 95 869 0.92

B 1003 972 1.03 433 0.84

C | 1837 1511 1.08 453 0.68
D | 1686 [ 183¢ [0.92 | 343 [ 0.5 | Bifurcation pokt
Mu : Maximum Bending Moment
Np : Plastic Bending Moment
onu: Ultimate Bending Stress
oal: Local Buckling Stress of i T '
Bending Tests Stram(t/er)

Fig. 10 Relations between bending stress
and local strain of flange plate




4. CONCLUSIONS

Ulkimate strength and behavior of rolled thin H-section colimns subjected to concentrical and
eccentrical compression is studied experimentally. From this study the following conclusions
may be drawn.

1) The magnitude of the mitial eflection were very small compared with usual rolled or
welded H-section members,

2) It may be found that the maximum strength is not dominated by the local buckling and the
strength increases after the initiation of local buckling in this study.

3) The figure which is very convenient to select the economical rolled thin section profiles in
the compression column design is proposed and also shown the advantage of this kind thin-
walled rolled compression members which fail due to overall and local buckling in usual use
condition, when they are used in a relatively slender range.

4) The AISC form factor method i found to give fairly accurate the ulimate strength
predictions for rolled thin H-section members subjected to axial compression, bending or
any combination. However, at this stage, this method based on the form factor approach
needs to carried out cumbersome stub-column tests, pure bending tests or numerical
analyses to determine the Q-factor.

5) The maximum bending moment Mu is nearly equal to the plastic bending moment Mp. It

may be found that the post-bucking strength of the flange plates can be expected for the
H-section member subjected to bending about weak axis.

All the material used in the tests was donated by Kawasaki Steel Company in Japan. We wish
to thank Mr. K. Shinoda, a student at Aichi Institute of Technology for his help to do the tests.
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RARE DOUBLE-LAYER GRID STRUCTURE :
A NEW SOLUTION

Prof. Dan Dubina, Ph. D.

Technical University of Timisoara
Civil Engineering Faculty
Steel Structures Department
Stadion 1, RO-1900 Timisoara

Space frames are classified as single-, double- or multi-layered structures which may be flat,
resulting in grid structures, or may be curved in one or two directions, forming barrel vaults
and dome structures.Grid structures can be further cathegorized into lattice and space grids in
which members run in two, three or four main directions.

In double-layer lattice grids, top and bottom grids are identical, with the top layer positioned
directly over the bottom layer. Double-layer space grids usually consist in pyramidal units with
triangular or square bases resulting in either identical parallel top and bottom grids offset
horizontally 1o each other, or parallel top and botiom grids each with a different configuration
interconnected at node points by inclined web members to form a regular stble structure (Ref.
1}. Main types of double-layer grids in cdbmmon use are shown in Fig.1.

Members in double-layer grids are, as usual, almost entierely subject to axial tensile or
compressive forces, whereas structural members proposed in this paper (taking into account the
fact that connections are rigid or semirigid) are primarly subject to flexural moments.

Furtheron, some relevant structural details concerning this structure are presented, as well as
informations on the experimental program carried out in the Laboratory of the Steel Structures
Department of Technical University in Timisoara and numerical results also.

RARE DOUBLE-LAYER GRID STRUCTURE (RDLG)

RDLG structure is built from standardized pyramidal units joined together by means of square
frame units to form upper chord, or independent bars to form bottom chord (Fig.2a) The
jointing system must provide rigid or semirigid connections, lest the structure turn into a
mechanism. Fig.2b shows the author's solution for a bottom chord connection. Prestressed high
tensile bolts could be used in order 1o increase nodal rigidity on rottation. The layer bars can
be made of U or C section while diagonals are made in square or circular hollow section.

The jointing solution involving a cross-shaped central connector is a version of a jointing system
patented by the author (Ref. 2 and 3)

EXPERIMENTAL RESEARCH

Between 1989 and 1991, a research program was developped in the Laboratory of the Steel
Structures Department in Timisoara, concerning three new types of space grids and also
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Fig. 2 Rare Double-Layer Grid Structure (RDLG)
a) Structure geometry
b) Bottom Chord Connection
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Fig. 3 Testing model dimensions

Fig. 4 Testing model



Fig. 6 Front view of RDLG model




Fig. 7 Bottom Chord Central Node

Fig. 8 Fealure of RDLG Model



connection systems for single-layered grids. The results of this program were already published
in sciemific events (Ref. 4, 5, 6)

We will resume now only some aspects concerning experimental research on RDLG structure.

The experimental investigations carried out in our Laboratory aimed first of all to obtain
qualitative and quantitative confirmation of the new structural solution. To this end, structural
modules were tested, which had been obtained by assembling several basic units, making
possible the obtention of valuable data concerning overall behaviour of the sturcture as well as
its connections.

RDLG structure model is shown in (Fig. 3). Chords are made in U section members and
diagonals in CHS members. (Fig. 4) presents RDLG model inside the testing machine while
(Fig. 5) presents the basic units for this model. Pictures in Figs.6 and 7 show a fromal view of
the model and a botom chord node. An intermediate solution was adopted for building the
nodes: each basic unit is connected into the node by means of two tensile bolts,but without
taking measures to machine the contact surfaces. Under these conditions structure fealure was
due to bars slinding and rolling in the nodes. The structure was not destroyed,exhibiting a high
carring capacity, but it underwent large deformations. Practically,while the maximum allowed
deflection was not exceded, the experimental ultimate load was about 10% lower than the
computed ultimate load associated with a rigid connection computation model. Picture in Fig.8
presets the failure of the experimental model and Fig.9 shows the numerical simulation of the
structure deformation in the midle span of testing model.[f an second order plastic analysis is
performed, the fealure yelds by a plasting hinge mechanism configuration: the hinges appear
in the first diagonals, near support nodes (bars 9 and 12 in Fig.9 ).

Fig.9 : Failure configuration of RDLG Model in the midle span section.

NUMERICAL RESULTS

In order to perfect the baylength and height values for a 30 meters square RDLD structure, under
a 150 daN/m’ load,an elastic first order analysis was performed. Denoting the upper chord
baylenght by b, and the bottom chord one by b, .three cases were analysed :

a) bl =2500.0 mm ; b2=5000.0 mm

b) bl =1875.0 mm ; b2=3750.0 mm

¢} bl=1500.0 mm ; b2 =3000.0 mm
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with the corresponding height values given in Table 1 ,which contains,also,the results of this
analysis. The optimum configurations seems 1o be in the b case with a height of 1200.0 mm, and
also ,of 1500.0 mm,

(Tab. 1) - Numerical Results for RDLG Structures

Design loads (N - daN: M, - daNem ; M, - daNcm )
Type Maxim. | Steel
of | Height deflect., | con
struc h Bottom  chord Upper chord Diagonal members Uz sum-
Imm] [cm] ption,
Tegim']
M, M, M,
N N N
M, M,
1,200 | -12,009 0 4,210 12,030 <7430 65,462 -11.56 231,16
160,972 334,670 2,676
1,500 | -10.014 0 -3512 | 11,129 | 6,700 | 63,306 -11.36 | 24.18
] 160,000 334,600 2,070
2,100 -A.581 a -3.011 10,105 6,196 | 60,694 -1.27 2549
158,700 334,540 1,584
2,400 -7.508 0 -2.634 9.090 -5,851 53,401 -11.23 | 26,40
158,170 334,480 1,046
1,200 | -13.578 0 -3.194 7,560 -5,513 | 36,540 -1045 | 27.78
102,212 207.000 1,324
b 1,500 | -10,840 0 2,526 6,736 -4, 867 | 35981 -10.16 | 23.20
100,000 206,700 935
2,100 9,029 0 -2,137 5,870 4481 | 424 -10.02 | 2440
98,000 190,200 670
1,200 | -12,102 0 2,136 4,664 -3,966 | 23616 -7.63 25.56
. 71.062 140,020 609
1,500 4.539 0 -1,715 3,950 3,592 | 22,518 <7.36 25.90
71,020 140,015 406

In order to compare the performances of RDLG structure with the structures in (Fig. 1).the
same square surface and load were considered, with a baylength of 3.0 m and a height of 2.0
m. Results are presented in Table 2.




(Tab. 2) - Numerical Results for Space Grid Structures in Fig, 1

Type of Nt N Maximum Cross - section Weight
Structure {daN] [daN] Deflecti Dimensions : Ikg / m)
fom] (All members)
DLG 9,480 9.310 6.91 CHSp 71.6%3.2 31.28
SSG 19 480 19.180 7.16 CHSp 114.3x3.2 39.67
DSG 35.710 20,440 10.42 CHSg 114.3x5 35.21
TWLG B8.870 9.300 5.43 CHSp 88.7 x4 29.30
TS0 9.550 11.070 5.61 CHSg 88.7x4 26,40
DSSG 9.480 10.000 7.29 CHS¢ 71.6%3.2 38.10

CONCLUDING REMARKS

Comparing the results in Tables 1 and 2, it shows they are practically of the same order of
magnitude for deflections, but with a lower steel consumption for the RDLG structure. What
needs 10 be however emphasized, is the fact that assembly manpower requirements are markedly
lower in the case of the new solution, which involves fewer standardized subassemblies and are
structurally simpler
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WEB CRIPPLING OF STAINLESS STEEL
COLD-FORMED BEAMS

by
S. A. Korvink' ; G. J. van den Berg’ ; P. van der Merwe’
SYNOPSIS

The results of an investigation on the web crippling strength of cold-formed stainless steel
channel sections are presented in this paper. The stainless steels under consideration are AISI
Types 304, 430 and a modified Type 409, designated Type 3CR12 corrosion resisting steel,

The lipped channel sections were manufactured by a press braking process. Beams were
tested in pairs, lips facing, in an end-one-flange loading configuration.

Experimental results were compared with the theoretical predictions given in the 1991 edition
of the Specification for the Design of Cold-Formed Stainless Steel Structural Members'. It
was concluded in this study that the experimental results compare reasonably well with the
theoretical predictions. For longer bearing lengths the theoretical strengths show 10 be

conservative.
GENERAL REMARKS

The usefulness of cold-formed structural members lies basically in its high strength-to-weight
ratio compared with structural materials such as concrete and timber.

Local instability can occur where members have high width-to-thickness and high height-to-
thickness ratios so that, in designing such members, care should be taken where stresses are
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2. Associate Professor of Civil Engineering, Chairman of Civil Engineering and
Chairman of the Materials Laboratory of the Faculty of Engineering at the Rand
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3 Professor of Mechanical Engineering and Dean of the Faculty of Engineering at the
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excessive.

Such excessive stresses are often induced by point loads, either applied or as reactions. The
use of stiffeners in these cold-formed steel members is more often than not impractical®.
Where such loads are applied to channel sections and other sections with large web depths,
web buckling, web crippling and often a combination of web buckling and web crippling can
occur.

OBJECTIVE OF THE INVESTIGATION

The 1991 ASCE Specification for the Design of Cold-Formed Stainless Steel Structural
Members' makes provision for the design of flexural members against web crippling based
on the 1986 AISI Specification for the Design of Cold-Formed Steel Structural Members with
Commentary’. The 1986 AISI Specification for the Design of Cold-Formed Steel Structural
Members' is a specification which may not be directly applicable 1o stainless steel structural
members. The 1991 ASCE Specification for the Design of Cold-Formed Stainless Steel
Structural Members', however, uses the equations for the evaluation of web crippling loads

from the 1986 AISI design specification. The validity of the 1991 ASCE Specification
needed 1o be researched.

It is clear that', no matter which design specification one refers to for the calculstion of web
crippling loads, the calculations tend to be loaded with constants that need 1o be precalculated
resulting in a tedious design procedure. To assist designers it is therefor necessary to develop
equations that provide a reasonably fast and efficient web crippling check for a small but
important part in the design of cold formed structural flexural members.

THEORETICAL BACKGROUND

The theoretical analysis of web crippling under concentrated loading conditions is very
complex. This can clearly be seen in the literature available on web crippling. Most research
and therefore predictions as well as recommendations have been based on experimental results
resulting in empirical solutions™*™*. These solutions have been generated over a number of
years, initially with the investigations of plates that buckle under in-plane loading conditions.
Further development lead to research in the buckling of beam webs and progressed further
into investigations of web crippling as well as the combined effects of web crippling and
bending of flexural members.

Beams with large plate width-to-thickness ratios are used more generally in the structural steel
industry. When designing for flexure it is more economical to minimise the material in the
web. Because of this trend in the reduction of web material the designer has to focus more
thoroughly on checks for web buckling, web crippling, buckling due to shear, vertical




buckling of the compression flange into the web as well as buckling due to the linear flexural
stress distribution”.

Because of the high strength-to-weight ratio, cold-formed steel sections are ideally suited
where lightweight is of primary importance. This implies the use of thinner sections. The
thinness of sections leads 1o local instability and therefor web crippling as a general problem.

The use of cold-formed steel members has increased due to the high strength-to-width ratio
and stiffness-1o-weight ratio of cold-formed steel compared to concrete, masonry and timber'”.
The analysis of cold-formed steel requires different attention because of high width-to-
thickness ratios that exhibit local instability at relatively low loads, for example loads
transferred from purlins to girders and rafters. Where loads are not transferred evenly into
webs, web crippling failure, either bearing failure or buckling failure, can occur. Web
crippling is caused by high localised stress concentrations, whic